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Abstract.

The purpose of the study described in this thesis was to
investigate Norwegian quick clays. The study was divided into field
investigations of in situ stress measurement (KO) and of failures of
natural slopes, and laboratory studies of physico- chemical char-
acteristics of minerals and soils, and of the behaviour of quick

clays for different types of failure processes.

It was concluded that normally consolidated quick clays
have anisotropic undrained strengths, that in overconsolidated
states they do not have the pronounced strain-sensitive char-
acteristics, whereas when they exist in the normally-consolidated
state they can be very strain sensitive and can be involved in

progressive type failures.
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Chapter 1. Subject Review and Methods of Investigation.

1. Introduction.

e = e e = v -

The title of this thesis requires some explanatory
remarks., First, the term quick clay refers to those clays that in a
remoulded stateé have the consistency of a thick fluid and an undrained
shear strength less than 0.02 t/m2. This definition is in keeping with
the original meaning of the Scandinavian word "kvikk” used to describe
the clay that flowed away from the sites of certain landslides and that
often caused much trouble by ” flowing” into shallow excavations during
excavation. It is these soils, that can become fluid, that will be investig-
ated in this thesis. The more common idea of a quick clay is one having
a sensitivity greater than about 30, and such a definition would include
most ” kvikk” clays, but this definition is unacceptable for this thesis
because it also includes certain very stiff clays that when remoulded
become very soft compared to their undisturbed state, but yet these
remoulded clays are far from being fluid., Second, it might be thought
from the thesis title that quick clay is a species of clay. In fact quick
is a group name that includes clays of different geologic history and
geographical location but having the common characteristic of small
remoulded strength. In this thesis emphasis will be placed on Norwegian
marine quick clays, and therefore most of the conclusions drawn will
apply directly to Norwegian clays, and will not necessarily be applicable
to Canadian and Swedish fresh-water quick clays. Third, the term shear
resistance was specifically chosen in preference to the often-used phrase
shear-strength properties, because of two reasons: (i) shear strength
is generally associated with macro-failure, whereas shear resistance is
a broader term not necessarily related to failure, and (ii) shear strength
is frequently not a property but rather a behaviour dependent on.properties
of the mineral particles but also dependent on milieu (particle arrange-

ment, stress, drainage, etc.).
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In the following sections of this chapter a brief review will be made
of developments of knowledge concerning sensitive and quick clays up until
the time this author began his work in this subject. Finally, an outline
will be given of the program of investigation that was followed and that

provided the information to be presented in the following chapters.

2. Developments up to 1959.

e m e e e - e — - - = e =

By the year 1959 (the time of the Boulder Shear Strength Conference
and also the year of the Furre landslide that led to extensive field and
laboratory investigations in Norway) a great amount of engineering experience
had been gained with soft sensitive clays. Swedish work was outstanding and
provided many of the foundation stones for engiﬁeering design and practice
in soft clays (Bjerrum and Flodin, 1960; and the publications of the Royal
Swedish Geotechnical Institute, Stockholm). Methods were developed for
obtaining undisturbed samples, for measuring what today is called undrained
shear strength but earlier was simply called shear strength, and for calculat-
ing stability. In most cases that were reported, it was found that the strengths
obtained from such tests as the fall-cone, vane and unconfined compression
compared very well with observations in the field of bearing capacity, bottom
heave, and slope failures, and it was therefore thought that the measured

strengths gave a true picture of the soils” strength properties.

Although the strength properties of sensitive clays had been studied
successfully, investigations of quick clays had been largely unsuccessful,
presumably because these clays presented great difficulties in sampling and
testing. However, much attention had always been given to quick clays
because of the devastating landslides that could occur in them. It is
perhaps not surprising that there has never been a lack of hypotheses to
explain the remarkable landslide behaviour of quick clay, these hypotheses
being as varied among the common folk as among men in science. Among
the latter group, for example, it has been thought that quick clay existed as
a fluid trapped beneath a surface layer of stiff clay, and if for some reason

the stiff clay became ruptured, the quick clay would flow out (Reusch, 1901);

/
/

/
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it has also been thought that quick-clay slides were preceded by extensive
internal erosion and that finally the eroded tunnel collapsed, the falling clay
liquified and caused further erosion until the main slide occurred (Terzaghi
and Peck, 1948); and it has been thought that quick clays are similar in
behaviour to very loose sand, and that small disturbances cause the whole
soil fabric to suddenly collapse to become a fluid. The cause of the high
sensitivity and low remoulded strength of Norwegian quick clays had been
shown to be the leaching out of the salty pore fluid (Rosenqvist, 1955). The
fact that leaching also decreased the undrained shear strength of the un-
disturbed clay (Bjerrum and Rosenqvist, 1956) supported the general feel-
ing that marine clays in nature that were subjected to fresh-water seepage
became weaker with time and it was one of the causes of landslides in quick

clays.

Thus, during the years preceding about 1953, most people thought in
terms of undrained shear strength (total stresses). Although this line of
thought had proved successful in many ways, there were weakneéses, and the
most important was the use of undrained strength to estimate the stability
of natural slopes. Here, the method had proved unsuccessful in predicting
failure of several natural slopes and it had given safety factors less than

unity for obviously stable slopes (Bjerrum and Kjaernsli, 1957).

By 1959, following the Conference on Measurement of Shear Strength
of Soils (Londbn, 1950), the Conference on Stability of Earth Slopes (Stock-
holm, 1954) and the International Soil Mechanics Conference in London
(1957), the use of effective stresses to interpret strength tests and to cal-
culate stability had gained general acceptance in principle, due mainly to the
outstanding work of J. Hvorslev, D.W. Taylor, A, Casagrande, A.W. Skemp-
ton, A.W. Bishop and L., Bjerrum. In practice, however, the stability of
soft clays had seldom been calculated by this method and in a review of the
situation, Bishop and Bjerrum (1960) could only list two Norwegian slope
failures that had been investigated in terms of effective stresses, and neither
of these clays were quick. It is of interest that for both cases the ¢’¢’ analyses
apparently accurately predicted unstable conditions, whereas the use of un-

drained shear strength in the s, analysis resulted in safety factors equal to
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and appreciably less than unity. Strength behaviours in terms of effective
stresses of sensitive and quick clays had been extensively investigated in the
laboratory, and the consensus on these results was that the measured be-
haviours of soils in the laboratory were not similar to those in situ. The
reasons given for rejecting the test results were usually that the laboratory
¢’ ¢’ parameters were too large and that they failed completely to predict
the small undrained shear strength measured in the field, and also that the
usual laboratory test procedures caused large reductions of volume and
sensitivity of the test specimens, and these reductions were incompatible
with field evidence. Explanations that were given for these laboratory failings
usually involved sample disturbance (Bjerrum and Simons, 1960), incorrect
stress and strain conditions and the neglect of such factors as rate of strain
(Crawford, 1960), and faulty test interpretation (Kenney, 1960). Thus, in
1959 there was little agreement concerning the magnitude or the method for
measurement of the effective-stress shear-strength parameters of natural
sensitive clays, and there was essentially no favourable experience with the
prediction of stability of sensitive clays through the use of effective-stress

methods.

3. Development in Norway, 1959-1962.

P T I T T T T e e e i

In 1959 a large landslide occurred at Furre, Norway, where a huge
flake of sand slid out along a thin inclined layer of quick clay. This slide was
thoroughly investigated (Hutchinson, 1961) and the results of stability
calculations indicated that the effective-stress shear-strength parameters of
the quick clay were cy = 0, tg Pgq= 0. 12.‘ This result was checked and
apparently confirmed by in situ drained shear-box tests. Concurrently, much
work was being done to study the shear strength of very loose sand and the
results of tests indicated that such sands in drained compression could exhibit
such low values as tg ¢/~ 0. 36 (Bjerrum, Kringstad and Kummeneje, 1961).
These results for clay and sand were considerably smaller than any results
previously obtained, and by using tg ¢’ = 0.12 for quick clay, correct pre-

dictions could be made of the small undrained shear strengths of quick clays
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measured in the field (Bjerrum, 1961).

To supplement these findings the Norwegian Geotechnical Institute
started a detailed program of laboratory testing of a typical quick clay from
Oslo (Landva, 1962; Bjerrum and Landva, 1966). The program first
concerned the development of a number of special apparatus for shear testing
of quick clays; a direct simple-shear device, apparatus for performing
vane tests in triaxial cells, and apparatus for minimizing disturbance during
sample preparation for all types of tests. The testing program consisted
primarily of tests on samples reconsolidated to approximately the vertical
effective stress acting in situ for the condition during consolidation of zero
radial strain (Ko condition). A brief summary of the results of the undrained
(or constant-volume) tests is given below, where s, denotes the measured
undrained shear strength (that is é(ol—a?’) for compression tests, T nax ©%
horizontal planes in the direct simple-shear tests, and T hax in the vane tests)

and P’ denotes the major principal effective stress acting during consolidation.

Results of Undrained Tests on Manglerud I Clay.

Field vane and unconfined compression tests su/P’ =0,13, 0.17

Laboratory Ko-triaxial vane tests su/P’ ~ 0,19
Laboratory direct simple-shear tests su/P’ =~ 0.19
Laboratory K -triaxial compression tests su/P’ = 0.30

These test results were of considerable importance because, for the first
time, laboratory tests on reconsolidated samples of quick clay gave results
of undrained shear strength similar to those measured in the field. The
laboratory Ko-triaxial compression tests remained an exception, correspond-
ing to all previous experience that these tests gave overestimates of S, in
spite of the fact that Landva had made great advances in reducing sample
disturbance in the laboratory and also in spite of the fact that disturbances to
triaxial-cell samples would have affected both the vane and the compression

tests, whereas it appeared to have affected only the compression tests.

N
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When interpreted with respect to effective stresses, these tests did
not give the expected small values of tg ¢’ , similar to those obtained for the
Furre clay. It was found that in the direct simple-shear tests the shear
resistance was increasing when the tests were stopped, at which time
tgp’> 0.3. The Ko—triaxial compression tests gave tg ¢’ = 0.5, as com-

pared to a mobilized tg ¢’ at the end of K consolidation equal to tg ¢’ K =~
o

0.35.

This was the state of knowledge concerning the behaviour of quick
clay when the author of this thesis began work on the subject in 1962, There
appeared to be a large number of consistent facts, but there also existed
some important inconsistencies. First, it was known from field experience
in Norway with excavations and loadings that quick clay could be very weak,
an observation well supported by the slide at Furre and the field-measured
tg Pq = 0.12, but if the drained shear resistance of quick clay was commonly
this small, there would exist only very gentle slopes in quick clay and this
was not consistent with the results of field observations. Second, the
laboratory test data gave a very inconsistent picture; the undrained tests
indicated that the quick clays were very weak, whereas with respect to
effective stresses the shear strength parameters indicated strong soils,
Third, the results of the Ko-triaxial consolidation tests indicated that
(i) the shear stresses during consolidation were larger than those measured
at failure along horizontal planes in direct simple-shear tests and were also
larger than those measured in vane tests after Ko consolidation, and (ii) the
value of mobilized tg ¢ during Ko consolidation of a quick clay was very much

larger than the drained failure tg ¢ reported for the Furre clay.

4. Methods of Investigation.

The plan that evolved for continuing the investigation of shear resis-
tance of natural quick clays was essentially to study separately the points of

inconsistency listed above.
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‘o
(consolidated for zero radial strain) is more stable than a sample exper-

1. K_-consolidation. A sample existing at KO conditions

iencing shear deformations after Ko consolidation. The idea was that natural
quick clays have experienced Ko consolidation and therefore the mobilized
shear resistance during consolidation could be used as a minimum measure
of the shear resistance of the clay. Hence, tg PK o mobilized during Ko
consolidation should be less than tg ¢’ at shear failure, and also the maximum
shear stress during consolidation should be less than the shear strength of

the soil after KO consolidation. If Ko was found to be large and approaching
unity, this would indicate the possibility that tg ¢’ and su/P’ were small,

but if KO was small this would indicate that .both tg ¢’ and su/P' were large,

2. Slope failures. The shear resistance of quick clay could be

directly studied by investigating slope failures in quick clay, and by con-
sidering these failures as large field tests. Time was not available to

extend this study to include stable, natural slopes.

3. Strength properties of minerals. In order for clays and sands

to exhibit small - drained shear resistances, it is necessary that one
of the constituent minerals, or the mineral mixture, or either of these in
combination with the pore fluid, should exhibit small drained shear strength.
‘Therefore, tests were performed to determine the strength behaviour of
minerals and mineral mixtures in drained shear tests and in consolidation
tests, and also to determine the influence of certain natural system changes,
such as a reduction of ion concentration in the pore fluid and the replace-

ment of exchangeable cations.

4. Interpretation of tests. Considerable differences of behaviour

were measured for supposedly identical samples tested in different apparatus.
If the samples were in fact identical, their properties would also have been
identical, and the measured behavioural differences would be due to differ-
ences of conditions of testing. Therefore, the various methods of testing
were studied and compared to find any major differences between them and

to determine how these differences would affect soil behaviour. Sample

disturbance was also considered.
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These four points will be dealt with in the following four chapters.

Sites from which 'samples were obtained for testing and at which field

tests were made are located in Fig.1-1.
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Chapter 2. Measurement of K. for Sensitive and
Quick Clays, in the Laboratory and
in the Field.

1. Introduction.

K, is defined as the ratio of the radial to axial principal stresses
for the condition of zero radial strain in a soil element; that is,
Ko = O‘r’ /oa’ . This condition corresponds to the compression of a horizontal
semi-infinite soil mass when loaded vertically over the whole horizontal
surface, and in nature corresponds to the environment of clay elements
during deposition and beneath extensive terraces after deposition. The K.
condition is also the stress condition of maximum stability for a normally-
consolidated soilx)and in this condition the maximum shear stresses acting
within an element should be a minimum measure of the maximum effective-

stress shear strength parameter: that is

(o -a.) 1 -K

—_—2 X . —2 sin ¢., < sin ¢’ 2.1
AR 1+Ko Ko max ‘

YV 'r

where ¢KO is the mobilized angle of shearing resistance for KO conditions
and go]’max’ is the maximum angle of shearing resistance for macro-shear
failure conditions. Similarly, the ratio of the maximum shear stress to the
maximum axial effective stress existing during consolidation should also be
a minimum measure of the ratio of maximum shear strength (drained or

undrained) to consolidation pressure; that is,

1

E(Ua’or) T ’ S

—_— =%(1-K). __m,_a_z;_ <__r_n_a73{_ 2.2
o, o P Ko P

The above statements are correct but the problem is not as clear
and as simple as might be implied by equations 2.1 and 2.2, First, in

equation 2.1 the term angle of shearing resistance ¢’ has been used in the

x) Strictly speaking, more stable conditions could be obtained by increasing
‘the radial stress after which the element would still be in a normally-

consolidated state.
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most general sense to include all shear strength components, be they
friction, cohesion and/or dilatancy. Thus the term ¢’ does not denote
only a frictional property. Second, in equation 2.2 comparison has been
made between maximum shear resistance mobilized during Ko con-

solidation (7 ) and maximum shear strength developed at macro-

max, Ko
shear failure (smax); It will be discussed in detail in following sections of
the thesis that mobilized shear resistance and shear strength are not soil
properties but are soil behaviours, the difference being that a behaviour is
dependent not only on soil properties but also boundary stress, strain and
drainage conditions. Hence, if on a system of parallel planes through an
element, maximum shear strength S ay 1S strongly dependent on cement-
ation bonds between particles and these bonds are easily broken, it follows
that if failure occurs on these planes the cementation-bond component
throughout the element will decrease and hence the maximum shear strengths
that can be later developed on any other planes will be less. This point can
also be shown by considering the effect of strain on pore pressure and the

pore-pressure effect on strength on planes of different inclination. There-

fore, although equation 2.2 is correct in stating that:

s
T Una
p o P
it does not follow that (Tmax)Ko < s on any plane within the element.

The main purpose of thevKo investigation was to attempt to
determine whether KO for quick clays was large or small, If K0 was
found to be large (small shear stresses within the soil) it would indicate
that the small value of tg ¢’ reported for Furre clay could be correct. A
large Ko~value would also be consistent with small measured values of
su/P’ . On the other hand, if Ko was found to be small, similar in
magnitude to K_ = 0.5 measured by Landva (1962), it would indicate that
tg (PKO =~ 0.35 and ('rmaX/P’) K~ 0.25, values appreciably larger than
those thought to be correct for quick clay, and therefore it would indicate
that the problem was rather more complex than generally thought and that
it probably involved measured behavioural phenomena rather than property

phenomena.
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The KO investigation involved three types of measurements;
laboratory Ko-triaxial consolidation tests, laboratory Ko-consolidation
tests with rubber membranes reinforced with a spiral winding of electric-
resistance wire, and field Ko measurements with a pipe instrumented with

gauges that was installed in the ground at three sites.

2. _KO-Measurement with Standard Triaxial Apparatus.

The test method that was used was one reported by Bishop (1958),
where a sample was stressed by increasing the cell pressure (radial stress)
in increments and increasing the vertical pressure (axial stress) for each
increment such that the average cross-sectional area of the sample remained
constant and therefore radial strain was zero. This meant that the ratio of
the volume of expelled water to the change in sample height remained constant;
that is, AV/Ah = Area = constant. This test has obvious failings;
increases of radial stress will primarily cause decreases of sample area,
whereas increases of axial stress will primarily cause increases of sample
area, and if the radial stress is increased too rapidly the area will decrease,
whereas if the axial stress is increased too rapidly the area will increase,
both these errors violating the zero-radial-strain condition for Ko testing.

In practice these errors are minimized by using small stress increments.
For his work, Landva had used from 2 - 4 radial-stress increments of

Aor = 0. 2 kg/c:m2 to reach the desired level of consolidation stress. As a
possible improvement over this method, it was decided to use smaller stress
increments beginning at Aor = 0.05 kg/cmz, but later these were reduced to
Aor = 0.025 kg/cmz. This value is very small, but also the overburden
stresses acting in situ on the samples that were tested were small, being

Po’ = 0.5 kg/cmz, and most of the Ko testing work was done at stresses
approximating P . For those tests in which O'a’ > > PO’ , the Aor increments

were increased as the test progressed.

All the soils that were tested were undisturbed clays obtained from
the field with 9.5 cm diameter piston-sampler equipment. The samples were
1 metre in length and as standard practice 10-15 cm of soil at each end of

the sample was discarded to avoid possibly disturbed soil. An extremely
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critical attitude was taken towards sample acceptance and much material
was discarded because of obvious or suspected disturbance, determined by
frequent measurements of strength and sensitivity with drop-cone tests.
Specimens 8 cm high and 10 cm? in sectional area, were prepared and
installed in the triaxial cells by means of special apparatus (Landva, 1964),
without which undisturbed samples could never have been obtained. The
undrained strengths of most of the materials that were tested were less than
1.5 t/mz, with sensitivities frequently greater than 100, and these properties
left very little margin for error in laboratory work. Each sample was
surrounded by slotted paper drains that covered 257% of the peripheral area,
and by two thin rubber condoms. Because small cell pressures were used
and because the rubber membranes were of excellent quality, no significant
membrane leakage was obtained even though some tests lasted longer than

40 days (see also Olson, 1964 ; Poulos, 1964).

During the first tests, in which the first cell pressure increment
was 0.1 to 0.2 kg/cmz, it was found that relatively large volume changes
occurred (AV/V > 1%) and that in attempting to keep the ratio AV/Ah equal
to a constant, large axial stresses had to be applied and as a result some of
the samples failed. It wad soon realized that the large volume decreases at
pressures equal to a small fraction of the overburden pressure could not be
a reflection of the properties of undisturbed clay but rather must have been
the result of disturbance. The samples were checked and were found not to
be measurably disturbed, leaving only the possibility that a thin zone
surrounding each sample had been disturbed due to the cutting operations
involved in sample preparation. Such a thin zone of disturbed quick clay
could easily provide 1% volume change at small cell pressures, as shown
by the typical compressibility characteristics of quick élay given in Fig.2-1,
and the expulsion of this water at small cell pressures would not materially
affect the volume of the inner body of undisturbed clay. However, in attempt-
ing to keep the sectional area of the sample equal to the initial area, the
inner body of undisturbed clay had to experience radial strain (see upper
diagram in Fig.2-1) and as mentioned above these radial strains were some-

times large enough to induce shear failure of the sample.
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Following this experience the standard test procedure that was
adopted was as follows. The sample was consolidated under a series of
cell pressures, usually beginning at 0. = 0.05 kg/cm2 and increasing in
increments of 0.025 to,0.05 kg/cm2 up to a cell pressure of from 0.10 to
0.20 kg/cma. Volume-change and height-change measurements were made
and this procedure was stopped when the volume changes became small,
most of the water being expelled during the first few applications of cell
pressure. New dimensions of the sample were determined; hi = ho-Ahc,
A, = (VO-AVC)/hO-AhC) . The cell pressure was then increased in incre-

1
ments of 0.025 to 0.05 kg/cm2 and the sectional area was maintained equal

to A, (l~f 0.001), this corresponding to a radial strain of + 0.5x 10_3. To
simplify the test, use was made of the following relationship.
AV = A.h,-Ah
i ‘
+
= Aihi'Ai(l~' O.OO})V{.h_i-.Ah) ’
~T0.001 A +A AL L. 2.3

This relations'hip can be drawn as three parallel inclined lines in a AV, Ah
diagram, two lines giving the allowed deviation limits and the centre line
describing the condition of A = Ai' If the measured values of Ah and AV
plotted off the centre line, it meant that either the cell pressure or the axial
load had to be increased. This procedure was easily followed but the work

involved was tedious and the tests frequently lasted more than one month,

Typical results are given in Fig.2-2 and information concerning
these tests and the soils tested is given in Table 2-1. Each set of informat-
ion in Fig.2-2 is given by two diagrams, the upper diagram being a plot of
the principal stresses oa’ and 01_’ and the lower diagram being a plot of axial
stress and axial strain (also volume strain). The first figure is a typical
test result, chosen to indicate the manner in which the stresses and strain
changed. It was found typical that at stresses less than ca. 1. SPO’ , the ratio
Aor’ /Aoa’ was considerably larger than at stresses greater than ca. 1. SPO’ .
The second figure indicates the effect on the ratio of the principal stresses,
Ur’ /aa’ = K, by changing the sectional area by +0.1%. It is shown that at

stresses considerably larger than PO’ , area variations have little effect on
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K for this soft clay. The effect at stresses less than PO’ has not been

measured but it could be anticipated to be larger.

The third and fourth figures present results typical of tests performed
on Manglerud III and Drammen clays. In all tests KO decreased with increas-
ing stresses to values equal to or less than 0.5, and for larger stresses
remained equal to KO =~ 0.5, independent of volume changes. In looking at
these drawings it can be seen that the KO- portions of the tests were started
when the samples were experiencing large or’ /Po’ isotropic stress, and that
the test method could have been improved by first decreasing the cell
pressure to about zero after the disturbed soil was initially consolidated, and
from this stress condition beginning the Ko test. This would have altered
considerably the resulting stress paths in the small-stress range but prob-

ably would not have altered the results in the large-stress range.

The most important result of these tests was that reconsolidated
Manglerud III clay, with St = 50, gave the result Ko < 0.6, a result essent-
ially equal to that found by Landva using much cruder testing methods. This
result was also obtained for reconsolidated insensitive Drammen clay
(St = 10), in spite of the fact that the soils were quite different with respect

to plasticity and behaved rather differently with respect to compressibility.

Although the tests on quick clay were consistent, there were un-
answered questions concerning effects on the behaviour of quick clay of field
sampling and volume decrease during reconsolidation in the laboratory.
Could such factors as these affect the clay samples in such a way that their
in situ behaviour could not be reproduced in the laboratory? Rather than
first trying to answer this question by atfempting to obtain even better
samples from the field and performing the tests even more accurately, it
was decided to obtain samples of a natural insensitive salt clay that was
normally consolidated,and to convert this clay to a more sensitive clay, hope-
fully a quick clay, by leaching it with fresh water (Bjerrum and Rosenqvist,
1956). This approach would circumvent most of the uncertainties concerning
sample disturbance during field sampling and laboratory handling and recon-
solidation. To pursue the program it was necessary to use apparatus with

which the sectional area could be maintained constant, the radial stress
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could be determined, and the sample could be leached by a flow of water.
Although the triaxial apparatus could have been used for this purpose, the

test accuracies would have been very poor if the previously described

triaxial pfocedure had been followed, simply because the volume-changes
could not have been measured accurately enough. Therefore, a new apparatus
was developéd, and it will be described, along with the i:’e‘st results, in the

following section.

3. _g(o-Measurement with Reinforced Rubber Membranes.

Apparatus.

For use with the NGI direct simple-shear apparatus there had been
developed a rubber membrane reinforced with a spiral winding of fine suture
wire (Landva, 1962). The idea that was pursued by the author was to replace
the suture wire by electric-resistance wire and to convert part of this spiral
winding into an electric-resistance strain gauge that could be used, by direct

calibration, to measure radial stresses.

A brief description will first be given of the test arrangement; it
was similar to that shown in Fig.2.4. The soil sample, enclosed within the
reinforced rubber membrane and two end pieces containing porous plates,
was placed in a consolidation press having\a gu_ided loading plate; this was
necessary because the membrane had no resistance to lateral deformation.
The consolidation press was located on a table that stood 1 metre above
floor level. The end pieces had pairs of tubes leading to the porous plates.
A flask containing the fluid that was to be permeated through the sample was
‘connected to a tube leading to the upper end piece and the fluid level in the
flask was kept between 1 and 2 cm above the clay sample. A tube from the
lower end piece was allowed to hang to the floor and when filled with water
provided a seepage head of 1.2 metres. Seepage water was collected in a

flask. The thicknesses of all samples were about 20 mm, and the sectional

2
area was 50 cm .

The most difficult task was to construct a suitable reinforced

membrane. The requirements for the membrane and its associated strain-
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measuring equipment were (i) that the membranes allow only small radial
strains, the tentative maximum value being set at about 1 x 10'3 (compar-
able to the apparent accuracy of the triaxial-cell K tests where the allow-
able radial strain was set at £ 0.5x10 3), (ii) that the membranes be capable
of reacting to changes of stress less than 0.01 kg/cmz, and (iii) that the
whole measuring apparatus remain stable (no change of zero reading and no
change of membrane calibration) over time intervals of months while the
membrane was in contact with clay saturated with pore fluid that could vary

from salt water to fresh water.

The final product is shown in Fig.2-3. The membrane consisted of
an inner impervious rubber layer consisting of two thin layers of prevulcaniz-
ed latex and a middle layer of vulcanized butyl latex, that is very impervious.
Over this inner layer was wound a pair of constantan electric-resistance
wires 0.15 mm diameter, and to obtain an electric strain gauge over the
middle 10-mm height of the winding a b1f;1ar winding was made by joining
with solder the two wires at one end of the gauge section and by fastenmg
copper leads to each of the two wires at the other end of the gauge section.
These operations were done before the wire was wound over the rubber in
order that the soldered junctions could be carefully painted with insulation
lacquer and that the insulation on all the wire could be accurately checked
for weaknesses and repaired if necessary. The outer rubber layer of pre-
vulcanized latex was then built up over the windings. The reason for using
different types of rubber was to eliminate the serious problem of short
circuiting due to water entering the rubber by diffusion. (In all tests the
water pressure in the clay was zero, or negative due to suction, except for
short periods of time following load increases). The problem of water
diffusion could not be solved by improving to the greatest of our ability the
insulation lacquer on the wires. Therefore, the inner rubber layer was

-12

made as impervious as possible (0.8x10 cm4/gm. sec) to prevent as

much as possible the movement of water from the soil into the rubber,
whereas the outer layer was made as pervious as possible (> 30 x 10712
cm4/gm. sec., or greater than 40 times as pervious as the inner layer) so
that, in combination with a drying agent (silicagel) placed outside around the
membrane and that maintained a relative humidity of about 9%, any water

passing through the inner layer would be rapidly withdrawn from the rubber
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in contact with the wires without being able to have any short-circuiting

effect.

The measuring system consisted of a standard electric strain indicat-'
or (used commonly with commercial electric-resistance strain gauges) that
formed a bridge when connected with the active membrane containing the soil
sample and a passive or dummy membrane (@ien, 1962). Connected in
parallel with the active and passive membranes were condensers. The vari-
able condenser in parallel with the dummy membrane was used to balance out
inequalities of capacitance that would otherwise have caused electric resis -
tance due to impedance and not due to strain in the membrane wire, and also
to measure changes of capacitance during the test. Water diffusing rapidly
from the sample into the membrane would.cause a sharp increase of the
capacitance of the active membrane, indicating the possibility for short-
circuiting, and therefore any membrane that exhibited marked increases of
capacitance shortly after the sample was installed was rejected and the tests
were stopped. The measuring system was sensitive to temperature changes
and therefore all tests were performed in a room having a temperature of

21.5 1 0.3°C.

Although the membrane acted as a strain gauge (the strain indicator
registered directly in micro-strain units), radial stresses were determined
from pressure calibrations of the membranes, account necessarily being
taken of narrowing of the gauge section due to axial strain € of the sample

by using the equation:

O = Urcalib./(l"ea)

The calibration apparatus (Fig.2-3) consisted of a cylinder having a thin
rubber sleeve, against which known water pressures could be applied. The
membranes to be calibrated had essentially no strength in their axial
direction (only the strength of the rubber) and at small pressures they would
fail locally, a bubble forming between two wires at the weakest point in the
rubber. To prevent the membrane from deforming axially in this manner,a
band of abrasion cloth, slotted vertically so as not to hinder the deformation
of the inner rubber sleeve, was placed between thev sleeve and the membrane

and the abrasion cloth prevented the membrane from locally deforming in the
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axial direction. B_gfore each calibration test the membrane to be caiibrated
was loaded to the maximum operating I;ressure (1.4 kg/cmz) ‘and unloaded
at least 20 times in order to minimize hysteresis behaviour. The membrane
was then removed from the calibration apparatus by means of a vacuum
cylinder and transferred to the sample to be tested. The membrane was not
removed from the vacuum cylinder between the time of calibration and the
time of sample preparation because handling it would have caused disturbance
of the windings and changes of membrane temperature and thereby changes

of the zero point.

The general method of preparing a sample has been described by
Landva (1962) (Fig.2-4). It consisted of using a cutting ring guided on two
vertical rods on which the vacuum cylinder for the rubber membrane also
could be mounted. The sample was first cut to the correct size by means
of the cutting ring, the ring was then drawn up, and finally the membrane
was drawn up over the sample. During all operations membrane-strain

measurements were observed to check if the membrane was being altered.

The sample preparation apparatus and the membrane vacuum cylinder
were built with small tolerances (f 0.015 mm). The membranes could not be
made with similar tolerances. Therefore there is little doubt that slight
surface disturbance of the sample occurred during mounting of the membrane,
and this disturbance could have been additional to some surface disturbance
that no doubt was caused by the cutting ring. Therefore, the net result was

a sample similar to that in the upper diagram of Fig.2-1.

A typical test result is given in Fig.2-5. It should be noticed that
the apparatus remained stable under variable stress conditions over a long
period of time during which the pore fluid in the clay sample was changed
from salt water (excellent short-circuiting properties) to essentially fresh
water (poor short-circuiting properties). The effect of changes of electrical
conductivity of the pore fluid on the behaviour of the membrane was investigat-
ed very‘thoroughly, and the results of typical tests are given for the time
period Day No. 147 to 199. It is shown that changes of fluid in contact with
the unstressed membrane had no measurable effect. With this in mind, it is
of interest to note the membrane strain measurements after Day No.48 when

leaching was begun. The strain measurements increased, indicating larger
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measured electric resistances, andthese couldhavebeendue to short-circuiting
caused by the salt water, except that in the later membrane tests the mem-
brane had been found to be stable for changes from fresh to salt water.
Concerning the sensitivity of the membrane to register changes of radial
stress, it will be noticed that close to Day No. 70 two small changes were
made of suction applied at the base of the sample (0.04 and 0.02 kg/cmz)

and easily-measured changes of membrane strain were obtained.

One characteristic of the membrane that has not been mentioned is
its resistance to axial compression; that is, the amount by which it reduced
the axial load on the soil. No method was found whereby this resistance
could be directly measured, and the corrections that have been made were
based on calculations in which the elastic modulus of rubber was chosen to
be 18 kg/cmz. For the soils dealt with in this thesis the correction to the

applied axial stress was never larger than -5%.

Results of tests on Skdyen clay.

- e e e e e e e - — - ==l

Skdyen is located at sea level on the edge of Oslofjord. The clay
at this site is post-glacial in age, extends to depths of 25 metres below sea
level and is a normally-consolidated and unleached clay with a pore fluid
containing 27 to 32 gm equiv. NaCl/litreX.) Some of the properties of the clay
are given in Table 2-2 and summarized below.

w = 40% WLzSZ sz24

ILzO.S St=5

The soil consists of 50-60% by weight quartz and feldspar and the remaining
minerals are hydrous mica and chlorite divided as a 2:1 ratio. The soil

profile at Skéyen has been reported under the name Skabo by Kenney (1964 )

x) In addition to sodium chloride there are also magnesium, calcium and
potassium salts dissolved in the pore fluids of Norwegian clays. Rather
than chemically determining their concentrations, the specific electric con-
ductivity of the pore fluid is measured, and a salt concentration quoted for
the fluid an equivalent concentration of NaCl/1 that possesses the same
specific electric conductivity as the.natural pore fluid.
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and a detailed study of the profile has been made by Ltken (1966).

The purpose of the tests on Skdyen clay was to begin with a natural
salt clay, to leach it in the laboratory in the hope that a quick clay could be
obtained, and during these ptocesses to follow any changes of the radial
stresses. It was expected that K _ for the sélit“'chlay would be about 0.5 but
the question remained as to how much K would change due to leaching.
Four tests were performed, the samples being leached at pressures lower
than, equal to, and greater than Po’ . A typical result is given in Fig, 2-5,
The sample was put into the testing apparatus and was subjected to a very
small axial stress until it was certain that the Ko-membrane and the other
electrical equipment were functioning properly. Axial loads were then
applied at intervals and the axial compression and membrane strain were
measured. At an axial stress of 0.42 kg/cmz (Oa’ /Po’ ~ 0.4) a seepage
flow of salt water was begun through all the samples. The axial loads were
then increased at time intervals of about 1 week until the axial stress was
reached at which the sample was to be leached. Before leaching began each
sample was allowed to stand for 2 weeks in order that the secondary-
compression characteristics could be determined. The seepage water was
then changed from 27 gm/1 to 0.5 gm/1 and seepage at constant axial stress
was continued until the volume of leachate was at least 5 times greater than
the pore volume of the sample and until the measured salt content of the
leachate was less than 1 gm/l. Axial loading was then resumed and finally
the samples were unloaded, removed from their membranes and routine

tests performed.

An important detail concerning leaching was found in earlier tests,
and that was that seepage water will always attempt to follow the more open
zones in a sample and that these open spaces will be rapidly leached. The
leachate will therefore often indicate small salt concentrations even though
the concentration in the soil is considerably larger. Therefore it is necessary
to have large seepage volumes, or more correctly to use much time, when
leaching clays in order that salt located away from the more open seepage
zones has the opportunity to diffuse towards the water of lowest salt con-

centration.
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The results of the tests are given in Table 2-2 and Fig.2-6, plotted
in the form of a principal-stress diagram and a compression diagram. In
the stress diagram it will be noticed that, for conditions of leaching at con-
stant stress over time periods approaching 2 months, all tests indicated
small increases of or’ and Ko but in no test did K0 exceed 0.6. From the
result of test No. 222, given in Fig.2-5, it can be concluded that a major
part of the increase of Ko is directly due to the reduction of salt concentrat-
ion in the pore fluid. The effect of leaching on the plasticity and undrained
shear strengths of the samples is given in Table 2-2. The sensitivities of
samples 222 and 224 were appreciably increased, being greater than 20
after the tests as compared to 5 before the tests. Although leaching pro-
duced very sensitive clays, it did not produce anything comparable to a
typical quick clay. Thus, the conclusion that can be drawn is that for very
sensitive clays formed by laboratory leaching, K, < 0.6, with little change

of Ko occurring during leaching.

Results of tests on Drammen clay.

B T T I T T T e e

These test results are presented in Fig.2-6 to indicate the manner
in which Ko changes with time for conditions of constant axial stress for a
normally consolidated clay that exhibits pronounced secondary compression.
The clay is an insensitive salt clay from Drammen and some of its classificat-
ion properties are given in Table 2-2. The test results indicate that for the
salt clay K = 0.5 and that during rest periods of constant axial stress when
large secondary compression is occurring, there is only a very slight
tendency for KO to increase. This information is given as evidence (but not
as proof) against the possibility that slow secondary settlements will lead to, -
or are manifestations of,important increases of radial stress and Ko with

time.

4, I_io Measurement in the Field.

The picture that developed from the laboratory measurements of
Ko was that Ko ~ 0.5 to 0.6 represented the range of values that could be
obtained in the laboratory for reconsolidated quick clays,‘ insensitive salt

clays, and very sensitivé leached clays. Although the results were very
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consistent and reproduceable, there were shortcomings in the test pro-
cedures and apparatus and also there was the important question of the
effect of geologic time, a factor that could not be studied in a laboratory.
The alternative and quite different method was to attempt to measure in the
field, with‘ the use of some measuring device, the in situ horizontal stresses
in clay deposits. Because the main interest was in quick clays, the first 3

sites that were investigated were in quick clays.

Apparatus.

The main requirement of the measuring device was to measure total
horizontal earth pressures and water pressures at various depths in a clay
deposit by installing the apparatus in the ground without disturbing the clay
or altering the in situ stress condition. As it was impossible in practice
not to disturb the clay, an apparatus was sought that would cause as little

disturbance as possible.

Many ideas were considered, among which was the use of a single
plate instrumented with pressure gauges that would be thrust vertically into
the ground; this would have been a displacement device. Another idea was
to use two instrumented plates forming the sides of a narrow box in which
would be installed cutting blades and a flushing system; this would have been
a non-displacement device. The idea that was finally adopted was the result
of field experience with the installation of large open pipes in quick clays for
the purpose of casting in place large-diameter concrete piles. On one such
job these open pipes were to be installed close to existing buildings founded
on footings and there was some concern that the pipes would displace the
clay outwards, causing disturbance to the quick clay and settlement of the
buildings. To‘study- the problem a metal plate in the form of a ring was
placed on the ground surface, and a small plate was placed inside the ring.
The pipe was then allowed to sink into the soil between the plate and the ring.
Level measurements on the two plates indicated that there was no measur-
able heave outside the pipe, whereas a large heave occurred inside the pipe,
as a result of the entry of a volume of clay equal to the volume of the pipe.
This experience'indicated that an instrumented open pipe would not act as a

displacement device and would in all probability cause as little disturbance to
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the clay as more complicated and costly instruments.

The finished instrument is shown in Fig.2-7. It consisted of steel-
pile sections, Krupp KP 24, 47 cm wide, 1.5 to 3 metres in length and
bolted together to give as even an outside surface as possible. The bottom
edge of the pipe was bevelled so that soil would be cut and pressed into the
pipe rather than to the outside. On the flat surfaces of the pipe were in-
- stalled earth-pressure and water-pressure gauges of the type shown in
 detail in Fig.2-7 (@ien, 1962; Bjerrum, Kenney and Kjaernsli, 1965). The
gauges contained vibrating-wire strain gauges, and measurements were
taken electronically from the ground surface by means of a frequency counter.
The earth and water pressures were determined from the frequency measure-

ments by using the results of pressure calibration tests on the gauges.

Similar to all mechanical gauges, the accuracy of the vibrating-
wire gauge depends on the stability of the zero-pressure reading (zero
reading) and on the stability of the slope of the calibration curve, in this
case a curve of frequency against applied pressure. Experience has indicat-
ed that the slopes of the calibration curves for these gauges are very stable
and significant variations have only been obtained when the membrane of
the gauge has been damaged (@ien, 1962). However, with the gauges used
for the Ko-instrument, and more specifically, with the gauges that were in
contact with quick clay (earth-pressure gauges), there occurred important
changes of the zero reading. From the gauge readings taken when the pipe
was in the ground (these readings will be dealt with in detail in a later
section), it was found that the measurements varied smoothly with time with
no sudden changes, and therefore it was possible to conclude that the zero-
reading changes did not occur abruptly during the measurement period.
There are three likely possibilities of when the changes did occur: (i) the
zero readings could have changed suddenly when the pipe was installed in
the ground, or (ii) suddenly when the pipe was withdrawn from the ground,
or (iii) they could have changed gradually during the measurement period.
Because the cause of the zero-reading changes is not known it is impossible
to conclude when the changes occurred, but it is perhaps most probable that

the changes occurred gradually rather than suddenly.
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At all three measurement sites the water-pressure gauges did not
perform entirely satisfactorily due to the fact that they were not successfully
saturated before the apparatus was installed in the ground. As shown in
Fig.2-7 there "exists an open space between the gauge membrane and the
filter plates and any air trapped within this space and within the filter plates
would act as a damper on the performance of the gauge, the air being com-
pressed for increases of water pressure and expanding for decreases of
water pressure. This would lead to underestimates of the correct water
pressures during periods when the measurements indicated increasing water
pressures, and to overestimates during periods of measured decreases of
pressures. During periods when the water-pressure measurements are
constant the measured pressures are equal to the actual water pressures in

the soil.

Although the apparatus was built to measure in situ stresses for
conditions of zero deformation, unavoidable disturbance of the soil along the
surface of the pipe will always cause the effective stress transmitted against
the measuring device to be smaller than the original in situ horizontal
effective stress for the case of the measuring device not displacing the clay
outwards. The effect of clay disturbance is indicated in Fig.2-8. Element
A is located at a sufficient distance from the pipe to be completely unaffected

by it, and it follows that the horizontal effective stress acting on element A

” is the stress that we wish to measure. Element B is located at the surface
of the pipe, and the total earth pressures transmitted by this element and the
water pressures in this element are those measured by the gauges on the pipe.
Two conditions will be considered, the first of which is that there is zero
disturbance of the clay in contact with the pipe. In this case element B has
not been affected by the pipe and the stresses acting in it will be exactly
equal to those in element A. Therefore the pressure measurements made on
the surface of the pipe at element B will be equal to the true in situ stresses.
In the second condition a zone of completely remoulded quick clay (fluid ) is
formed at the surface of the pipe. At time zero, immediately after the pipe

is placed in the ground, the effective stresses in this zone are equal to zero
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and the total stress is taken by pore-fluid pressure. Thus, at time zero in

the stress-time diagram, G'B is equal to zero and up = 0B> O’A because:
> R
up — ysh (from field measurements presented in the following

sections)
A Yo + Ko("vs'\{w)h

Y - (1-K_ ) (v -y, )h

33

and g

where y_ and Y, 2re the densities of soil and water, and h is the distance to
the ground surface. With the passage of time the water pressure at element
B decreases due to drainage until ultimately it becomes equal to the original
water pressure before pipe installation. Also, as the result of drainage, the
remoulded clay around the pipe consolidates and the undisturbed clay adjacent
to the remoulded clay swells, and because these are radial strains the hoop
stresses in the undisturbed clay that swells will increase and the radial
stress transmitted to element B will decrease. This phenomenon is common-
ly called arching and it causes the ultimate values of op and oB’ to be smaller
than 0, and 0,’, and therefore the values of earth pressure measured on the

A A
surface of the pipe will be smaller than the original in situ values.

From these considerations the following conclusions can be drawn.

" Because it is inevitable that some disturbance of the clay in contact with the
pipe will occur, any radial effective stress measured on the surface of the
pipe will be smaller than the original in situ value. It can be anticipated that
if the thickness of the remoulded zone is very small, the excess water pres-
sures will dissipate rapidly, the radial effective stress will increase rapidly

’

to its ultimate value, and the underestimation of the true 0. will be small.
Thicker. zones of disturbance will lead to larger underestimates of true Ur’
Another conclusion is that soil disturbance leads to reconsolidation and to
radial strains, violating the definition of Ko conditions. Because soil
disturbance certainly occurred during the installation of the pipe at the 3
sites to be described in the following sections, the ratio of radial to vertical

effective stressesr;vill ‘be referred to-as K, rather than KO.
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Measurements at Ttnsberg.
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General. The test site at Tonsberg was a flat, low-lying area
slightly above sea level at the base of a steep, open-jointed rock escarp-
ment (see photo in Fig.2-7). A typical soil profile is gi\}en in Fig.2-9; the
clay is quick, slightly plastic (Ip =~ 159%) and has large water contents. The
surface weathered zone is not much more than 2 metres thick and the under-
laying clay has an undrained shear strength of less than 2 t/mz. Two piezo-
meters at depths of 4 and 12 metres indicated the existence of overpressures
and these probably were the result of water pressures in the rock being trans-
mitted to the clay. The existence of water overpressures is also an indicat-
ion that the clay exists today at reduced vertical stresses compared to the
stress conditions shortly before the area was isostatically raised above sea

level.

The locations of the instruments on the pipe are shown in F1g 2-9.
Each gauge level was 25 cm from the end'of the pipe sectlon to which the
gauges were fastened and gauge level A was 25 cm from the bottom end of
the pipe. Four earth-pressure gauges were mounted at levels A and C to
investigate if equal pressures acted against the four sides of the pipe. Two

water-pressure gauges were mounted at levels B and D.

A pit about 1.5 metres deep was excavated into the surface
weathered clay and water flowed freely into the excavation through cracks
to a level 1.2 metres from the ground surface. A ring and a plate were
placed in the excavation and level measurements were taken to check the
surface movements of the clay. The pipe was brought into place by a crane
and allowed to sink into the ground by its own weight, which it did except for
the final 2 metres when the weight of 3 men was used to keep it in motion.
It stopped abruptly when it contacted a silty or sandy layer. The whole
descent was completed within one or two minutes. Elevation determinations
showed that the ring outside the pipe had not moved and that the plate inside
the pipe had risen, the volume of additional clay in the pipe being within 5%

of the estimated volume of the pipe, gauges and cables.

Readings of the gauges were taken before the pipe was lifted into

the air and also when it was hanging vertically in order to check that all the
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gauges were operating and that there had been no change of the zero-pressure
readings. After the pipe was in the ground, frequent measurements were
taken during the first few days, after which readings were taken less frequent-
ly. At the conclusion of the measurement period the pipe was extracted and
the gauges were recalibrated. The slopes of the calibration curves were:
found to be unchanged but zero-pressure frequencies had changed, and these
frequency changes are listed in Table 2-3 together with their corresponding

pressure changes.

Water-pressure measurements. As can be observed in Table 2-3

the water-pressure gauges remained stable and there was no problem in
interpreting the readings. The pressures are plotted against time in Fig.2-9.
During the first few days the pressures increased and then they decreased,

in marked contrast to the earth-pressure measurements that began as large
values and decreased steadily with time. The water pressures in fact must
also have begun as high values, due to the soil disturbance resulting from

the insertion of the pipe, but the response lag of these gauges was no doubt
caused by the gauges not being saturated before installation, Of interest is
the observation that the water pressures had about reached equilibrium 10

days after the pipe was put into the ground.

The final water pressures measured at the surface of the pipe have
been plotted together with the measurements made with piezometers U.1 and
U.2 to give a water-pressure profile of the site. The distribution is.called
Case 1 and is denoted on the drawing by u 1. A second distribution, Case 2,
has been drawn for water pressures increasing hydrostatically from the
ground surface, this corresponding to the conditions at the site prior to
emergence from below sea level and prior to the existence of post-consolidat-

ion overpressures as found today. This is denoted by u 2.

Earth-pressure measurements. Although the earth-pressure gauges

were in the ground for a period of only 2 months, large zero-point changes
occurred and large uncertainties concerning the measured earth pressures
resulted (Table 2-3). At level A the zero-point changes corresponded to
pressure changes of 0.8 t/m2 (0.7 to 0.9) and at level C they corresponded
to pressure changes of 1.3 t;/m2 (from 0.9 to 1.5 t/mz, neglecting gauge
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6. E that was faulty). Because it was not known at what time or at what
time rate these changes occurred, the measurements were dealt with .in the

i
following manner.

1. Pressures were calculated using the zero readings obtained at
the end of the job. These results are plotted in Fig.2-9, and it is seen that
three of the four gauges at each of levels A and C gave essentially the siame
results. One gauge at each level (gauges 4.E and 6. E) gave appreciably

different results and these gauges will be neglected.

2. Because of changes of the zero points, the values of estimated
earth pressure were overestimates by amounts of 0 to 0.8 ’c/m2 at level A
and 0 to 1.3 t/m2 at level C, the largest errors probably applying to the
earliest measurements. Account of these errors has not been taken in
the plot of total earth pressure against time in Fig.2-9, but account will be

taken of them when radial effective stresses are estimated,

Radial effective stresses or’ were calculated by estimating the water
pressures at the levels of the earth-pressure gauges and subtracting these
pressures from the measured earth pressures. At each gauge level two
earth-pressure estimates were made: the first estimate was based on the
final calibrations and probably gives accurate values for the end of the job
but probably seriously overestimates the earth pressures at the beginning
of the job, and the second estimate was based on the assumption that the
zero readings varied directly with time from the values measured before
and after the job, and this estimate possibly gives more reasonable esti-

mates of the earth pressures throughout the job.

The vertical effective stress acting at a gauge level was taken as
being equal to the vertical total stress due to the weight of the soil minus the
estimated water pressures. Values of K, the ratio of the measured radial
to vertical effective stresses, are presented in Fig.2-9. The uncertainties
concerning the estimated earth pressures and water pressures make it

)

unwise to conclude anything concerning the manner in which 0. and K varied
during the job. However, the accuracy of the measurements near the end of
the job should be good, and these results indicate that at level A (depth 7.4

metres) the stress ratio was K = 0. 65, and at level C (depth 3.9 metres) the



- 29 -

K-value was 0.59., For the condition of zero overpressures (Case 2, normal

consolidation) the K-values were 0.5 at level A and 0.6 at level C.

Measurements at Manglerud IIT.

General. The test site at Manglerud III was a flat, very wet and
boggy area in the outskirts of Oslo. The ground-surface elevation is 110
metres, and this indicates that it rose above sea level about 9000 years
before present {Kenney, 1964) and therefore the near-surface clays at this
site are appreciably older than those at Tdnsberg where they have only in
recent geologic time risen above sea level. A typical soil profile is given
in Fig. Z-iO; the site is covered with a 4-metre layer of organics, below
which is a strong weathered zone about 2 metres thick overlaying some 20
metres of sensitive silty clay. The silty clay has undrained shear strengths
of about 1 t/m2 and plasticity indices aboutI_ = 12%, and it is both weaker
and less plastic than the To6nsberg clay. Prigr to installing the pipe, this
site had been thoroughly explored and it was known that the water surface
was at the ground surface and that the water preésures increased nearly
hydrostatically with depth, being only several decimeters greater than hydro-

static at 10 metres and 2 metres greater than hydrostatic at 20 metres.

Several changes were made of the locations of the gauges on the
pipe in comparison with the arrangement used at Ttnsberg. Rather than
concentrating earth-pressure and water-pressure gauges separately at the
various gauge levels, two earth-pressure and two water pressure gauges
were put at levels A and C and two earth-pressure gauges each at levels B
and D. Another change was to place a 1.5-metre length of pipe below the
lowest level of gauges in order to remove these gauges from any stress

complexities in the clay near the bottom end of the pipe.

The pipe was ready to be put into the ground in about mid-November
but a very early winter set in and the temperature fell below 0°C. It was
feared that by trying to put a very cold pipe into the ground, the soil coming
into contact with the pipe would freeze, adhere to the pile and thus increase
greatly the effective thickness of the pipe and cause considerable soil dis-
turbance as the pipe sank into the clay, The job was therefore delayed until

the first mild day, which did not arrive until early December. At this date
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time was running short to get the pipe installed, and it was decided to put
the pipe in the ground regardless of soil disturbance, simply because it

probably was the last opportunity before real winter set in,

A shallow pit had been dug into the organics but it was not practical
to extend it into the weathered clay below. When the pipe was lowered it
sank under its own weight through the organics but would not penetrate through
the weathered clay. It was raised and lowered four times and each time an
additional 1-2 metres penetration was obtained, but each time the pipe was
raised there was clay adhering to its surface, indicating that in all likelj -
hood a layer of weathered clay was adhering to the pipe over its full length
and that soil was being removed from around the pipe at the upper levels.
After the pipe was raised for the fourth time it sank under its own weight the
final 4-5 metres of its final position. Gauge measurements were made at
regular intervals during the winter. They were discontinued during the
spring and early summer, and were resumed again in late summer shortly

before the pipe was extracted.

Except where noted otherwise in Fig.2-10, the pressures measured
during the first 90 days were determined by using the zero readings obtained
before the pipe was installed, and the pressures measured during the month
prior to extracting the pipe were determined by using the zero readings ob-
tained after the pipe was extracted. It is of interest that three of the four
water pressure gauges experienced no change of zero reading over the test
period of 283 days whereas many of the earth-pressure gauges experienced
large changes of zero reading and had rather severe surface corrosion. A
summary of the changes of zero reading and the equivalent pressure changes

is given in Table 2-3.

Pressure measurements. These results, in some respects, are

similar to the T6nsberg measurements, The water-pressure gauges were
not saturated and therefore exhibited time lags. Therefore, during the first
20 days when the water-pressure readings were changing rapidly it is reason-
able that the water-pressure measurements, and therefore the effective-

stress determinations, were slightly inaccurate.
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The measurements taken of the earth-pressure gauges at level D
require comment. As shown in Fig.2-10, these pressures,one month after
the pipe was installed,had decreased and had become equal to the by drostatic
pressure at this level. The measurements remained constant at this value
until the end of the test and there seems to be little doubt that the measure-
ments were of water pressure, this meaning that the undisturbed soil had
fully arched over the gauges or perhaps had fully arched around the pipe,

transmitting no measurable earth pressures to the gauges.

The radial effective stresses cr’ were determined directly for levels
A and C, and for level B they were determined from water pressures esti-
mated by interpolation between the water-pressure measurements made at
levels A and C. After the first 20 days when the water-pressure gauges
became reliable, the crr’ values for levels A and B remained rather constant
throughout the test period. At level C, within the depth of clay where excess

H

disturbance was probably caused during the installation of the pipe, 0. varied

somewhat during the first 90 days and finally became constant.

The calculated K-values indicate that at levels A and B there was a
slight tendené’y for K 'to decrease with time, perhaps due to reconsolidation
of disturbed clay, but such small changes could also be due to instrument
inaccuracies. At level C, K apparently increased after Day No. 70, and this
could be taken as an indication that the clay yielded towards the pipe. Although
this is certainly possible, it should also be noted that the earth-pressure
values for the first 90 days are based on measurements of only one gauge
(3.E), and although the gauge appears to have remained stable according to
the zero readings (Table 2-3), it is possible that these measurements are not
representative of average conditions around the pipe. The final K value, how-
ever, is a dependable result, and the low value of K = 0.28 is strong evidence

that arching of the clay has occurred around the pipe,.

Measurements at Kjelsds.

B T T T e .

General. Kjelsds is located in the outskirts of Oslo at elevation
170 metres. This area emerged from below sea level about 9500 years before

present and is therefore the oldest clay of the three test sites. The clay is
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layered, has low plasticity (I_ = 7%), very small undrained shear strengths
(from 0.4 to 0.8 t/mz), and ?s quick. This clay is one of the weakest quick
clays in Norway, having Su/p = 0.1, and it provided the opportgnity to measure
K, in a clay being at the lower limit of the undrained-strength scale. A boring

profile is given in Fig.2-11 together with the pressure measurements.

The locations of the gaugeé on the pipe were the same as for the
Manglerud III site. The only changes that were made were that the junct-
ions of the pipe sections were made watertight by the use of a lead-f{iller
compound and that attempts were made to saturate the water-pressure

gauges.

A pit was excavated to a depth of 1.5 metrecs and the ring and plate
were placed on the bottom of the pit. The pipe was installed on 27 October,
1966. It sank very easily into the clay under its own weight and stopped
abruptly at a resistant layer at a depth of about 10 metres. Elevation
measurements on the ring outside the pipe and on the plate inside the pipe
showed that there was no heave of the bottom of the pit outside the pipe but
that there was a clay heave within the pipe that corresponded to the total

displacement volume of the pipe.

Pressure measurements. The results are similar to those for the

Tonsberg and Manglerud IIl sites. The main difference is that the earth and
water pressures took much less time to reach equilibrium, becoming practic-
ally constant after only 5 days. This is believed to be primarily due to the
silty and layered nature of the clay providing good drainage. It is not believed
to be because less soil disturbance was experienced at this site than the other
sites; there must hdave been some disturbance at level A because shortly
after the pipe was put in the ground the water pressures rose at least 50%
above their ultimate values. The water-pressure gauges were not fully
saturated, as indicated by their response-lag at the beginning of the measure-

ment period.

The pressures have been calculated from calibration tests and
zero readings taken before the pipe was put in the ground; the pipe is not
scheduled to be removed from the ground until the spring of 1967. The

results for the various pairs of gauges at different levels indicate small
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differences, with the exception of gauges 5.E and 6. E at level B, In

?

comparison with the measurements taken at level A (see . values plotted
in the soil-profile diagram), gauge 5. E appears to be measuring too small

values,

The difference between water pressures at level C and level A
equals the hydrostatic pressure corresponding to the vertical distance
between the two levels. Hence, the water pressures vary approximately
hydrostatically with depth along the pipe from an implied ground-water

surface 1 metre below the ground surface.

Radial effective stresses were calculated for levels A and C from the
direct measurements of total earth pressures and water pressures, At
levels B and D the water pressures were estimated from those measured

at levels A and C. It was found that 0'

?

at the 4 levels became essentially

constant after only 5 days.

The calculated values of K are constant after the initial 5 to 10 days.
At level B, where it is believed that gauge 5. E is measuring too low, K-
\}'alues are given based on both the average pressure for gauges 5. E and
6.E and on the pressure from only gauge 6. E; this latter value is believed
to be more correct. K at level A is 0.66, and for the upper levels K de-
creases with decreasing depth. The minimum value of K at this site is 0.35

at level D.

Remarks Concerning K Measurement in the Fleld

- . - e - - e - En e e - s ek be o e e e e —

The results obtained from the 3 sites are summarized in Fig.2-12,
in which values of K are plotted against depth below ground surface. From
this figure two things are evident; first; in all cases K increases with deonth,
and, second, at the Manglerud III site where great difficulties were exper-.
ienced in getting the pipe into the ground and where greatest disturbance of

the clay along the pipe resulted, the lowest values of K were measured.

It is known that at the Manglerud III site the upper clay was dis-
turbed to a greater extent than the lowest clay by raising and lowering the

pipe, and therefore for this site it can be concluded that the low K values
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measured at small depths are probably the result of disturbance of the
sensitive clay along the pipe, reconsolidation of this disturbed clay and,

as a result, decrease of normal stress against the pipe due to arching.
With increasing depth K increased, probably because the clay around the
pipe was less disturbed and consequently there was less reconsolidation and
less arching of the clay around the pipe. At the Ttnsberg and Kjelsds sites
the pipe sank easily into the clay under its own weight and at these sites,
considering the very high sensitivities of the clays, the thickness of the
disturbed layer of clay must have been small in comparison to that at
Manglerud III. It can also be stated with reasonable confidence that at all
sites, due to irregularities of the pipe surface, the upper clays that were
subjected to the greatest drag movements of the pipe were disturbed to a
greater extent than the clays near the bottom of the pipe. The thickness of
the disturbed zone should be largest at shallow depths and smallest at
greater depths. It is reasonable, therefore, that the increase of K with
depth at all sites was due to a decrease of the thickness of the disturbed
zone of clay with depth, and the reason why the K values measured at T6ns-
berg and Kjelsds are larger than those at Manglerud is that the degrees of
soil disturbance at these sites were less than those at Manglerud. Another
contributing factor to the decrease of K with depth at Manglerud III and
Kjelsds could have been that the upper levels of gauges were in slightly
weathered clay that could have arched to a greater extent than the lower

unweathered clays.

There is at least one method of checking whether or not the measured
increases of K with increasing depth are due to clay disturbance, and that is
to concentrate the instrumentation near the bottom of the pipe and to lower
the pipe into the ground in stages of about 3 metres, waiting at each new level
until equilibrium is obtained. In this way pressure measurements are always

made at the bottom of the pipe where least clay disturbance has occurred.

5. Conclusions.

1. K_-consolidation tests performed in triaxial cells on samples
of insensitive salt clays and natural quick clays gave approximately the same

results ; that is, Ko =~ 0. 5.
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2. Insensitive salt clay, Ko-tested in reinforced rubber membranes,
gave the result K~ 0.5. Similar clays that were leached and that became
very sensitive (but not quick) as the result of leaching, gave slight increases
of Ko’ the values obtained being K £ 0.6.

3. Measurements of in situ stresses at T6nsberg and Kjelsds in
weak quick clays gave maximum values of K = 0.65. The maximum values
of K were measured near the bottom of the instrumented pipe. Smaller
values of K were measured at shallower depths at both sites, and it is
probable that these lower values are the result of greater degrees of clay
disturbance at the shallow depths. There is little doubt that the K-values
measured near the bottom of the pipe have also been influenced by clay
disturbance, but the ;magnitude of this effect is not known at this time. It
is possible that by using concentrated instrumentation near the bottom of
the pile, the variation of K along the pipe from the bottom edge (where dis-
turbance is least) can be determined, and thereby a better estimate of Ko

can be obtained.



TABLE 2-1. Properties of soils used in triaxial-cell K tests.

Field Data Strength | Water Contents After test
Sample P s St Refore Test Salt S
No.. 1}\11216 Dexslth t/(:nz t}lmz \:/; \%L \%p I% L ;rr?r/ltent W% t/;JnZ St
Manglerud II1 R
(F.264)
37-2 1 7.5 4.511.2 [60]50.6|32 {22 |10 12.9}1-2 42,7 -
37-3 1 7.3 4.3 60 | 49.7 |32 (22 |10 | 2.8} -""- 35.3] 3. 7
45-8 2 7.6 4.6 1.2 [60]147.233 |22 |11 ]|2.3|-""- 42.7 32
45-9 2 7.5 4.5 60 147.1(33 (22 |11 (2.3} -""- 21
43-10 2 5.7 3.2 1.4 [35(46.2132 (22 |10 (2.4 -"" 1. 6
Drammen
(F.82)
TX-2 1 5.9 5.6 .2 | 10}53.3 {52 33119 | 1.1} 22
TX-6 I 7.4 6.5 10(51.9 |65 29136 | 0.6 26
TX-1 1 8.7 7.4 9151.8 {54 27127 10.9 27
TX-5 I 11.9 9.6 3134.1 |39 23116 | 0.7 27

-z 2lqeL



TABLLE 2-2 Properties of soils used in K -tests with reinforced rubber membranes.

Sample | Field Data Strength Water Contents Salt
No. D Content
Hole | Depth | Py’ s ST St W w w I I
No. | m |t/m?|t/m2|/m2 Lle | e | e/
Skdyen
(F.266)
221 I 20.9 |17.2}3.95 10.92 (4.3 }40.0|53.5124.229.3(0.54|27.6
8.10 | 1.55(5.2 §39.5(46.0 {25.9(20.1/0.68| 1.0
222 I 21.0 |17.3(4.50 {0.91 (4.9 [40.5 (53,1 (25.8(27.3 /0.54
3.35 10.25 |13.4 [41.6| - - - - 1.1
223 I 21.1 |17.3]4.09 | 0.92 |4.4 |41.4[50.9 ({22.8|28.1|0.66|27.6
6.35 {0.28 (22,7 |41.936.3)26.2|10.1[1.55| 1.4
224 I 21.2 |17.4(3.95 | 1.02 (3.9 [40.3{55.9 |23.3(32.610.52 (32,7
6.01 | 0.68 (8.8 [39.3|43.0(28.0(15.00.76| 1.1
Drammen
(F.82)
11 I 5.1 5.0102.27 |0.27 8.4 |49.8|55.0 125.1[29.9{0.83 20
4.0 0.80 (5.0 |44.053.8 126.8(27.0 |0.64
16 I 5.3 5.112.46 [0.35(7.0 |50.8|56.5 [26.2 (30,3 |0.381 20
5.87 | 0.85(6.9 |43.554.4 (29.1(25.3 |0.57

Note. For all tests, the first line is before-test results,
the second line is after-test results,

"Z-27 °1qelL



Table 2-3,

TABLE 2-3. Zero-reading changes and equivalent pressure
changes of the gauges used at Tbnsberg and
Manglerud III.
Toénsberg Manglerud III
giuge Before | After AP Before After AP
' 3/9-65 | 16/11-65 | t/m> | 10/12-65|20/9-66 | t/m®
1.E 1137 1089 0.9 1074 1004 1.1
2.8 1037 1002 0.7 987 979 0.2
3.E 1143 1108 0.7 1092 1101 0.2
4.E 976 928 ! 0.8 911 794 1.9
5.E 928 818 | 1.5 806 823 | 0.3
6.E 1004 851 2.6 947 - -
7. E 976 885 bo1.4 872 808 1.0
8.E 958 897 ! 0.9 879 873 .1
9. W 1013 1008 0 998 981 0.3
10. W 978 959 0.3 950 1009 1.
11. W 981 980 0 970 975
12. W 966 | 969 0 952 971 0.
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Chapter 3. Investigations of Natural-Slope
Failures in Soft Clays.

1. Introduction,

The second method that was used to investigate the shear
resistance of quick clay was to make a study of slope failures in quick clays.
The purpose of the study was not to determine the safety factor of the slope
at the time of failure based on measured shear strengths in the field or in
the laboratory, but rather to consider each slope failure as a large scale
test and to approximately determine from stability calculations the effective-
stress shear-strength parameters of the clay. For most slides there is
generally information lacking on topography and ground-water pressures,
and this is true for the slope failures that will be dealt with in this thesis,
but it was thought that such a stability study would provide a reasonable
picture of the behaviour of the clays and also give some indications of the

magnitudes of the shear-strength parameters.

Very early in the study three decisions were made.
1. Most slope failures in sensitive clays were compound failures; that
is, following an initial failure other slides occurred in succession. For
purposes of making stability calculations, both topography and water
pressures are required if effective-stress analyses are to be done, and
such information is only available for the conditions prior to the initial

slide. Hence, only initial slides were studied.

2. Even when in possession of information concerning topography and
water pressure, a stability analysis for the purpose of determining shear-
strength parameters is of no value unless the approximate size and
location of the initial slide is known, because the magnitudes of estimat-
ed strength parameters are dependent on the location of the assumed slip
surface. This point will be dealt with in more detail later. Therefore,
only those slides were studied for which information was available con-

cerning the location of the initial slide.

3. The original plan was to make a stability study of slides in quick clay,

but it was soon found that few such cases had been investigated and for
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those that had the initial slides were located not only in quick clay but
also to an important extent in weathered clay. Therefore, the study was

broadened to include slides in any soft clay.

In the following sections of this chapter a description will be given
of the method used to estimate strength parameters from stability calculations,
a number of case histories of slope failures will be presented, and finally a
synthesis will be presented of the resulfs of the calculations and conclusions

will be drawn. The locations of the slide sites are given in Fig.3-1.

2. Method of Stability Calculation.

In most effective-stress stability calculations, shear-strength
parameters of the soil are first assumed and a number of slip surfaces are
investigated until a minimum safety factor is obtained. Such a method based
on minimum safety factors has the disadvantages that (i) the location of the
critical slip surface is dependent on the magnitude of the shear-strength
parameters assumed for the soil and (ii) it is necessary that shear-strength
parameters for the soil be assumed (or measured) before a stability analysis

can be started.

A slightly different approach has been taken to the problem for
this study. Instead of dealing with safety factoxi’s, similar calculations are
made to determine the average stress conditions (shear and normal effective
stresses) along a number of assumed slip surfaces and from these results
to determine the most critical average stresses and the locations of the most
critical potential slip surfaces in the slope. If failure has occurred in the
slbpe and some information is available concerning the location of the slip
surface, the average stresses on this slip surface can be determined and can

be used to estimate approximately the shear-strength parameters of the soil.

Consider the slope drawn at the top of Fig.3-2. The average shear
stress 7T along the circular-arc slip surface 1 can be calculated as

Ty ZW. sina/arc length, and this value can be drawn as a horizontal line in
a

TO

N plot. Next assume that the streéngth parameters of the soil are equal
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to any two specific values, say ¢’ and tg ¢’, and calculate F, against failure

1
by such means as Bishop’s method of slices (Bishop, 1955). (Alternatively,

assumptions could be made of Fl and tg ¢’ /Fl, and c’ /Fl is obtained directly
from the calculations without using trial and error procedures that are

necessary if F, is the unknown). The average mobilized shear-strength para-

1
meters along slip surface 1 are c’ /F1 and tg ¢’ /Fl' These values can be

drawn in the ?&-n’ diagram and the intersection at Point 1 of this line and

the Fl line previously drawn defines the average normal effective stress -En 1'

along the slip surface. The stress point ?15n1 for slip surface 1 defines the

average stress condition along the slip surface and is for practical purposes
independent of the assumed values of ¢’ and tg ¢’ used in the calculations.
In fact, it is seen from the ?En’ diagram that an infinite number of ¢’ tg ¢’
combinations between the limits of ¢’ = 0, tg ¢’ =tgyp ’1 and ¢’ = Ty t8 ¢’'=0

could be used to satisfy the average stress condition of —'Fl-&n’ on slip surface

1
1. A check on any calculation can be made by assuming new values of ¢’ and
tg ¢’ , calculating the safety factor and the mobilized shear-strength parameters

and finally plotting the line in the ;5;1’ diagram. If the calculations are correct

all lines should pass through Point 1. In similar manner, other slip surfaces

’
n

ing curve is drawn to these points and this curve represents the most critical

can be studied, and for each slip surface a 7 ¢’ point is obtained. An envelop-
average stress conditions on slip surfaces passing through the slope. The
accuracy of the enveloping curve is improved by considering larger numbers

of slip surfaces.

In this thesis only circular-arc slip surfaces will be considered,
but the method described above can be easily adapted for generalized slip
surfaces by modifying the methods of stability calculation used for such
surfaces (see Janbu, Bjerrum and Kjaernsli, 1956; Janbu, 1957 ; Kenney,
1956). The method can also be modified to deal with cases in which there
are two soil types, one having known strength characteristics (usually

granular materials) and the other having unknown strength characteristics.

An example of the use of the method is given in Fig.3-2. The
stability of the given slope was first calculated by the usual safety-factor
method for two assumed sets of strength parameters. The results of these

calculations are given as contours of safety factor, and for cach case the slip
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surface giving the lowest safety factor is shown. It is apparent that the
location of the critical slip surface is dependent on the shear strength para-

meters (strictly speaking, only when c’> 0).

For each slip surface considered in these calculations, a '7-'7511’

£

point was then determined and plotted ina 7 En

for Case 1 surfaces and crosses being used for ‘Case 2 surfaces. --The critical

diagram, dots being used

slip surfaces for the two cases are plotted as circles and are numbered 1

and 2. An envelope has been drawn to include all the points for both cases
and it is the critical-stress curve for the slope. It is seen that this curve
fits all the data, independent of whether the slip surfaces were used for the

purpose of studying Case 1 or Case 2.

If we now reconsider the problem of studying the stability of this
slope, it is apparent that the critical-stress curve can be obtained from
calculations of a small number of slip surfaces. If the strength parameters
of the soil are known, a corresponding strength line can be drawn and the
minimum safety factor determined by finding the minimum ratio between
shear strength of the soil and average shear stress along slip surfaces, as
given by the critical-stress curve, A‘graphical method is used in Fig.3-2.
For the shear-strength parameters used in Cases 1 and 2, the same safety
factors and the same locations for the critical slip-surfaces are obtained by

this method as by the more common safety-factor method.

In this chapter an attempt is made to estimate the shear-strength
parameters of the soil involved in slope failures. Such an estimate is
impossible unless there exists some information concerning the location of
the slip surface of the initial slide. In practice, this is done by examining a
number of slip surfaces and calculating the critical-stress curve for each slope.
If the location of the actual slip surface is approximately known, stability
calculations can be made of slip surfaces covering a region around the actual
slip surface, and in this way the part of the critical-stress can be located
that represents approximately the average stress conditions in the slope where
failure occurred. In Fig.3-2, for example, if the slide was known to have
been shallow and near the brook, similar to slip surface 1 and not similar to
slip surface 2, a portion of the lower part of the critical-stress curve would

be chosen and this would give the result that the soil had a small ¢’ -value and
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a large tg ¢’ -value, in contrast to the result obtained if it had been known that
the initial slide was large and deep. The accuracy with which ¢’ and tg ¢’ can
be determined in practice is, however, largely dependent on the accuracy of
the stability analyses for small slips; that is, the accuracy of the tangent to
the critical-stress curve is dependent largely on the accurac'y of the points
defining the curve in the small-stress region.. Of most impor.tance in this
respect is the influence of soil discontinuities, such as the surface weathered
zone. Such a strong zone can have considerable influence on the stability of
small surfaces, and can lead to apparently large ¢’ -values that are measures
of the influence of the strong surface zone rather than being properties of the

softer soils underlaying the weathered soils.

In the following sections of this chapter, this type of shear-strength
study will be made of a number of slope failures in soft clays. Where possible
data will be presented on laboratory strength tests, in particular the effective
stresses at failure, and these stresses will be compared to the estimated
average failure stresses in the slope. This method of comparing stresses at
failure, rather than shear-strength parameters, directs attention to the magni-
tudes of stress found in the field and therefore the magnitudes that should be
used in the laboratory. The results of the stability analysis of the slope in
Fig.3-2 clearly indicate that the average value of o ’ for the critical slip
surface for Case 1 is less than 2 t/rn or 0.2 kg/)rle, and very few people,
including the author of this thesis, have prev1ously performed many tests at
such a low stress level. .

Four important Scandinavian slides will not be considered in this
chapter, and they are Surte, Sweden (Jakobson, 1952), Guntorp, Sweden
(Fellenius, 1954), Bekkelaget, Norway (Eide and Bjerrum, 1954), and Furre,
Norway (Hutchinson, 1961). Each of these slides occurred very rapidly and
involved large areas. In the cases of Surte and Furre thetre were witnessed
initial local slides that spread, and in the cases of Guntoi‘p and Bekkelaget
there existed steep banks rising from flat terrain that might have failed
initially and caused the subsequent movement of large areas. The fact of the
matter is that the development mechanism of these slides is not known and
therefore stability calculations are of littke value., The behaviour of the Furre

slide will be considered.in Chapter 5.
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3. Selnes Slide.

General. The Selnes slide is so called because it occurred at
‘Selnes wholly within the farm of J. Selnes. It has been described briefly
by Rolfsen (1966).

Selnes is located in the valley of the Namsen River, 150 km north
of Trondheim. In the photographs in Fig.3-3 it is shown that the landscape
consists of large bedrock outcrops and flat post-glacial marine-clay terraces
into which streams have eroded their valleys to depths of 10 or more metres.
The clays at Selnes are soft and extremely sensitive (s =2 t/mz, St > 100).
Details concerning site topography are given in diagram A and this informat-
ion was obtained from a map made from aerial photographs taken in 1960,
five years before the Selnes slide; Photo 1 is one of these photographs. The
accuracy of the contours is T 0.5 metre. In 1959 a small slide occurred at
the bend of the stream and can be seen in Photo 1, the slide masses nearly
blocking the stream. This material was subsequently eroded away. It is also
seen in Photo 1 that the banks of the stream upstream from the 1959 slide
were steep and prone to surficial slides originating from stream erosion. It

was in this area that the 1965 slide began,

The slide occurredatabout3:00 P. M. on Easter Sunday, April 18th,

1965. The following information gives a clear picture of the slide sequence.

1. Three weeks before the slide occurred, two boys on skis noticed

a crack in the snow 5 to 8 cm wide and extending 20 metres along the
upper edge of the stream bank, and upon returning home one of the boys
remarked to his family that soon there would be a slide at Selnes. It
must be pointed out that small clay slides along streams in this part of
Norway are common occurrences and most farms experience them. This
would explain the keen observation and the uncanny prediction of the boy.
However, it is unlikely that the boy thought in terms of anything other than

a small slide.

2. The owner of the farm located in the lower left corner of Photo 2
was in the front room of his housc when he heard a noise and he looked
out to see that a part of land upstream from the 1959 slide had moved out

and that the slide debris was flowing down the stream valley in the direct-
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-ionofhis farm. The slide developed very rapidly as piece by piece of
land slid down from all sides of a growing crater. Instability progressed
downstream towards building A and backwards towards the farm. The
witness emphasized that the slide developed very rapidly and estimated
that it was only a few minutes before buildings B, C, D and E were taken
by the slide.

3. On the Selnes farm, the slide was first noticed by people in building
F who saw the slide progressing piece-by-piece backwards towards the
barn B. A woman rushed to warn the people in building D, and at the
same time as she reached the building buildings B and C completely
collapsed, and buildings D and E were taken moments later, The
direction of slide development then abruptly changed towards the south

and it was some time later that building F-slid out.

The conditions after the slide are seen in Photo 2. The disturbed
clay, that had the consistency of a viscous fluid, flowed about 400 metres
down the stream valley and became dammed against a growth of small trees
at a sharp bend of the stream. The slide masses also flowed upstream,
damming the stream and caused a lake to form. The buildings B and C, that
were originally attached, became separated during the slide, and whereas
part B was carried well down the stream valley, part C became caught in an
eddy current of remoulded quick clay and remained near the original position
of building A. This eddy current was observed by J. Selnes, who remained in
building D, when the flowing clay carried building D over the original position
of building A and then down the stream valley. Contours of the surface separat-
ing undisturbed clay and slide masses (diagram A) indicate that a gully was
eroded along the northeastern part of the slide boundary. The facts that
(i) building C remained in an eddy current to one side of the flow of quick
clay and (ii) building F and the trees, that were taken in the very last phases
of the slide, were located along the centreline of the gully, seem to indicate
that the main flow of clay from the western part of the slide area was concen-
trated along the northern boundary, presumably because this location provided
the best direction by which the flowing clay could by-pass the piled-up debris
that blocked the upper part of the stream.
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Location of the Slip Surface. Soundings and vane borings were

made to determine the areal extent of the slide in those areas covered by
slide masses, and also to locate within this slide area the boundary between
intact undisturbed clay and slide masses. In principle the method was to
determine the location of the deepest major discontinuity in the soil-strength
profile at many points, this discontinuity being the upper boundary of undis-

turbed clay and therefore the slip surface.

- e e -

it could not be penetrated with a pointed steel sounding rod. Similarly,
the streambed was covered with cobbles and gravel and this material
could not be penetrated; it was easily identified as being streambed

and was easily distinguished as not being silty top soil. On the other
hand, the undisturbed quick clay, underlaying the surface soils and the
streambed materials, gave no resistance to penetration of the sounding
rod. This was also the case with disturbed quick clay in the slide masses.
Therefore, by sounding through the slide debris it was possible to identify
the streambed materials and the original surface soils, Where the elevat-
ions of these soils corresponded to the pre-slide elevations given in
diagram A, it could be concluded that these areas had not been disturbed
by the slide and therefore were located outside the actual slide. If the .
elevations were greater than the pre-slide elevations, this meant that

the sounding rod had encountered a flake of surface soil, but no con-
clusions could be drawn regarding the presence or absence of the original
grc;und surface. On the other hand, if a sounding gave no resistance to
penetration, it meant that the soils encountered were remoulded or un-
disturbed quick clays without a surface-soil covering, and therefore this
sounding was located within the actual slide area.

(b) Vane borings. To locate the boundary between undisturbed quick
clay and the overlying slide debris borings were made with a hand vane
(Andresen and Sollie, 1966) to depths of 9 metres. Borings were first
made in an area at the back of the slide where the undisturbed clay was
exposed and it was found that the strength of undisturbed clay was between
1.5 and 3.0 t/mzand that of remoulded clay was about zero. Measured

values above or below 1.5 to 3.0 1:/rn2 would indicate that the soil being
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tested was not undisturbed quick clay. Large strength values gradually
decreasing with depth to become equal to those for undisturbed quick clay
would indicate an undisturbed profile of weathered clay over non-
weathered clay. Such a profile was not found within the slide boundaries
and in all borings the undisturbed soil was found to be quick clay. Per-
haps the most dependable evidence of the presence of undisturbed quick
clay was its very brittle behaviour. Up until failure the vane turned
only slightly, but as soon as the clay”’s strength had been reached the
vane rotated very suddenly. In contrast, the remoulded clays -and the
insensitive weathered soils in the slide masses all exhibited a plastic--
type failure. Vane tests were made at vertical intervals of 0.25 metres
and therefore the slip-surface location at each boring has an accuracy

of about '.*'0. 25 metres.

The locations of the soundings and vane borings are given in
diagram B together with the elevations of the slip surface. In both diagrams
B and A are given the contours of the surface of undisturbed clay (slip surface),
and the boundary between the slide area and the undisturbed but covered area.

Typical sections have been given in diagram C.

The first point of interest concerning these results is the bowl-
shaped depression in the slip surface found at the bend of the stream. This
depression is also clearly shown in Section 1. It is reasonable to conclude
that it is the scar of the initial slide. The fact that it is located where the
stream was actively eroding its bank would imply that stream erosion had
been an important factor contributing to instability., It is also important that
the slip surface did not extend much below the level of the streambed; that is,

it was shallow.

The second point of interest is that outside of this bowl-shaped
depression the slip surface is very regular and in many places the slope of the
slip surface in the direction towards the stream is linear. That it is so regular
in spite of the fact that the slide was seentodevelop retrogressively as a series
of very small slides, seems to indicate that any major irregularities were
smoothed away by the eroding action of the moving slide masses. It also
indicates that plane debris-covered slip surfaces do not necessarily indicate

flake-type slides.
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The third point of interest is the elongated depression along the
north side of the slide area. The boundaries of this depression are very sharp.
From the shape of this depression in cross section (Sections 4, 5 and 6), from
the fact that the wreckage of building C marks the location of an eddy current
to one side of the depression, and from the fact that the location of building F
and the trees mark the direction of flow of the slide masses, it can be con-
cluded that this depression was caused primarily by erosion by the slide
masses coming out from the western part of the slide area. At the deepest
point the gully is about 4 metres below the pre-slide streambed. Such
erosive powers of moving clay indicate that slip surfaces can be greatly

modified if the sliding clay is forced to pass between two obstructions.

Stability Calculations of the Initial Slide. Stability calculations

were made of the slope shown in Fig.3-4, and this cross section is typical for
the slope in which the initial slide occurred. Given in the cross section are
the locations of determined points on the slip ~a—':urfa’ce.' These pB{n;:s do not
necessarily locate the slip surface of the initial slide, but they do provide

the lowest limit of its location. Therefore, when choosing slip surfaces for
the stability calculations of the initial slide, most attention was paid to
surfaces passing through or above the contact between slide debris and un-

disturbed clay.

Water pressures were not measured in the field and therefore it
was neéessary to assume them. Two distributions were used in the calculat-
ions. The first is shown in Fig.3-4 and gives slight overpressures at the toe
of the slope. Such a condition has always been found by the Norwegian Geo-
technical Institute in field investigations of clay slopes bordering a stream.

The ground-water surface has been drawn on the basis of information gained
from the farmer; (1) on the terrace the ground-water surface was very close
to the ground surface and shallow tile drains had to be used in order to farm the
area, and (ii) the slope was always very wet and small surficial slides were
frequently occurring. The second water-pressure distribution that was assumed
is not drawn in Fig.3-4 and was simply that the water pressures everywhere
increased hydrostatically with depth below the ground-water level. The first
assumed distribution is believed to be the most reasonable. The second

assumption, without doubt, underestimates the water pressures near the foot
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of the slope and therefore in stability calculations it will lead to overestimates

of normal effective stress on the slip surfaces.

The locations of 7 slip surfaces are given in Fig.3-4, together
with a ?En’ diagram for each of the two assumed water-pressure distribut-
ions. Slip surfaces 6 and 7 extended below the contactbetween slide masses
and undisturbed clay, and therefore they arc not relevant to the study of the
initial slide ; they only help to define the critical-stress curve for assumed
larger slides. From the admiiftedly weak information concerning cracks at
the top of the slope, and from the location of the boundary between slide
masses and undisturbed quick clay, it is thought that the portion of thé
critical-stress curves between points 4 and 6 best represents the average

\
stress conditions at the time of the initial slide.

Estimation of Shear-Strength Parameters for Quick Clay. The

critical-stress curves were used to estimate the shear-strength parameters
of the Selnes quick clay, but two corrections were necessary; a correction
for the influence of the bowl-shape of the initial slide, and corrections for the
strengthening influence of the surface zone of weathered soil. It has been
shown that a stability study of the centre section of a bowl-shaped slide will
lead to an overestimation of the mobilized shear strength by approximately
5% (Sevaldson, 1956; Kenney, 1956; Kjaernsli and Simons, 1962), and
therefore in Fig. 3-4, B the critical-stress curves have been lowered by
0.057.

A correction for the weathered clay involved a determination of
the fraction of slip surface that passed through weathered clay and an estimat-
ion of the strength difference between weathered and unweathered clays. The
results of the vane borings showed clearly that, along the edge of the stream
at the foot of the slope, quick clay existed within 1.5 metres of the ground
surface. At the top of the slope there was a weathered zone some 3 to 5
metres thick, and for short slip surfaces (for example, surface 1) this
weathered clay would influence about 20% of the slip surface below the tension
crack, and for larger slip surfaces there would be an influence over about
15% of the length of the slip surface. The strength difference between
weathered and unweathered clay is primarily in the ¢’ parameter and this

difference was estimated from two small slides that had occurred in the
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vicinity of the Selnes farm in the same terrace on which the farm was
located. Here, the depth of weathering below the terrace surface is

about 4 to 5 metres, and because the slides occurred along a stream valley
that was no more than 3 metres below the terrace surface, it follows that
these slides were wholly within weathered clay. To obtain a maximum c’ -
value for the weathered clay it was assumed that the pore pressures were
large and that the effective stresses were equal to zero. Stability calculat-
ions gave ¢’ =1 t/mz, and the value is larger than that measured in the
laboratory for weathered soft soils at other sites in Norway. By assuming
that the difference between weathered and unweathered clays éorresponded
toc’ =1 t/m‘2 and by using the percentage of slip surface in weathered soil
that was eliminated préviously, the average shear stresses in the quick clay
found by stability calculations were reduced by AT = 0.20x1 = 0,20 t/m2 for:
the small slip surfaces and by A7 = 0.15x1 = 0.15 t/m2 for the larger slip

surfaces.

The corrected critical-stress curves are given in Fig. 3-4,
diagram B and represent the average stresses along slip surfaces in quick
clay at the time of the initial slide. Those portions of the curves that are
believed to represent the conditions for the initial slide (between the points
for slip surfaces 4 and 6) are shown as heavy lines and tangents to these
curves give the following approximate shear-strength parameters.

Hydrostatic water pressures: c¢’ = 0.2 t/mz, tg @’ = 0.50

Overpressures at foot of slope: ¢’ = 0. 4t/m2, tge’ = 0.50
0.6t/m?%, tgg’ ~0.42

1

R

Cc

For ¢’ = 0, the maximum values of tg ¢ were obtained by drawing lines from

the origin to the furthest end of each critical-stress curve.

H

Hydrostatic water pressure: c’= o, tg (P’xnin = 0.55

*

Overpressures at foot of slope: «¢’'= 0, tgo' . =0. 56
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Comparisons of Shear Strengths. Samples were taken of the

quick clay from 0.5 to 1.5 metres below the exposed slip surface shown
in the upper left corner of Fig.3-3.B. At this level the clay was 7 metres
below the original ground surface and had the following characteristics.

w = 34%, W 22%, Wp = 17%

5~ 1.6t/m2, St> 100

Particles < 2pn = 40%, Salt content = 0.6 gm/1

Drained triaxial compression tests on isotropically consolidated samples
were performed at stresses that covered the range of average stresses
obtained from the stability calculations. Volume changes during con-
solidation were about 2% and from water-content measurements and
from previous Ko experience it was known that most of this water came
from the thin surface zone of disturbed clay surrounding the samples.

Some test results are presented in Fig.3-4.C.

Three additional tests were performed on samples of this clay
that had been opened to the air and then stored in this condition for six
months at 100% relative humidity. The clay weathered and when tested

it had the following characteristics.

w = 35%, wy o= 35%, Wp = 27%
5, 1.8t/m2, Sta«7

It can be seen from diagram C that the weathered samples behaved
similarly to the unweathered quick clay. The tests gave the following

shear-strength parameters.
For ¢’ =2tob t/mz, ¢’=0.5t/m2, tgg’'=0.52

For g’ > (:t/m‘2 , ¢'=0, tgp’=0.60

The laboratory results have been transferred to diagram B and
they are in good agreement with the estimated average stresses in the
quick clay at the time of the initial slide. The agreement corresponds to
F = 1.05 for overpressures at the foot of the slope, and F = 1.20 for hydro-

static water pressures.
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Too little was known concerning the undrained strengths of the
weathered clays to make total-stress stability calculations. However,
from Fig.3-4.A it is found that the average shear stresses along-slip
surfaces were about 2 t/mz, a value similar to the undrained strength of
the quick clay, but probably much smaller than the value for the weathered
clay. Therefore it would be expected that for shallow slip surfaces such
as those in Fig.3-4.A, total-stress stability calculations would give a

minimum safety factor greater than unity; thatis F > 1.

4. Ullensaker Slide.

General, The Ullensaker slide was first described by Bjerrum
(1955) and since that time it has been used many times as a typical
example of a quick-clay slide. Photographs taken before and after the
slide are presented in Fig.3-5. After the successful investigation of
the initial slide at Selnes, it was decided to return to Ullensaker to attempt

an investigation of its initial slide.

The general topography of the area is given in Fig.3-5 and was
obtained from aerial photographs taken three months before the slide
occurred. The area consisted of a flat marine-clay terrace into which
small brooks have eroded gullies. At the site of the slide there was a
very small brook at elevation 156 metres, about 12 metres below

terrace level.

The slide began on the morning of December 23rd, 1953. The
owner of the farm on which the slide occurred had been working in the
carpentry building until 9:30 A. M. when he left it to go to his house to eat.
He returned at 10:00 A.M. to find that the slope had failed and that the
back edge of the slide boundary was just at the edge of his carpentry
building. The slide scarp was steep and about 4 to 5 metres high. He
described the slide scar as resembling in shape a sand pit, having a flat
bottom and steep sides. Two tall trees that had grown on the farm side
of the brook had been moved directly across the brook and were tilted
back towards the farm. One-half hour later another small slide took away

half of the carpentry building. No further movements and no ¢racks
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were observed that day but the farmer, remembering thathe had encountered
quick clay when digging his well and that this clay could be excavated with

a bucket, decided to move his family off the farm. At about 2:00 A.M. the
next morning there was a noise followed by a smaller noise about two hours
later. When daylight came it was found that the farm had been taken by

a quick-clay slide and that the quick clay had flowed a distance of 1.5 km
before being dammed up at a road embankment. The autumn months pre-
ceeding the time of the slide had been drier than usual but the summer had
been uncommonly wet. There was considerable water flowing in the brook
but this was not unusual for that time of year. Although it was nearly

Christmas, there was no frost in the ground.

The farmer was able to locate accurately on photographs the
position of the slide scar that he first saw, and this information is given in
diagram C. The length along the brook was 30 to 35 metres and the up-
stream boundary corresponds exactly to the final slide boundary. On
looking at the shape of the slide scar that was first observed, the width
measured up the slope from the brook is as large as the length along the
brook and the scar is narrow at the top, an unlikely shape for an initial
slide, and it will be assumed that this scar was the product of at least
two slides, the initial slide having approximately one half the width of

the cavity seen by the farmer, as shown in diagram C.

Another point of interest is the locations of the two large trees,
before and after the slide. They moved with the initial slide but were not
swept away by the quick clay that flowed out through the gap during the
periods of major sliding. This means that their locations in diagram C
mark the outer boundary of the flowing quick clay, and by drawing a curve
through their positions to join the left-hand side boundary of the slide, the
approximate location is found of the area that could have been affected by

erosion of flowing quick clay.

Location of the Slip Surface. Vane borings were made to locate

the slip surface in the area of the initial slide. This slip surface would not
necessarily be the slip surface for the initial slide but would give the lower
limit for the initial slide. In the vane borings the slip surface would

appear as a major discontinuity in the strength profile of the soil, and to



- 51 -

everyone” s surprise, considering the borings were made 13 years after
the slide occurred, this discontinuity was clearly evident in most of the
borings, the streéngth profile being erratic above the slip surface and

being regular below.

The results of the borings are given in Fig.3-6.B. Two observat-
ions can be made. First, in the borings close to the brook the slip surface
was located in stiffer, presumably  weathered, clay, whereas in the
borings located away from the brook the slip surface was located in soft
sensitive clay. This indicated that near the brook the slip surface was
shallow and was located in the surface-weathered soil, whereas further
back under the slope the slip surface was below the weathered zone.
Second, the slip surface has the form of a gully orientated parallel to the
original stream. In diagram C, where the contours of the slip surface
are superimposed on the original ground contours, it is apparent that :
considerable soil has been removed from the bank of the brookbépposite
to the initial slide, presumably by erosion of the slide masses flowing out
through the narrow gap. From this evidence it is probable that the slip
surface of the initial slide was altered by subsequent erosion and that its
location was above the slip surface found from the vane borings and given
in diagrams C and D. Borings have not yet (1966) been made in the up-
stream half of the initial slide that is located outside the main flow of the

slide masses and therefore where there was probably less erosion.

Stability Calculations of the Initial Slide. Stability calculations

were made of the slope shown in Fig.3-7.: Results of borings and laboratory
work performed in 1954 (Stabell and Héy, 1954; Bjerrum, 1955) are also

given, and the locations of these borings are shown in Fig.3-6.C.

The water-pressure distribution within the slope is based on
measurements made in 1966 in the slope on the opposite side of the brook
along a section located in Fig.3-6.A. This slope has been assumed to be
similar to that which failed, having a slightly smaller inclination and
rising to the same terrace level. Near the top of the slope the water
pressures increased hydrostatically below the ground-water surface; in
the middle of the slope there were small overpressures increasing with

depth; and at the foot of the slope the piezometric head measured at a
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depth of 3.2 metres was 2.2 metres above the ground surface and at a
depth of 6.2 metres the piezometric head was 3.3 metres above the ground

surface.

The locations of the slip surfaces that were used in the stability
calculations are given in Fig.3-7.B and the results of the calculations
are presented in the :r_En’ diagram. In these calculations a tension crack
1 metre deep has been assumed but no other allowance has been made of
the fact that the surface soils were weathered. The location of the initial
slide was probably somewhere between slip surfaces 3 and 6. No correct-

ion has been made for the influence of the bowl shape of the slip surface.

Comparison of Shear Strengths. In Fig.3-7.D are presented the

results of drained triaxial compression tests performed on samples ob-
tained from three borings along the investigated section shown in Fig.3-6. A,
One boring was at the brook, another boring was near the slide boundary
and the third boring was a short distance up the slope on the other side of
the brook. By comparing the index properties of these clays with the 1954
results of tests on samples from the initial slide area, it was determined
that the new samples were representative of the clays in the initial-slide
area. The results of the triaxial tests indicate that most of the tests

(28 of 33 tests) are located within the narrow strength limits of ¢’ =0,
tgp’ = 0.64 and c’ = 0.2 t/rnz, tg ¢’=0.70, and these tests included both
weathered clays having S, 7 5to 16 t/m2 and unweathered quick clays
having Sy < 3 t/mz. The five samples that plot above the upper limit are
all from within the surface 2 metres and all had undrained strengths

5,7 20 t/mz. These shallow clays would in practice be the first to be
affected by the formation of tension cracks and it is questionable that these
clays have any stabilizing influence on the slope when the slope is in such

a condition that small surface movements are occurring.

The strength envelopes obtained from the triaxial tests are
drawn in Fig.3-7.C and they agree well with the results of the stability

calculations.



- 53 -

The undrained shear strength of the soil that was involved in the
initial slide can be roughly estimated from the 1954 vane borings and from
those made in 1966, and it varies from values larger than 20 t:/n'x‘Z near
the ground surface to about 1 t/m‘2 beneath the brook. The average value
would certainly.be fnuéh:'g'feater than the average shear stress along slip
surfaces of 7 = 1. 51:/m2 obtained from the stability calculations (Fig.3-
7.C), and therefore the safety factor of the slope obtained from a total-
stress analysis for slip surfaces similar to the actual slip surface would

be much greater than unity; thatis, F > 1.

5. Gota Slide.

General. The slide at G8ta is one of the largest slides to have
occurred in Scandinavia in modern times. In area it extended for a
distance of 1.5 km along the Gota River and, at its widest point, 250
metres in from the river bank. It destroyed a sulphide factory and
caused the deaths of three people. This slide is of particular interest
because it occurred in very éensitive clays and because it started as an
observed small initial slide and then very rapidly increased in size. It
has been described by Odenstad (1958).

Information concerning the site is given in Fig.3-8. Gbéta is
situated on the G&ta River 50 km north of Gdteborg and 3 km south of
Lilla Edet. At this location the G6ta River is borderedbyamarine-clay
terrace that rises from an elevation of 7.5 metres near the river to an
elevation of 9 metrés 250 metres from the river. Bedrock outcrops close
to the river, and in the area of the initial slide it is located at elevation
-20 metres below the river. Sandy and gravelly materials overlaying

bedrock were found in the borings.

The undrained shear strength values given in Fig. 3-8 were
obtained from two borings (Nos.1 and 2) made in 1951 and one boring
(No.3) made after the slide; these borings are located in the site plan.
The sensitivity of the clay was large (about 20) but no information was

given concerning plasticity and water content. At another section 200
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metres upstream from section AA three other borings were made through
the slide masses. Here the undrained shear strength increased with
depth from 2 t/m2 near the ground surface to 6 t/m2 at a depth of 30
metres. The clays near the river had sensitivities of about 10 whereas
they were much more sensitive 200 metres from the river where they
were also closer to the outcropping bedrock. The liquid and plastic
limits of the clays were 65% and 30%, and the water contents correspond-
ed to liquidity indices offabout 0.75 near the river and 1.3 at a distance

200 metres from the river.

Description of the Slide. On the morning of June 7th, 1957, a

crack was noticed 15-25 metres inland from the to;; of the steep bank - -
just downstream of the factory area. The area was cordoned off and
boats docked at the quay were given order to sail. The crack, 130
metres long, was crescent shaped, running essentially parallel to the
river. The narrow crack widened only several millimeters during the
first hour, but thereafter its speed of development increased steadily
until at 11:25 A. M., three hours after its discovery, the initial slide
occurred. A thorough investigation of the surrounding area had been

made in the meantime but no other cracks had been found.

Witnesses clearly saw the initial slide, but the following rapid

" development of instability, simultaneous in upstream and inland direct-
ions, caused theﬁl to run for their lives. The witnesses were in agree-
ment that, following the initial slide, the ground slid out piece after
piece, and not as one large movement. The slide continued in this
manner and destroyed the factory located at the widest section of the
slide. Because there were few surface cracks upstream from this point
after the slide, in spite of large horizontal movements, it appears
possible that the final 2/3 area of the slide moved as three large flakes,
- the middle 1/3 of the slide area being one, and the upstream 1/3 of the

slide area being comprised of two flakes.

The initial slide reduced the width of the river from 120 metres
to about 60 metres and created a wave that travelled rapidly upstream.
The crews of two boats on the river estimated the wave height as being

5 metres and 6 to 8 metres, and by the time it had travelled 2.5 km up-

|



- b5 .

stream to the sluice gates at Lilla Edet it had subsided to 3.5 metres.

It was the opinion of Odenstad (1958) that the slide might have developed
in the upstream direction at the same speed as the wave, the stability of
the river bank being successively disturbed by the 1ow-watér trough that

followed the wave.

Stability Calculations of the Initial Slide. The slope investigated

is given in Fig.3-8 and is taken from Odenstad”s paper; in the paper no
mention is made of the accuracy of the topography of this slope. The only
information available concerning water pressures in the soil is that over-
pressures of unmeasured magnitude existed in the river area in the sand
and gravel layer overlaying bedrock. The water-pressure distribution
given in Fig.3-8 was drawn on the following assumptions: (i) near the
‘edge of the slope the ground-water surface is at a depth of 2 metres
(about elevation 5 metres) and below this the water pressures increase
hydrostatically to the sand and gravel layer, and (ii) the water pressure
in the sand and gravel layer below the river (assumed to be located at
about elevation -20 metres) corresponds to a pressure level at elevation
5 metres, and that the water pressures decrease linearly in the vertical

direction towards the river bottom.

Stability calculations for seven slip surfaces were made and the

s

results are presented in a 73}1 diagram, The surfaces were located so
as to extend from the general area of where the initial crack was seen to
different locations below the river. Because the location of the actual
slip surface is not known, no comment will be made concerning the shear-

strength parameters of this soil.

Comparison of shear strengths. No data are available on

laboratory triaxial tests on clay from the Gdta slide. However, Simons
(1964) has tested clay from a site near Lilla Edet that is only several
kilometres from the initial slide. It had the following index properties

(see also Bjerrum and Wu, 1960):

w=66%, w, =59%, wpx29%

L
St =15
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In drained tests at stresses very much larger than those given in Fig. 3-
8.D, the shear-strength parameters were c’=0, tgp’~ 0.64. This strength
line has been drawn in Fig.3-8.D and compares favourably with the estim-

ated in situ stresses at failure.

The undrained shear strengths measured in the vicinity of the
initial slide were generally larger than 3 t/mz. In comparison with the
T-values in Fig.3-8.D that range from 1.5 to 2.5 t/m° for likely slip
surfaces, the measured strengths are large, giving safety factors at the
time of failure of about F = 1.5 to 2. Odenstad (1958) made a compre-

hensive total-stress stability investigation and he obtained F = 1.6.

6. Naddum Slide.

General. The Naddum slide (Simons, 1961) occurred in the bank
of the Hbland River that has eroded its bed into a plain of soft quick clay.
The river bank that failed was only 5 metres high. The surface clays
are weathered to a depth of 3 to 4 metres, and they are stiff near the

ground surface, as shown in the photograph in Fig, 3-9.

_ A few days prior to the slide cracks were noticed in the road at
the end of the slide nearest the house, and on September lst, 1958, a few
minutes before the slide occurred, a lorry driver approaching from the
south saw movements in the road and reversed his truck out of danger.
The slide started at the northern end and progressed in stages rapidly
southward (total time was less than a minute). The width of the slide
was limited by steeply-sloping bedrock that is visible in the photograph.

The river level at the time of the slide was elevation 117. 8 metres.

The properties of the soils are indicated in Fig. 3-9.B. Below
the weathered soil the clay is soft and extremely sensitive. At approximate-
ly elevation 112 metres there is a continuous silt layer into which five piezo-
meters were installed, and the results of measurements over a one-year
period showed that the water pressures in the silt layer corresponded to a
piezometric level at elevation 121 metres and that they were essentially
independent of the water level in the river. The water pressures drawn in

diagram C correspond to approximately linear variation of water pressure
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from the silt layer to the ground-water surface or to the bottom of the

river,

Results of Stability Calculations. The results of stability cal-

culations are given in diagram D and it is seen that the estimated values
of En’ are very small, The position of the actual slip surface is probably
between slip surfaces 3 and 6, and this portion of the critical-stress curve

in diagram D has beendrawn as a wide line.

The critical-stress curve in the quick clay was approximately
determined with the following method. It was assumed that the difference
between the strengths of the weathered and unweathered clays corresponded
to Ac’ = lt/rnz, and if the weathered clay affected about 0.2 of the length
of the slip surfaces (this is true of slip surfaces 3 to 6), then the critical-
stress curve for the quick clay would be located below the curve obtained
from the stability calculations by the amount A7 = 0.2x1 = 0.2 t/mz, as
shown in Fig.3-9.D.

Comparison of Shear Strengths.

In Fig.3-11.D are given the results of a number of undrained
triaxial compression tests performed on samples of quick clay from this
site but primarily from a nearby site of similar but slightly more plastic
clay; there was no apparent difference in the test results for the two
sites. No tests were performed on weathered soils, and no drained tests
were performed. The extrapolated results compare favourably with the
estimated in situ stresses at failure, bearing in mind that certain object-
ions can be raised concerning the use of undrained tests for determining
shear-strength parameters of soft clays (such as, that the effective

stresses decrease throughout most of the tests” duration).

Simons (1961) has made total-stress stability calculations based
on the results of the vane borings. The result was a safety factor F =1.05.
Considering that four of the five vane borings were made within the slide
area, the reliability of these vane results are in question. If more weight
is placed on the results of boring 5 outside the slide area or on the results

obtained from another boring in the general vicinity (Simons, 1961), a
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safety factor greater than 2 can be obtained, but without more reliable
strength measurements at the site of the slide it cannot be said that this

value is more accurate than Simons” result.

7. Drammen Slide.

General. The Drammen slide of 1955 has been described in
detail by Kjaernsli and Simons (1962). It occurred as a single slip in

normally-consolidated insensitive clay.

Information is given in Fig.3-10. The slide occurred in the north
bank of the Drammen River at 10:00 A. M. on the 6th January, 1955, with-
out warning and apparently without any signs of impending instability.

Approximately 4000 m>

of soil over a length of 35 to 40 metres and up
to 10 metres in from the river“s edge slid into the river, leaving behind
an almost vertical face. A small amount of fill had been dumped prior
to the slide and the water level in the river at the time of the slide was

1 metre below normal.

In Fig.3-10 are given 4 slope cross sections. Sections A and
C are stable sections at either end of the slide, and Section B is through
the centre of the slide. Section D is a stable part of the river bank down-
stream from the slide. Many borings were made at the site and, because
they all gave much the same result, only two borings near Section B are
presented. The natural clay is uniform with depth and exhibits sensitivit-
ies equal to about 8. Granular fill had been dumped on top of the clay
in some places, and piles had beendriven into the slope, as indicated in
Fig.3-10.

Stability Calculations. An extensive program of water-pressure

measurement was made in both the slide area and in the stable areas. It
was found that the water pressures increased hydrostatically with depth
below the ground-water surface level and that no overpressures existed

in the clay.

In those sections where there was {ill above the clay, it was

assumed that the fill had the following shear-strength parameters: c’' =0,
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Summaries of the results of the stability calculations are given
in the ;En’ diagram. For each section the critical-stress curve is given
together with the locations of the stress points for slip surfaces that are
believed to cover the range of locations of the most likely slip surfaces.
Section B, through the centre of the slip, gives the highest critical-stress
curve. Of the stable sections, Section D gives the highest curve if the
piling is assumed to have no stabilizing effect on the slope. If considerat-
ion is given only to slip surfaces passing below the piling (surface D’),
then Sections D, A and C have approximately the same critical-stress

curves.

Comparison of Shear Strength.. Many drained and undrained

triaxial compression tests were performed, all of them at stresses
greater than those at which failure occurred in the field, but some of
them approaching the field stresses. Very consistent results were
obtained from both types of test, giving the following shear-strength
parameters: c’' = 0 to 0.4 t/mZ, tg '~ 0.64. These results are plotted
in the 77':6;1' diagram and compare well with the results of the stability

claculations.

Measurements of undrained shear strength showed that this
strength increased with depth, being equal to approximately 1 ‘c/xn'2 with-
in the depth of clay where the slip occurred. This value is appreciably
less than the average shear stress of 7~ 1.5 to 2 t/m? found from the
stability calculations. Kjaernsli and Simons (1962) made total-stress
stability calculations on a large number of slip surfaces and obtained the

following results:

Section A, F = 0.71
Section B, F = 0.47
Section C, F = 0.58

Section D, F = 0.71

It is perhaps of significance that at this site, where F < 1 for total-stress
stability analysis, there is no surface weathered zone. This zone greatly

increased the average undrained shear strengths at the other slide sites
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for which F > 1 was found.

Lodalen Slide.

General, The Lodalen slide has been described in detail by
Sevaldson (1956). It occurred in 1954 at a railway marshalling yard
constructed in the valley of the Lo River. Thirty years previous the
river had been redirected through a tunnel in bedrock, the riverbed
filled, and the slopes of the valley steepened from their natural inclinat-
ionof 1:2.5to 1:2. In 1949 the area was further expanded and 2.5
metres of the slope was excavated but the inclination remained unchanged
at 1:2. During the last few years prior to the slide three sheds and some
filling materials had been placed at the top of the slope but these were
not affected by the 1954 slide and therefore could not have contributed
much to the instability of the slope.

The slide occurred between 5 and 6 A.M. on October 6th, 1954,
involving approximately 10 x 103 m3 of soil. The length of the slide was
50 metres along the slope and the width was 40 metres in from the foot

of the slope. There were no witnesses.

Typical soil data are given in Fig.3-11. The sensitivity values
ranged from 3 to 15 and the equivalent NaCl content in the pore fluid
ranged from 3 to 15 gm/1l. From investigations of the micro-fossils in
the clay it was determined that these fossils were not in chronological
order with depth in the borings, older clays being found above or between
younger clays, and this meant that the area had previously experienced

slides or had been covered with slide masses. This would explain the

somewhat variable nature of the clays.

Stability Calculations. The water-pressure distribution given

in Fig.3-11 is the same as that used by Sevaldson and was determined by
him from measurements at four locations and at four depths at each
location. There are only very small overpressures at the foot of the

slope, the reason being that the filled-in Lo riverbed is located only 30
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metres from foot of the slope and provides a drainage level at about

elevation 3 metres, that is 6 metres below the ground level at the foot

of the slope.

)

Results of the stability calculations are given in the ?'En diagram.
From the location of the slide boundary at the top of the slide and from

two locations of the slip surface found from examination of samples from
borings, it seems that the actual slip surface is similar to slip surface 4,
and for this reason the portion of the critical-stress curve at point 4 is

believed to represent the average stress conditions at the time of failure.

Comparison of Shear Strengths, A considerable number of

triaxial compression tests were performed on tube samples and on
block samples and the results of those performed at the lower stresses
are given in Fig,3-11 (NGI records). There is a large scatter of the
results, possibly because of large property variations of the clays, but
also possibly due to piston friction in the testing apparatus that was used
at that time (1955). The average of these results is in good agreement

with the results of the stability calculations given in the 'T'En’ diagram.

Sevaldson made total-stress stability calculations of many slip
surfaces using measured undrained shear strengths from a number of

borings. The minimum safety factor that was found was F = 0. 93.

9. Conclusions.

1. The main purposc of the slope-failure study was to attempt
to determine from stability calculations the effective;‘s.tress shear-strength
properties of quick clay. This was accomplished‘ in the case of the Selnes
slide, and to lesser extents for the Géta and Naddum slides, all of which
gave similar results. For the Selnes quick clay, even after taking account
of the shape of the slip surface and the influence of the surface weathered

soil in order to obtain the smallest strength values, the determined

. strength characteristics corresponded to E/En’ =~ 0.57 to 0.62, and by

drawing tangents to the adjusted critical-stress curves the following shear
strength parameters were obtained: ¢’ = 0.2 to 0.5 t/mz, tg @'= 0.46 to

0.505 these values have no fundamental significance and simply describe



- 62 -

tangents to specific portions of a curve. These strength characteristics
ere in agreement with the results of laboratory drained compression
tests on quick-clay samples from Selnes and Ullensaker. The'labdr_atory
stresses were purposely kept at about the same magnitude as those
existing in the field, and the samples showed little tendency towards

volume compression during shear.

The quick clays that are involved in the initial slide of a
natural-slope failure are in an overconsolidated state as the result of
erosion, and therefore the strength characteristics that are obtained
from a study of slope failures arefor overconsolidated cla.ys.' Similarly,
if laboratory tests are performed on samples taken from a nai:ural slope
and the tests are made at stresses approximately equal to those in the
field, the soil in the laboratory will be in an overconsolidated state,
comparable to that in situ. For these conditions, reasonably large
effective-stress shear strength characteristics were found for quick
clay and good agreement was obtained between field and laboratory

behaviour.

From this limited experience it appears that the stability of
natural slopes in quick clay can be estimated on the basis of standard
drained triaxial compression tests, for the important condition that the
stresses during testing are about the same in magnitude to those exist-
ing in the slope. 1If, in such cases, large shear strengths are obtained
for small volume changes during the test (indicating a stable structure
of the clay), it is the author’s opinion that these strength characteristics
are safe to use in design, even though they might be much larger than
those commonly associated with quick clay. On the other hand, if
during the laboratory tests there occurs large volume decreases (water
expulsion), and if it can be established that these volumé decreases are
not the result of sample disturbance prior to testing, this behaviour
indicates an unstable clay structure at working stresses in the field, and
this possibly changes the design problem from being a drained condition
to being potentially an undrained condition. If, in the field, the rate of
water-pressure dissipation by drainage could be smaller than the rate of

water-pressure build-up due to shear strain, there is the possibility of
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undrained failure occurring, and this problem is considered in more

detail in Chapter 5.

2. Of considerable importance was also the finding that in
initial slides of natural-slope failures (for which the water pressures
in the soils immediately prior to failure correspond to steady-seepage
conditions), quick clays and insensitive clays both exhibited similar
effective-stress strength behaviours. This is shown in Fig.3-12 in
which the critical-stress curves for the six slopes have been drawn.
The portions of the curves that represent probable failure stresses fall
within narrow limits in spite of the fact that the soils vary widely in both
sensitivity and undrained shear strength. Similar results were obtained
from the laboratory test series on Ullensaker samples, these samples
varying within wide limits of sensitivity and undrained strength. Below
a depth of 2 metres all the samples exhibited about the same shear-
strength parameters for laboratory stresses approximately equal to those
in the field, and all these samples exhibited stable structures and small
volume decreases during shear. Above a depth of 2 metres the soils
were stronger ; they have Been influenced by dessication and probably
by precipitation of cementing agents. It is also true that in the field
these soils fail in tension for small slope movements and therefore
probably make no contribution to the s(;gbili_ty of a slope that is close to

failure.

From these limited observations, it is concluded tentatively that
the stability of a natural slope in soft Norwegian clays can be estimated
approximately using the minimum shear-strength characteristic
s/(rn’ = 0.62. This is the minimum resistance envelope obtained from
Fig.3.12; it includes the influence of the weathered as well as the un-
weathered clays in the soil profile, and it includes the stabilizing

influence of the bowl shape of the slip surface.

3. For most of the slides studied there was inadequate informat-
ion concerning undrained shear strength of the soils to make comprehens-
ive total-stress stability calculations. From the little data that has been
presented it appears that the total-stress method can give both good, but

more frequently poor, results and this is in agreement with the findings
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4, Common features of all the slides studied here, an"éi"'i-n‘fact
all witnessed slides in soft clay, are that (i) they began as rather small
initial slides, (ii) the size of the initial slides were not necessarily
dictated by the total heights of the slopes, and (iii) the final slide areas
were in no way dependent onsthe size of the initial slide (Table 3-1).
Also, in those cases for which the location of the initial slide surface is
known (Selnes, Ullensaker and Lodalen in this thesis; Vormsund, at
present being investigated by the Norwegian Geotechnical Institute;
Nicolet, Bilodeau, 1957; Vibstad, Hutchinson, 1965), the slip surfaces
were shallow and at their deepest points did not extend more than 2 to 3
metres below the level of the foot of the slope. Thus, from this limited
evidence, it is tentatively concluded that in soft clays the problem of
slope stability is a local one, and that if small slides can be prevented,

then large slides will not occur.

5. Another common feature of all natural slopes in which or near -
which slope failures have occurred is that water overpressures exist at
the base of the slopes. These overpressures are frequently large and
reduction of them by drainage trenches or drainage holes would increase
the potential shear resistance of the soils significantly at the foot of the

slope.

; 6. Once an initial slide has occurred, and if there exist
unsupported steep faces of soil around the slide scarp, there is danger
of instability spreading. If the unsupported steep faces are in weak clay
(in the undrained sense) these faces will immediately fail, and if the soil
is very sensitive the slide masses will slide away leaving other faces to
fail. If the soil is both weak and very sensitive, this process can proceed
extremely rapidly, as witnessed at the Selnes and Gota slides. If the soil
is stiff (dilatant), a steep face might remain stable for some time before
failure occurs. Thus, at Ullensaker where the first slides involved pri-
marily weathered clay the rate of retrogression was small, but once
quick clay became exposed the slide developed very rapidly. There are

two slides in Norway with which the author is familiar where the surface
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soils were stiff to depths of 5 to 10 metres and the underlaying soils
were weak. In both cases the slides developed retrogressively by
failure of the steep rear slide scarp, one (Vormsund) at the average
rate of 50 metres per day for 3 days and the other (Ask) at the average

rate of 2 metres per day for 30 days.

Concerning the rates at which slides involving quick clays can
develop, there is absolutely no evidence (with the possible exception
of Furre that will be considered in a later chapter) that they liquify in
a manner similar to the well-known behaviour of loose sands in certain
laboratory demonstrations. In fact, a brief review of available informat-
ion on flow slides in sands indicated that these flow slides are also not
the result of sudden liquifaction over large areas, but rather that they
are the result of.retrogressive instability similar in mechanism to the
piece-by-piece development of quick-clay slides (Koppejan, van Wamelen
and Weinberg, 1948; Senour and Turnbull, 1948). Similarities of
behaviour of loose sands and quick clays are also apparent after examinat-
ion of the photograph presented by Jordan (1949) of an earthflow in
Florida that resembled in every respect the slide in quick clay at Ullen-
saker; that is, a shallow bowl-shaped depression 300 metres in dia-
meter and 15 metres in depth, located in a terrace and opening through
a narrow gap to a stream valley eroded in the terrace. The main
difference between the two slides was that Ullensaker was quick clay i
and the Florida earthflow was partly indurated clayey sand of Miocene

age.



Table 3-1. Comparison of sizes of initial and total slides.

TABLE 3-1.

P

Tnitinl slide

Total slide

. Width | Length| Volume| Area Volume| Total
Slide Clay from | along height
foot foot of slope
m m 103 rn3 103m2 103m3 m
Selnes Quick 17 30 2.5 18 . 140 12
Ullensaker | Quick < 30 30 2 20 - 160 12
Gota Quick 30 130 25 150 2000 10"
Naddum Quick 11 30. 1.5 1.8 | 11 5
Drammen Sensitive 18 40 4 littlel: change 15
Lodalen Insensitive 40 50 10 little change 18
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Chapter 4. Physico-Chemical Properties of Minerals
and Their Influence on Shear Resistance
and Compressibility.

1. Composition of Quick Clay.

Most quick clays are located in sub-polar glaciated regions
of the northern hemisphere, and they are composed of fine-grained
particles from glacial debris that have been separated, sorted and
transported by fresh-water streams, finally to be discharged into
marine waters where they flocculated and sedimented. In grain size
these clays consist primarily of particles smaller than 60p (0.060 mm,
upper limit of the silt range), which, for comparisori, is the approx-
imate upper limit for milled flour. Because glacial debris in Norway
is mostly the product from crushing pieces of igneous bedrock, the
individual particles composing Norwegian quick clays are pieces of
minerals (in both unaltered and weathered states) that composed the
bedrock from which the glacial till was derived. The minerals are
the massive minerals quartz, feldspar, hornblende and calcite and
‘the layer-lattice minerals mica, hydrous mica and chlorite. The
massive minerals quartz and feldspar compose most of the grain-size
fraction from 60 to 2y in quick clays, and below this range the layer-
lattice minerals of the mica group predominate. The mineralogical

compositions of some quick clays are given in Table 4-1.

Fig.4-1 contains some photographs of particles typical
in quick clays. One photograph shows the minus 60p fraction of a till
that consists of particles of quartz and feldspar, typical for the coarse
fraction of quick clays. These particles are angular, either because
they are the original crystals in the parent igneous rocks (Smalley, 1966)
or because they are the products of crushing of larger crystals. Particles
of this size are too small to be abr‘aded during water transport and
therefore it is to be expected that all particles of massive minerals

in quick clays are angular in form.

Photographs are also presented of the minus 2p fraction of

Selnes quick clay. In these photographs the particles are shadowed by
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a beam of light inclined at 1: 4, so that shadows are cast equal in length
to 4 timestheheight of any obstructions (the short bright shadows in the
photographs are features of the apparatus and not of the particles). It
is easy to distinguish between the thick particles of massive minerals
and the thin flakes of micaceous minerals. The results of X-ray
diffraction studies indicate that in this sample, and for most Norwegian
quick clays, the micaceous minerals are predominantly mica and
hydrous mica, accompanied by some chlorite. Some of the large mica-
ceous flakes are obviously terraced along cleavage planes. The faces
of many of the small flakes appear to be complete cleavage planes, but
the soft-looking, rather diffuse edges of these particles indicate a
gradual thinning of the particles toward the edges, presumably as step-
like cleavage terraces. Hence, even these micaceous flakes should be

considered as being angular, at least along the edges.

2. System Chemistry and Residual Shear Strength.

-l e e en e e e s e e e e e e e e e em e e e e e e e

Method.. It has been mentioned previously that very small
values of drained shear-strength parameters have been reported for
quick clay and for loose sand. There are several explanations for these
results, and the possibility that will be explored in this chapter is that
a natural soil, composed of different mineral particles, could exhibit
small drained strengths because one of the mineral components has very
small strength properties that dominate the behaviour of the soil. ‘Atten-
tion will therefore be concentrated on the strength properties of aggreg-
ates of pure minerals and mixtures of pure minerals. The main

differences between such materials and natural quick clays are that
quick clays possess a natural soil fabric and inter-particle c'ementa_,t'iyon
bonds. The first factor generally means that the porosity of a natural
qﬁick clay is larger than that of an artificial sample, and the second
factor means that the strength properties of a natural quick clléﬁy are
dependent on cementation bonds, cohesion and friction, whe/r'eas those
of an artificial sample are dependent only on cohesion and f(riction,
these terms being more rigorously defined later. If it were not for the

cementation bonds, natural quick clay would behave in drained shear
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tests in similar fashion to a very loose aggregate of individual clay-
mineral and massive-mineral particles, and the shear resistance

would increase steadily until the ultimate or residual value (Skempton,
1964) was reached. If the same soil was tested, beginning from a much
smaller porosity, the shear resistance would increase to a maximum
value and would then decrease to the same residual value. Hence, for
a very loose uncemented soil the drained shear strength, the minimum
drained shear strength and the residual drained shear strength are one
and the same thing, and it is equal to the residual strength of any
sample of the same soil independent of the initial porosity. In the case
of cemented soils, if at some stage in a test the cementation bonds are
broken more rapidly than the sum of frictional and cohesive resistance
is developed, a temporary reduction of strength, or local failure, will
result, possibly at a shear resistance less than the residual shear
resistance. Obviously, if the test were continued, the shear resistance‘

would ultimately rise to the residual strength value.

The program that has been started had as its purpose the
determination of the residual-strength characteristics of the component
minerals in quick clays, in different chemical states, and also of
mineral mixtures. The following test method was adopted (Kenney,
1966a). All materials that were tested contained primarily particles
smaller than 60p. Samples, 80-mm diameter and about 1 mm thick,
were consolidated in the direct-shear apparatus described by Bjerrum
and Landva (1966) between two filter plates (carborundum stones) that
were prevented from tilting. A ring confined the sample during con-
solidation. For ver); fine-grained materials, the filter plates were
covered with cellulose filter sheets. The bottom filter plate was kept
flooded with water having the same chemical composition as the pore
fluid in the sample being tested. The test was performed by shearing
the sample back and forth 2 mm from centre until the shear strength
became constant at its residual value. The rates of strain that were
used varied from 1 mm/hr to 1 mm/7 hrs to allow complete pore-
pressure dissipation. It will be mentioned later that within this range

of strain rates the magnitude of residual strength for any material



- 68 -

remained essentially constant (see Fig.5-2). Slipping between sample

and filter plates did not occur with any of the materials that were tested.

Massive Minerals. Samples were tested of quartz, feldspar

and calcite, the most important massive minerals in Scandinavian soils,
that had the characteristics listed in Table 4-1. These were crushed
minerals, the largest grains being less than 60p and containing 1 to 2%
b}} weight less than 2u. Additional samples of very fine-grained quartz
“and feldspar were prepared by removing and retaining the minus 2u
fraction of the bulk sample. All samples were mixed and tested in
distilled water. The test results are given in Table 4-1 and Fig.4-2 .

and lead to the following conclusions :

(a2) Residual shear resistance, tg Preg Of crushed quartz,
feldspar and calcite are equal. (The quartz exhibited
stick-slip behaviour, and the maximum or static

resistance has been plotted in Fig.4-2).

(b) tg ¢p.og is independent of grain size.

(c) Residual shear strength is directly proportional to normal

stress.

The crushed materials consisted entirely of sharp angular
particles, and to investigate the possible influence of grain shape
(Jakobson, 1957) two additional samples were obtained that consisted of
more rounded grains; one sample was a dune sand from the Sahara
Desert and the edges of the particles were rounded but the general shape
of the grains was angular, and the other sample was smoke dust from a
ferrosilisium smelter and the particles were absolutely Sphericai and
consisted of amorphous SiO‘2 (chemically equivalent to quartz). Photo-
graphs of the two materials are given in Fig.4-1. The test results
(Table 4-1 and Fig.4-2) indicate smaller values of tg Pros than for the
strongly angular crushed materials., The Sahara sand can be considered
as providing the lower limit of angularity and of residual shear strength
for the massive minerals contained in Norwegian clays. The SiO,

probably provides the absolute lower limit of both angularity and grain
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size for massive minerals, and its large residual shear strength of tg Pres
=~ 0.56 probably is also the lower limit of strength for an aggregate of

massive minerals composed of quartz, feldspar or calcite.

The range of tg Pres for crushed massive minerals and Sahara
sand is from 0.69 to 0.58 at a normal stress of 1 kg/cmz, corresponding
to ¢ g values of 35 to 30 degrees, and these values were obtained after
considerable strain in drained tests. They are in agreement with most
published data on granular materials, with the exception of the results of
drained triaxial tests on loose sand presented by Bjerrum, Kringstad and
Kummeneje (1961) and the result of a drained direct simple-shear test
on loose sand presented by Bjerrum (1961), that gave minimum values
of tg ¢4 = 0. 36 and 0.29, respectively ((,od = 20 and 16 degrees). These
tests were of considerable importance to this thesis because on the basis
of the results Bjerrum (1961) drew very important conclusions concerning

the behaviours of quick clays and other loose-structured soils,

A careful review was made of the original triaxial test data
(Kenney, 1966b) and it was found that all the tests that gave values of
Pq< 26 degrees were not acceptable. The drained triaxial tests that gave
these small values were performed by deforming the samples at constant
rate of strain and keeping the axial stress o, constant by reducing the
radial stress 0. in steps, andthe tests were stopped when 0,-0.. became
maximum. When the tests were stopped at (Ga-or)max, the ratio Ua/O'r
was still increasing and therefore tg @q was still increasing. Hence, all
the reported small values of @ are underestimates. The smallest value
obtained from the acceptable triaxial tests is tg¢gy = 0.5 (¢4 = 26 degrees).
The small value of @3 obtained from the direct simple-shear test was more
remarkable than the triaxial-test results because the shear resistance of
the sample actually decreased from a maximum of tg ?q = 0.29 to a value
of tg @q " 0.23 ((pd = 13 degrees) when the test was stopped. From the
original test records much information can be found that indicates that
this test could be inaccurate; for example, this test was one of the initial

series performed with a prototype apparatus that still had many short-
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-comings andalso a remark was found in the records that a water lead
became bent at a certain stage of the tests and prevented water from
leaving the sample, this providing the possibility of the existence of excess
water pressures during some of the tests. Although these are possibilities,
no definite evidence could be found on which this test could be judged un-
acceptable. However, in several later test programs on similar, but not
identical, sand, using improved apparatus and testing techniques, and
obtaining very large initial porosities, the minimum shear resistance

that was ever obtained was tg ¢y = 0.51 (god = 27 degrees), and this is a
strong indication that the very small value of ?3 reported by Bjerrum is
not reliable (Kenney and Strlie, 1966).

Layer-lattice Minerals. Thc next group of minerals that was

tested was the layer-lattice group, frequently referred to as clay minerals
when the particles are small in grain size. Those that are of greatest
importance to this study are mica and hydrous mica because they are the
predominant materials in the minus 2u range of particle sizes in Norwe-
gian clays and compose about 50% of the total dry weight. The mica
found in these clays is primarily muscovite, and it can degenerate by
loosing potassium to become hydrous mica, then illite, until complete
degeneration would result in montmorillonite. Whereas muscovite and
montmorillonite are distinct minerals, hydrous mica and illite (and
others) are only intermediate phases of degeneration or generation be-
tween fhese two mineral types. Another constituent of most Norwegian

clays is the clay mineral chlorite, but it has not been tested in this study.

One of the most important common characteristics of the clay
minerals mica, hydrous mica and montmorillonite is their surface re-
activity., Due to atomic-lattice imperfections within the particles, the
cleavage surfaces have a negative charge. The edges of the particles
are not cleavage surfaces but are fractures across the lattice layers,
and due to broken valence bonds the edges have a net positive charge
that, for the clay minerals in question, is considerably smaller than the
negative surface charge. In the presence of an electrolyte, the positively -
charged ions, cations, are attracted to the negatively-charged cleavage

surfaces, and the negatively-charged ions, anions, are attracted to the
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positively .charged edges. The cations are loosely held by long-range
forces originatiné from within the particle, and they can be exchanged by
other ions depending on relative concentration, valence, polarization and

size of the different ions.

The reason why system chemistry must be taken into account
in the study of quick clays is that they have experienced in their histories
important changes of system chemistry. They are marine deposits,
originally sedimented in strong solutions of NaCl. Inthis environmentthe
negative potential at the faces of the clay-mineral particles was satisfied
by Na cations and the particles became converted to the Na-state. Sub-
sequently, when the soil was leached by fresh water, the NaCl concen-
tration in the pore fluid was reduced, but the clay particles remained in
the Na-state. Because the ion concentration in the pore fluid was then
small, the addition of small quantities of other cations to the system
could cause the replacement of sodium cations on the particles, and one
such exchange that is common in nature is the replacement of sodium by
potassium being released during the weathering of mica and feldspar. To
simulate in the laboratory these changes that occur in natural soils, the
clay minerals that were to be shear tested were prepared in several
different homoionic states (state in which there is only one type of cat-
ion present), such as sodium, potassium and calcium, with different
ion concentrations in the pore fluid. In addition, some samples were
prepared from the sodium state by the addition of the dispersant Calgon.
The action of Calgon will be considered later. The method of preparation

of the clay minerals is described in Appendix 1.

Most of the tests were performed on three clay minerals;
muscovite, hydrous micax)and montmorillonite. The muscovite was

purchased in a crushed state. The hydrous mica was the fine fraction of

x) The term hydrous mica will be used where, in reality, it would be
more correct to use mica/hydrous mica. In X-ray diffraction tests the
material is identified by a broad-based 10 A reflection, but the base of
the reflection is insufficiently broad to indicate illitic minerals.
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the natural Selnes quick clay and contained 10% massive minerals and

5% chlorite. The montmorillonite was the fine fraction of a bentonite

sold under the trade name KWK. The characteristics of the various pre-

parations of these clay minerals and the results of the shear tests are

given in Table 4-1 and Fig.4-2. The following conclusions can be drawn

from the results of the tests:

(2) The minimum shear resistance of hydrous mica was
obtained for the sodium, low salt-content state (the state in

which quick clays exist). At a normal stress of 1 kg/cmz,

'8 Pres

sodium high salt-content state (marine clay before leaching)

=~ 0.3, corresponding to Pres = 17 degrees . For the

the residual strength corresponded to tg Pres = 0.45 or
Pres = 24 degrees, and for the potassium low salt-content
state (weathered leached clay), tg Pras ™~ 0.39 or Pros™ 21

degrees.

(b) The behaviour of the clay minerals was found to be
strongly influenced by system-chemistry changes. Increases
of residual shear strength were obtained for (i) increases of
electrolyte concentration, (ii) use of cations having larger

s kT Na+)’ (iii) use of cations having

valencies (Ca
greater polarization (K > Na) and smaller size in the

hydrated state (K < N_).

(c) The factors listed under conclusion (b) also caused
increases of plasticity and residual water content of musco-
vite and hydrous mica. The opposite results were obtained

for montmorillonite.

(d) Calgon caused a decrease of the residual strength of all
the clay minerals, and changed the plasticities and residual
water contents in the same direction as that caused by a de-

crease of electrolyte concentration,
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To place the last three conclusions into a mechanistic frame-
work, it will first be necessary to consider the physico-chemical proper-
ties of clay minerals. This subject is large and complex, and a detailed
treatment of it is beyond the scope of this thesis. A brief and over-
simplified picture will be given, and for more details the folloWing :
references are recommended; Rosenqvist, 1955; Lambe, 1960; Grim,
1962 ; van Olphen, 1963. The clay-mineral particles have excess negative
charges existing within their faces and a number of unsatisfied positive
charges existing around their edges. Cations are attracted to the negativ-
ely-charged surfaces, but these ions also desire to move away from each
other due to electrostatic forces of repulsion and thermal energy, and
therefore the actual positions they o.ccupy are compromises between these
forces. The thickness of the resulting diffuse ionic layer around the clay
particles is the distance required to neutralize the net charge on the
particle; that is, the distance over which there is an electric potential
around the clay particle. When the cation concentration in the pore fluid
is increased there are more cations available to satisfy the surface-
charge of the particles, and therefore the thicknesses of the diffuse layers
of ions and water around the particles decrease. Decreases of thickness
also would be obtained if the cation concentration remained the same and
if cations were used that had larger valencies, higher degrees of polarizat-
ion, or smaller hydrated size. All these factors increase the ability of
the cation to satisfy the surface charge and/or to move more closely to the
particle and to other cations. In principle, the same explanation applies to
the edges of the particles, except that the charges to be satisfied are

positive and that this is accomplished by anions.

There are essentially four types of forces that influence the
normal stress transferred between clay-mineral particles. The first is
the externally-applied effective-stress force caused by the weight of the
soil or by an applied load. The second force is the van der Waals force
of attraction that is important when the distances between particles are
small, but that decreases very rapidly for increasing distances. The
third force is one of electrostatic attraction between unlike charges on
the faces and edges of different particles. This force is sensitive to

changes of inter-particle distances and is influenced by changes of system
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chemistry, possibly increasing for increasing electrolyte concentrations
and increasing for increasing polarizability of the cations. The fourth
force is the electrostatic force of repulsion between similar diffuse ionic
layers. This force is sensitive to changes of inter-particle distances
and is greatly influenced by changes of thickness of the diffuse ionic

layers as the result of changes of system chemistry mentioned previous-

ly.

If these forces act over a unit of area, the net risult of all
norma
the stresses can be defined as the absolute inter-particle/‘stress, (o

an’
o’ = o+ (A-R). . ..o 000 4.1

normal
where ¢’ is the applied effectiv%stress, A is the sum of the van

der Waals and electrostatic forces of attraction per unit area,
and R is the repulsion force per unit area due to the interaction

of similar diffuse ionic layers (Lambe, 1960).

Apart from attraction and repulsion forces between particles,
there can also exist what can be called linkage bonds. These bonds can
be imagined as forming linkages between particles, without directly
affecting the normal forces acting between particles. As an example of
the linkage-type bond, polyvalent cations can be attracted to and form
direct linkages between two particles that are in contact. A similar
type of link can be formed by macro-sized particles of calcium carbo-
nate, ion hydroxides and.oxides and aluminum hydroxide gels, that can
possess surface positive charges and therefore might act in the same
manner as polyvalent cations. A third type of linkage bond is the hydrogen
bond that results from the linking of hydroxyl ions in the surface of the
mineral crystal to hydroxyl ions in the water phase through the sharing of
hydrogen ions., Per unit area of a plane through a soil mass, the linkage-
bond strength, bl’ is dependent on the mineralogy of the soil, the system
chemistry, the number of clay-mineral particle contacts, and the effective

size of these contact areas.
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In natural soils, as Oppos\ed to remoulded soils, there can
exist interparticle bonds caused by the cementation action of chemical
precipitates, and possibly bonds caused by the welding together of particles
under stress (recrystallization). These bonds can be imagined as being
brittle and failing at small strains. Such cementation and weld bonds will
be denoted by the symbol bc'

Let it now be assumed that the shear resistance per unit area,
s developed in a particulate mass is equal to the sum of the cementation-
bond strength bc’ linkage-bond strength, b;, and the product of the
absolute normal stress, Oa,n’ and the average absolute coefficient of
frictionx) between soil particles, q;a, that will be assumed to be independ-

ent of system chemistry.

For natural soils

.
1]
it

bc+b1+aa . an

u

bc+b1+[o’+(A-R)]¢a. - A

b

For uncemented soils: S + [0’ + (A-R)]\pa R T

1

In these equations, the terms b1 and (A-R) are similarly affected by most
system changes. For example, the use of polyvalent cations will increase
) and (A-R). Similar

changes would occur for the presence of cations of increasing polariza-

b1 and decrease R, and result in increases of both b

bility. Reductions of ion concentration would increase R and hence

decrease (A-R) and if it had a direct influence on b1 this effect could be

imagined as decreasing bl’ Most of these factors cannot be quantitatively

x) The term friction is used to describe that shear resistance between two
particles that is proportional to the normal force acting between the

particles, independent of the fundamental cause of the resistance.
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described, and equation 4.3 does not provide, for example, an explanation
of why all minerals and soils exhibit a residual shear strength that is
nearly directly proportional with applied stress, but it will be shown that
it provides a qualitative explanation of the effects of system-chemistry

changes.

Referring back to the conclusions drawn from the test results on
uncemented soils, it has been explained that the three factors listed in
conclusion (b) reduce the repulsion stress R and can increase the
attraction stress A and the linkage-bond strength bl, the net result being

that the terms (A-R) and possibly b, increase in magnitude and hence

1
from equation 4.3 the shear resistance increases, as measured in the

tests.

Conclusion (c) concerned increases of plasticity and increases
of residual water content that were dependent on the three factors listed
in equation (b). These three factors cause an increase of the term
(A-R) and possibly b

static and van der Waals forces and also face-to-face association by van

and enhance edge-to-face association by electro-

der Waals forces. In the case of muscovite and hydrous mica the edge-to-
face association or cardhouse structure is the most desired by the
particles, and therefore an increase of the term (A-R) and b, causes

an increase of shear resistance between particles. The liquid limit is

the water content at which a soil exhibits a specific dynamic shear strength
(Kenney, 1963), and if the soil exists at its liquid limit and system changes
are made such that (A-R) and b1 are increased, its strength will increase
and water will have to be added to reduce the strength again to the specific
value for the liquid-limit test. In the case of montmorillonite, in which the
particles are very active and have very thick diffuse ionic layers in
comparison to their own thicknesses, an increase of the term (A-R) causes
the particleé to move together to the extent that at large electrolyte concen-
trations or in the presence of polyvalent cations the montmorillonite

" particles have grouped themselves tightly into pockets or aggregates of

‘ parallel face-to-face particles. To do this there must be water expelled

from between the aggregating particles. Although the reduction of the
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repulsion forces and an increase of b1 increases the shear resistance

that can be developed between particles, the amount of water expelled
from within the particle aggregates has the greatest effect. Therefore,
increasing the term (A-R) by any of the three methods listed in conclusion
(b) will have the same effect as adding water, and in the case of mont-
morillonite the water comes from within the soil itself rather than from

outside.

The residual water content in a shear test depends on the shear
resistance that can be developed at the particle contact points to resist
volume change, and it also depends on what fabric the soil particles
desire for a particular system chemistry. These same factors governed
the water content at the liquid-limit strength, and therefore residual-
strength water content and liquid-limit water content will vary similarly

for system changes.

Conclusion (d) concerned the effects of Calgon. Calgon is a
trade name for sodium hexametaphosphate. In solution it dissociates
into sodium cations and long chains of negatively-charged phosphate
anions. The sodium cations are attracted to the faces of the particles.
The large-valencehexametaphosphate anions are attracted to the positively-
charged edges of the particles and they react with exposed aluminum in
the layer-lattice structure to become chemisorbed in the form of complex
anions. Each large-valence anion is attached to a particle at only a
fraction of its ionic groups, and the remaining excess negative charge gives
the edge of the clay-mineral particle a net negative charge. In this way
the whole particle surface becomes negatively charged, eliminating any
electrostatic forces of attraction that existed prior to Calgon treatment.
Therefore, in terms of the shear resistance equation 4-3, the stress A
has been reduced considerably, and R and bl have remained relatively
constant (depending on changes of the Na® concentration in the pore fluid),

and the net result is a decrease of (A-R) and a decrease of 5,

Mineral Mixtures and Natural Soils. Although the residual-

strength shear tests showed clearly that the minimum shear resistances

of the mineral components of quick clay were large, the results were not
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proof that mineral mixtures could not exhibit strengths that were smaller
than those of the component minerals. A series of tests were made on
quartz-clay mineral mixtures, and the results are given in Fig, 4-3.
Quartz was chosen to represent the content of massive minerals. The
results clearly show that the tg Pres of the mixture varies smoothly
between the values of tg Pres of the two minerals in the mixture. For all
the mixtures tested it was found that tg Pros of the mixture never became

smaller than tg Pros of the clay mineral in the sodium, zero-salt state.

Also plotted in Fig.4-3 are the results of tests performed on
remoulded natural clays, one group being quick clays from Norway and
Canada that are composed primarily of massive minerals and the clay
minerals hydrous mica and chlorite, and the other group being clay shales
that have reasonably large contents of the low-strength mineral mont-
morillonite and mixed-layer minerals containing montmorillonite. The
quantitative mineralogical compositions of the soils were determined by
chemical, DTA and X-ray diffraction methods (Appendix 2) and the
results are summatized in Table 4-1. To plot the results of the tests on
quick clays in Fig.4-3 the sum of the contents of the clay minerals
chlorite, hydrous mica and mixed-layer montmorillonite was taken as
the content of mineral A. In the case of the clay shales, the montmorillo-
nite group of minerals would have greatest influence on the behaviour of
the soil, and therefore the sum of the contents of montmorillonite and

mixed-layer with montmorillonite was used to plot the test results.

The two sbil groups plot separately in Fig.4-3 and are in reason-
able agreement with the test results for artificial mixtures. The quick
clays, without exception, plot above the mixture curves, and the
reason for this is not known yet. It could be due to inaccuracies in the
determination of the mineral composition of the soils. It could be due to
the soils being in chemical states quite different from the sodium state,
the possibility being that weathering in the laboratory had occurred; such
an effect should have altered the plasticity of the clays, but this does not
seem to have happened. Another possibility is that grain-size distribution

is of importance in those natural clays that have a progressive change in
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grain size, such as most micaceous clays. Thus, in the artificial
mixtures of hydrous mica, the quartz might have been too coarse and too
narrowly graded. For soils containing montmorillonite, the montmorillo-
nite is usually extremely fine grained, and it is possible that such natural
soils have discontinuous grading curves somewhat similar to those of the

artificial mixtures that were tested.

Although the agreement between tg Pres of natural quick clays and
tg @0 of mineral mixtures is not particularly good, and although the
reason for this is not yet known, the results of these tests indicate that
the minimum drained strength of uncemented quick clays, and their

mineral components, is not less than tg Pres ° 0.30.

Conclusions.

(a) It has been explained that the minimum drained shear strength
of an uncemented soil, independent of porosity, is equal to the residual
shear strength at large strains. Therefore, to determine the minimum
drained strengths of uncemented quick clays and loose sands, and their

mineral components, a program of residual-strength tests was performed.

Tests on massive minerals indicated a range of tg Pres = 0.58 to
0.69, tg Pres depending primarily on the angularity of the particles,
possibly on the grain-size distribution, but not depending on absolute grain
size. These results were in conflict with small tg ¢;-values.reported by
Bjerrum (1961) and Bjerrumetal (1961) and checks were made of the
original test data. By eliminating those tests that were in error, it was
found that, for the sands tested, tg (de 0.5, which is in general agree-
ment with the residual-strength tests. Also of importance was the
observation that in all the acceptable NGI triaxial and direct-shear tests
on sand there did not occur a premature or local-type failure at a stress

level less than tg @q * 0.5.
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(b) Hydrous mica is the predominate clay mineral in quick clays
and in residual-strength tests its minimum strength corresponds to tg P4
= 0.30. This result is little affected by grain size (it increases for decreas-
ing grain size). The residual strength of clay minerals is very dependent
on system chemistry and strength increases result for increases of ion
concentration, increases of the degree of polarization of the cation,

increases of cation valence, and decreasing size of the hydrated cation.

(c) Tests on mineral mixtures support the results of tests on
pure minerals, indicating that the minimum drained strength of quick clay
is tg ?3 > 0.3. Tests on remoulded quick clays gave tg <pres~~>- 0.5, a value
considerably larger than that expected from the results of tests on mineral

mixtures, and the reason for this finding cannot be given.

4. System Chemistry and Compressibility.

- e e e el - e e e e o

If changes of system chemistry have influences on the shear-
resistance properties of clay minerals, it might be expected that they
could also have influences on the compressibility of soils because com-
pressibility is governed by the shear resistance that can be developed
between particles. If the shear resistance between particles could be
increased the soil would become less compressible, and if the shear
resistance between particles could be decreased the soil would become

more compressible.

Of primary interest in the study of quick clays was the behaviour
of a marine clay during the reduction of salt content in the pore fluid. From
the experiments concerning residual shear resistance it was found that a
decrease of the electrolyte content would cause an increase in the thickness
of the diffuse ionic layers, an increase of the repulsion forces between
clay-mineral particles, and a reduction of the shear resistance that could
be developed between two clay-mineral particles. Therefore, it could be
expected that leaching would cause decreases of shear resistance at
particle contacts, and at those particle contacts where‘the shear resistance

was reduced below the level of the inter-particle shear stress acting before
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leaching shear strain or slipping would occur and this would be mani-
fested as volume compression. On the other hand, if at the particle
contacts there existed a reserve of shear strength that was greater than
any strength reductions that could occur due to system changes by leach-
ing, the process of leaching would not cause compression but it would
lower the available strength reserve at the particle contacts, and for
increases of applied load the sample would exhibit smaller values of
““apparent”” preconsolidation pressure Pc’ and larger compressibilities.
Conversely, if the electrolyte concentration of a sodium clay was small,
such as in a natural quick clay, and the electrolyte concentration was
increased, then this should result in a stronger, less-compréssible clay
than the original one. Four test programs were made to investigate the
influence of system~chemistry changes on compressibility. Three of
these programs concerned the effects of reduction of ion concentration,
and they will be described in this section. The fourth program concerned
the effects of system changes on a cemented quick clay, and it will be

described in the following section.

The first program was performed on undisturbed samples of
Manglerud III quick clay. Samples were built into 50 cm‘2 and 2 cm high
oedometer cells having top and bottom pieces similar to those in Fig.2-3
that enabled the sample to be permeated by fluid by using a 1-metre length
of suction tube hanging from the oedometer cell to the floor (Fig.4-4).
The samples were loaded to approximately the natural overburden
pressure, and at this stage they were permeated with a solution of
30 gm NaCl/l to raise the salt content to about the level it was during
natural sedimentation. The samples were then loaded to pressures
corresponding to P’ /Po’ = 1.3, 1.7 and 2.3, and after a period of 4 days
they were leached with a solution of 0.5 gm NaCl/l. As shown in Figs.
4-5 and 4-6 large compressions resulted from the decrease of the electro-
lyte concentration in the pore fluid. Of special interest is the behaviour
of test @ 6, Fig.4-6. Due to air in the seepage leads, there was a period
during the leaching process when little fluid passed through the sample.
At this time the salt content of the effluent was about 10 gm NaCl/1 and

therefore the average salt content of the sample was somewhat higher
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than this value (seepage occurs thro.ugh the most open channels in the
soil). Rather little compression occurred during this period. Very
shortly after seepage was resumed, and when the salt content decreased
below about 10 gm/1 compression occurred. This same general behaviour
was found in all tests and it agrees well with Rosenqvist’s finding
(Rosenqvist, 1955) that changes of NaCl concentration above 10 gm/1
have little effect, whereas changes below 10 gm/l can have large effects

_on the behaviour of unweathered Norwegian clays.

The results of these tests showed clearly that decreasing the
electrolyte concentration from 30 to about 1 gm NaCl/l caused consider-
able compression of the samples at axial stresses greater than Po’ . As
shown in Table 4-2, leaching also caused significant decreases of
plasticity of the soil from its high-salt state (wL = 45%, Wp =~ 22%). All
three samples were quick upon completion of the tests, in spite of the fact

that they all had experienced large compressions.

This test series left unanswered several questions: (i) what
would be the behaviour of a natural salt clay subjected to leaching, (ii)
would samples, subjected to axial stresses less than the overburden
pressure, compress due to leaching, or perhaps even swell, and (iii)
what would be the effect of increasing the salt concentration again after
the sample was first leached? To answer such questions a second series
of tests were performed on the Skdyen clay, a natural normally-
consolidated salt clay, that has been briefly described in Chapter 2. The
results of these tests are given in Table 4-2 and Figs. 4-5, 4-7 and 4-8,
Samples were loaded to axial stresses both smaller and larger than the
existing overburden pressure PO' , and after periods of constant axial
stress, during which the secondary-compression curve could be determined
(usually about 2 weeks), the samples were leached and later loading was

continued.

The results are generally similar to the first series of tests on
Manglerud III clay, but the compression due to leaching was very much
smaller for the Sk&yen samples than for the Manglerud III samples. If the

water contents of these samples before leaching are considered with
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respect to their plasticities after leaching, it is found that for Manglerud
111, IL> 4, and for Skdyen, I
which I

1, & 1, with the exception of sample @ 122 for

L= 1.9 and which experienced the largest compression of the Skéyen
samples. It appears that the susceptibility of a clay to large compressions
upon leaching is dependent on the degree to which leaching can decrease the

‘plasticity characteristics of the soil in relation to the water content of the
soil. If the resulting liquidity index is less than unity, little compression
will occur. If the vresulting liquidity index is much larger than unity and
the soil structure is not held together by strong cementation bonds, large
compressions will occur; if the soil is strongly cemented, small com-
pressions will occur. Butextending this line of thought, it can be postulated
that those clays in nature that possess both very large liquidity indices and

sensitivities are cemented clays, but proof of this is as yet very limited.

The riesults of the tests indicated that the apparent preconsolidation
pressure ,PC’ was equal to about 0. 8Po’ (indicating sample disturbance),
and that at a stress level less than Pc’ (test @ 121), leaching caused
compression (Fig.4-7). At stress levels above P_' the leached samples
did not exhibit any quasi-preconsolidation upon reloading (Leonards and
Ramiah, 1960), except the special test (@ 126 that, after leaching, was
permeated with a solution of 30 gm NaCl/l before loading was resumed.

It will be observed in Fig.4-8 that the rate of secondary compression of
sample @ 126 diminished as soon as the salt concentrationin the pore fluid

increased.

The thiz;d series of tests have been described in Chapter 2 and the
results are given in Table 2-2 and Figs.2-5 and 2-6. These were tests
on the Sk&yen clay in which leaching was performed at axial stresses below
and above Po’ . The compressibility behaviours of the samples were
similar to those described above and require no further comment. In
addition to measuring volume changes, the radial stresses in the samples
were also measured and it was found that in all cases small increases of
Gr’ resulted from decreases of the electrolyte concentration of the pore
fluid. Similar tests have not been performed on clays that exhibit large
compressions as the result of leaching; it is possible that for such clays

the increase of K.O during leaching would be larger than those shown in
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Fig.2-6. If no compression results from leaching, then there will be no
increase of Ko (no strain change, no stress change), independent of

whether or not the leached soil becomes quick.

The main results of the three test series can be summarized as
follows. Reduction of electrolyte concentration in sodium clays from 30
to about 1 gm NaCl/l caused (1) decreases of plasticity, (2) increases of
liquidity index, and hence (3) increases of sensitivity, in spite of (4)
volume compression. It was found that (5) the rate of volume compression
was accelerated and the compressibility of the soil increased by reduction
of salt concentration, and (6) the opposite was observed for an increase
of salt concentration from about 1 to 30 gm/l. (Better evidence of this

is presented in the following section). Finally, (7) reduction of salt

concentration at constant axial stress caused an increase of Ur’ .

Points 1 to 3 require no comment, having previously been dis-
cussed. The remaining points will be explained with the use of Fig.4-9.
Two methods of explanation will be used, Method 1 being based on the
experimental fact that reduction of electrolyte concentration leads to a
decrease of the shear-resistance potential of clay minerals, and Method
2 being based on shear resistance in terms of average absolute stresses

at the particle contacts.

Soil compression in the oedometer is primarily due to slippage or
shear failure >at the contacts between particles; this sub-microscopic
shear failure is not to be confused with macroscopic shear failure in other
types of soil test. In diagram A is given a stress plot and a stress-
compression plot, and in the stress plot two Ko curves for normally-
consolidated clays are drawn, one for high salt and one for zero salt. The
high-salt curve represents sub-microscopic failure at higher shear
stresses than the zero-salt curve because high-salt clay minerals have
larger shear- strength properties than zero-salt clay minerals. In diagram
A it is supposed that a high-salt sample exists at stresses less than failure,

y

and upon increasing the axial stress o, the soil follows the indicated stress
and stress-deformation paths. If, however, the salt content had been
reduced before loading began, upon loading the weakened clay would not be

able to withstand as high shear stresses as the high-salt clay, with the
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result that it would follow a lower stress path and a larger-compression
curve. In diagram B the high-salt clay is in a normally-consolidated state
and in the stress plot it is located on the failure curve. If the clay is
leached the shear resistances at particle contacts are reduced to values
less than the acting shear stresses and micro-shear occurs causing

b4

compression at constant axial stress o, - Because the shear resistance

at the particle contacts decreased at constant O'a’ , then the radial stress

aa’ increased and K0 increased. Should salt now be added to the clay its
behaviour would be that shown in diagram A for a soil at oa’ /or’ < failure.

If the salt clay is loaded and unloaded until it reaches the failure state,

and then leached, the shear resistance at particle contacts will decrease

and micro-shear failures will occur, as in the case of normally-consolidated
clay. However, rather than compress as it did when leached in the
normally- consolidated state, it should swell and the radial stress orr’

should decrease.

The second method used to explain the test results has as its basic
assumption that the clay has a unique Ko~failure envelope defined in terms
of absolute stress, where the absolute axial and radial stresses are

given by the following equations.

T, g + (A-R)

o g’ + (A-R)
ar r

For increases of salt concentration the thicknesses of the diffuse ionic
layers decrease and the forces of repulsion R decrease. Conversely,
for decreases of salt concentration, the forces of repulsion R increase.
If the fabric of the clay has no preferred orientation (and this is a simpli-
fying assumption), the repulsion forces between clay-mineral particles
will statistically act equally in all directions and therefore can be con-
sidered as being analogous to a positive pore-water pressure. If the ion
concentration is increased, R will decrease, and the absolute effective

stresses transferred through the mineral particles will increase isotrop-

ically by Ao = -AR (more correctly, Ac= A[ A-R]. For decreases of
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the ion concentration, the absolute effective stresses transferred through

particles will be reduced by Ag= AR.

Consider now an element subjected to the external effective stresses

’

o
a

!

and 0 '. A measure of the shear resistance mobilized at the particle

contacts is the ratio of the average absolute stresses:

o’ cg’'+A-R
aa - a
o ' © 0.’ +A-R
ar T

By decreasing the ion concentration, R is increased and this leads to a

’

decrease of both ¢
aa

)

and o and to an increase of the ratioo__’ /o__’,
ar = aa’ ar

these changes occurring for no change of the average maximum shear

’

a

tests, both o’ and ¢’
aa ar

stress & (0.’ - ar’) = é—(caa - aar’) (see diagram C). In the leaching

decreased, but rather than swelling for decreas-

ing stresses, the samples compressed. This is interpreted as meaning

’

that the decreases of o
aa

and o, were small in their effect compared

’

to the increase of the stress ratio O'aa’ /Ga.r , this increase being a measure

of the decrease of stability at particle contacts and a decrease

of the reserve strength at the particle contacts. Upon load application

’

the ratio Gaa’ /Oar would increase until the failure envelope was reached,

’

and it is seen in diagram C that the increase of N required to reach PC

is less for the zero-salt clay than for the high-salt clay. The condition
T
in diagram C. In the above discussion mention has not been made of the

where changes of salt content are made when oaa, /(Ia = failure is shown
terms bc and b1 in equation 4.2. If these terms change in magnitude
they would usually change in the same direction as the term (A-R) and

would therefore follow the mechanistic picture that has been presented.

The existence of diffuse layers of ions and water that are fixed to
clay minerals has been shown to have effects on strength and plasticity.
These layers also have an effect on permeability. In Figs.2-5, 4-6., 4-7
and 4-8 it is shown that permeability decreases when the electrolyte
concentration in the seepage fluid is decreased and this can be explained
by an increase of the thickness of the diffuse ionic layers for decreases
of ion concentration and hence a decrease of the effective pore size. For

increases of electrolyte concentration the permeability should increase,



- 87 -

and this is demonstrated in test @ 126, Fig.4-8, in which a salt clay was
first leached and later its ion concentration was increased. The changes
of permeability clearly show that the diffuse ionic layers directly influence

permeability.

5. Compressibility of a Cemented Clay.

R T T T L I T T T T NP LA

In a series of triaxial tests performed on samples of a Canadian
quick clay from Labrador, it was found that this clay behaved very
differently from Norwegian quick clays having about the same mineralogy,
plasticity and water contents (see Chapter 5). It was tentatively concluded
that the main reason for the differences of behaviour was that the Labrador
élay had a cemented structure, whereas the Norwegian clays were very
weakly cemented, if cemented at all. The fourth series of compressibility
tests was performed on this Labrador quick clay to investigate the in-
fluences of (i) removing possible cementing agents, (ii) permeating the
soil with the dispersing agent Calgon, and (iii) increasing the electro-

lyte concentration in the pore fluid.

Information concerning classification data and mineralogy are
given in Tables 4-1 and 4-3. The sample was obtained from a shallow
test pit in the back scarp of an old slide and is not representative of the
soils at greater depths in the profile because of chemical alterations that
are only found in the surface soils. The chemical composition of the pore
water, given below, indicates that the clay is in a combined sodium-
calcium state. It is known that the clay was originally a marine deposit,
and the small salt content of pore fluid is evidence that it has been
leached.

ca™  2.2m.eqv./1 Cl
+

1.6 m.eqv. /1l

Na
K' 0.7 m.eqv. /]
Total 7.3 m.eqv./l Total 7.3 m.eqv. /1

4,4 m.eqv. /1 HCO3' 5.7 m.eqv. /1

The general test procedure was to take a number of identical

samples and to treat them chemically in different manners to study
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different factors affecting the soil behaviour. The samples were then
subjected to identical consolidation histories with respect to applied
stress and stress-time intervals, The test results could then be com-
pared directly and the behavioural differences of the samples could be
related to the pre-test sample treatment. The following tests were

performed.

Test @ 3 was made on a sample through which a seepage of arti-
ficial pore fluid was maintained. The equivalent NaCl concentration of
the pore fluid was 0.3 gm/1. For pur'poses of determining changes of
behaviour of the different samples, this sample was considered as an
unaltered sample and was used as a standard for the clay in its naturally-

cemented state. Test @ 7 was a duplication of Test @ 3 at a later date.

Test 4 was performed on a sample that was permeated with a
nearly saturated solution of the sodium salt of ethylene-diamine tetra-
acetic acid, or EDTA, a chemical that would remove carbonates (CaCO3,
Mg CO3) , gypsum and iron compounds ; that is, materials that could act
as particle bonding agents. Because the soil contained less than 0.1%
CaCO3 and gypsum, the use of EDTA would not change the mineralogy of

the soil for the short treatment period used in the tests.

The manner in which EDTA operates will be briefly explained. In
solution with water it exists as an organic radical R surrounded by H and
Na ions. In the presence of CaCO3 and FeO or Fe203, as examples, it
will react by exchanging the H ions for Ca and Fe ions, yielding dissolved
complexes containing calcium and iron plus a fluid, and these products

can be removed by leaching.
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Because of the aggressive nature of EDTA, all metal that could come into
. contact with it was protected with a surface coating of sintered teflon.
Test @ 8 was a duplication of Test @ 4 in which the EDTA -treatment

period was extended.

Test @ 5 was performed on a sample leached with a 2 gm/1
solution of Calgon. If the electrostatic attraction between negatively-
charged surfaces and positively-charged edges of the clay particles in
natural soil contributed to the strength of the soil fabric, negating these
‘attraction forces and reversing them to repulsion forces with the use of

Calgon would make the structure weaker; that is, more compressible,

Test ¢ 6 was performed on a sample that had been permeated with
sea water, to investigate the influence of an increased electrolyte con-
centration in the pore fluid. The salt concentration in the sea water was
27.5 gm equiv. NaCl/1.

Test Procedure and Results. The general test results are

summarized in Table 4-3 and Fig.4-10. Certain test details are given in
Figs.4-11 and 4-12.

A study of Fig.4-11 will indicate the test procedures that were
used. From preliminary tests it was known that the apparent preconsolidat-
ion pressure (” break” in the e-log p curve) was about 5 kg/cmz, and it
was decided to make any pore-fluid changes at about Oa’ =1 kg/c::rn2 at

which the soil still possessed considerable reserve strength. Seepage of
> a
were made at o/ =0. 96 kg/ecm”. Sufficient time was allowed to elapse

artificial pore fluid was started at o' = 0.6 kg/cmz and pore-fluid changes



- 90 -

before and after any pore-fluid change so that the sample could

equilibrate.

There were several factors that governed the length of time
allowed for certain of the seepage sequences., In the case of test @ 4
with EDTA (Fig.4-11) analyses were made regularly of the effluent
from the sample and the flow of EDTA solution was discontinued when
the effluent had a specific conductivity equal to about 60% of the specific
conductivity of the EDTA solution being introduced into the soil (12 m.
mho/cm). (At that time it was feared that EDTA could radically change
the mineralogy of the clay and that only a short treatment period could be
éllowed) . The sample was then permeated for over a month with artificial-
pore fluid until the effluent was nearly clear and the specific conductivity
of the effluent was approximately equal to that of the artificial pore fluid.
When the test was restarted, 410 cm3 of pore fluid had passed through the
sample, this being greater than 8 times the pore volume of the sample.
If an even distribution of flow over the whole sample area had been
obtained it is clear that only a fraction of this amount of seepage would
have been necessary to remove the EDTA from the sample, but from
many similar tests it was known that seepage flow is concentrated through
more open zones and that much flow and much time are required to
accomplish cleansing by diffusion. One of the most important require-
ments for tests @ 3, @ 4 and @ 5 was that the pore fluids in all samples
were identical upon resumption of loading. Because the EDTA solution
was the most drastic pore-fluid change of these three tests, much time
was taken to replace it by artificial pore fluid, and because another
requirement was that these three samples should remain for similar
periods of time under the stress of oa’ ~ 0.96 kg/cmz, tests ¥ 3 and @ 5

were governed by the time taken to remove the EDTA from sample @ 4.

It will be noticed from Figs.4-11 and 4-10 that very little compress-
= 0,96 kg/c:m2 in spite of the fact that pore-fluid

a
changes were made and that over a month”s time was allowed to elapse.

ion occurred at o

After the periods of treatment at 0’ = 0. 96 kg/cmz, the stress

was increased in stress couplets of one short-term load (1 to 2 days) and
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one long-term load (5 to 10 days), the load increments decreasing from
Ap/p = 0.3 at the resumption of loading to 0.1 at about Pc’ (5 kg/cmz),
and from Ap/p = 0.1 to 0.06 for stresses greater than Pc’ . There were
two reasons for this loading procedure. First, it was preferred to use
twb small Ap/p increments rather than one larger value. Second, there
was no general tendency for the log-time plot of compression to indicate
a marked decrease of rate of secondary compression (Fig.4-12), and
therefore, quite arbitrarily, it was decided to allow every second stress
increment to remain for about a week, Although such a procedufe is
arbitrary, valid test comparisons could be obtained for tests following
identical loading schedules. This procedure was successfully followed
except for tests @ 5 and @ 6 during which loading errors were made at

the higher stress levels, and these will be mentioned later.

General information concerning the soils before and after testing
are given in Table 4.3, From this table several observations can be
made. The initial plasticities and water contents of all the samples were
about equal, and the soil was very sensitive. Over the 4-month test
period the plasticity of the untreated soil in @ 3 increased, presumably
due to weathering. The plasticities of samples @ 4 and @ 5 decreased
during the same period, indicating that the EDTA and Calgon treatments
of these samples had greater influences than weathering. Sample @ 6 was
much more plastic after the test, indicating the influence of increasing the
salt concentration of the pore fluid. The after-test remoulded strengths
reflect the changes of plasticity, having increased for plasticity increases

and having decreased for plasticity decreases.

In Fig.4-10 are presented the compression-stress curves for the
four tests. For purposes of comparison the curves have been adjusted
slightly (maximum adjustment of% = 0.2%) in order that all curves began
from the same value of 1‘%—:— at ' =0.96 kg/cm2 after equilibrium. To
provide a further comparison, a standard oedometer consolidation test has
also been drawn in Fig,4-10. This test, test F.82.¢9 4, was performed on

untreated natural clay and was loaded at stress intervals of Ap/p = 0.25

for time intervals of 2 to 3 days.
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Tests O 3 and @ 5. From Fig.4-10 it would appear that the

behaviours of tests @ 3 and @ 5 are very similar, with the possibility that
the Calgon-treated sample (test @ 5) was slightly more compressible for
stresses larger than P, and this possibility could be attributed to the
influence of Calgon on the edge charges of the clay-mineral particles. How-
ever, the differences of compressibility for tests @ 3 and @ 5 are small
and within the range of sample variation, and to provide another check,
test F. 82,0 4 was used for comparison. Although this test was not simi-
lar in detail to the other tests, the result is so similar to those of tests

? 3 and @ 5 that it can be used to show that very little difference exists
between tests @ 3 and @ 5 and that these differences can fully be explained
by natural variations in the soil, even though they might actually be the
result of the influence of Calgon. An independent comparison of these
tests is given in Fig.4-10 where a measure of the rate of secondary
comparison is plotted against vertical stress, the rate being taken as the
slope of the compression-log t curve. For tests @ 3 and @ 5 the second-
ary compressions were measured for the time interval t; = 2000 to ¢, =
7000 minutes (log t; - log t; = log tz/t; = 0.54) whereas for test F.82.0 4
in which the load-time intervals were shorter, the secondary compressions
were measured for the time interval t; = 850 to t; = 3000 minutes

(log ty - log t] = 0.54). Again it is shown that the three samples behaved
in much the same manner and it can be concluded that, apparently, Calgon

had little influence on the compression behaviour of the soil.

It is of interest to observe when comparing the two diagrams in
Fig.4-10 that the changes of curvature of the compression-log stress
curves occur at the same stresses as those for the curves of rate of

secondary compression-log stress.

With respect to the secondary-compression results for test @ 5 in
Fig.4-10, a short explanation will be given for the arrows indicating over-
estimates and underestimates at stresses 6.46 and 6. 96 kg/cm2 respect-
ively. The correct loading schedule is shown in Fig.4-11. In test @ 5,

' by error the stress aa' = 5.96 kg/crn2 was a short-period increase, and
therefore the stress of 6.46 kg/c::m2 followed 2 short-period stress increases

rather than one, and this caused the rate of secondary compression at



- 93 -

6.46 kg/cm2 to be larger than it would have been had it correctly followed
only one short-period load increase. The long-period stress of 6. 96
kg/cm2 followed directly the long-period stress of 6.46 kg/Cm2 and there-
fore the rate of secondary compression is less than it would have been
had it followed a short-period load increase. Similar errors were made

for test @ 6 at stresses greater than 7. 99 kg/cmz.

Test @ 6. Comparison of the test results for tests @ 6 and @ 3
in Fig. 4-10 indicates thatthe introduction of a strong salt-water solution
into the soil caused a well-defined increase of the apparent preconsolidation
pressure from P ' =5 kg/cmz for test @ 3 to P’ = 6 kg/cm2 for test @ 6.
This decrease of compressibility is due to the depression of the diffuse
ionic layers around the clay particles and thereby to a reduction of the
repulsion forces between clay particles. The test data also indicate that
both the compression curves and the curves of rate of secondary compress-
ion for tests @ 3 and @ 6 are very similar in form and that the curves for
test @ 6 are displaced with respect to those of test @ 3 in the directions of

larger stress and smaller compressibility.

Test @ 4. In test @ 4, by permeating with EDTA, the following
cations were removed. The state in which they existed in the natural soil
is not known.

3+
e

F 3.7m.gm/gm dry soil

2+

Ca 0.6 m.gm/gm dry soil

Mg2+ ~ 0.3 m.gm/gm dry soil

After the test was completed, the original soil and the soil from test
® 4 were separately thoroughly mixed with the EDTA solution used for the
test. The original soil was found to contain 12,5 m.gm Fe3+/gm dry soil
and the soil from test @ 4 contained 10.0 m.gm Fe3+/gm dry soil, the
difference being 2.5 m.gm Fe3+/gm. This differs from the value of 3.7
m. gm Fe3+/gm determined from analyses of the leachate, and because
this result is the sum of 12 separate determinations on small samples it

is believed to be somewhat inaccurate and it is believed that the value of
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2.5 m.gm Fe3+/gm dry soil is a more accurate estimate of the amount

of iron removed during test @ 4. The reason why only 20% of the total
EDTA-removable iron was removed is thought to be because the permeating
EDTA solution followed the more ” open” channels in the soil and that the
iron in the vicinity of these channels was easily removed, whereas the iron
some distance from the channels remained unaffected during this short-

Tt (and perhaps ca™?)

term test. Inhindsight, the content of available Fe
in the soil should have been determined before the test and compared at
regular intervals with the total amounts being removed by the EDTA
solution. In this way enough time would have been taken to allow the EDTA
solution to diffuse through the soil and to remove considerably more iron

and calcium compounds.

In spite of the fact that only a fraction of the available iron com-
pounds and probably only a fraction of the calcium compounds were removed
from the soil, their removal had an effect on the compressibility of the
soil (Fig.4-10). By comparing test @ 4 with test @ 3 (or test @ 5) in
which the pore fluids were identical, it is clear that the @ 4 soil was
weaker at stresses less than Pc for the untreated soil, and this has been
interpretedas indicating thatatleast some of theironand calcium compounds
that were removed acted in the unaltered samples as bonding agents
between the soil particles and strengthened the particle fabric to resist

deformations.

Another indication of the change in soil behaviour due to the
removal of iron and calcium compounds is the variation with stress of
the rate of secondary compression, Secondary compression, believed to
be largely a time delay due to a chain-reaction process of particle ad-
justment, would be exaggerated by bond failures between particles. The
removal of bonding materials would cause the break-down of bonds to
occur at smaller stresses and this type of behaviour is clearly indicated
in Fig.4-10,

Tests @ 7 and @ 8. Because so little of the removable iron was

removed by EDTA treatment in test @ 4, this test was performed again
as test @ 8, with the important difference that the EDTA-treatment period
lasted for 38 days in comparison to 13 days for test @ 4. At the end of
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this period the effluent from the sample was unaltered EDTA solution,
and this indicated that most of the EDTA-removable iron in the soil had
been removed. The test is not yet completed and therefore the exact
amount of iron remaining in the clay is not known. The EDTA solution
was removed by a seepage flow of 0.3 gm. NaCl/l solution for a period
of 34 days, and during this time 208 cm3 of solution passed through the
sample, and at the time loading of the sample was resumed the specific
conductivity of the effluent was essentially equal to that of the NaCl
solution. Test @ 7 was performed exactly parallel with test @ 8 except
that a seepage of 0.3 gm NaCl/l was maintained throughout the test,

similar to Test @ 3.

A summary of the test data available to date is given in Fig.4-10.
Test @ 7 follows exactly test @ 3, and test ©® 8 shows a great change of
compressibility caused by the removal of appreciably more iron than
was removed in test @ 4. In the secondary-compression diagram test
@ 8 plots reasonably closeto the other tests up to ¢’ = 2 kg/cmz, but for

a

the stress oa’ =3 kg/cm2 it is completely off the drawing.

For this Labrador clay there can be no doubt that a considerable
proportion of its resistance to deformation is dependent on cementation
bonds formed by iron compounds. The removal of these materials has
caused a reduction of Pc’ by the minimum amount of 2 kg/cmz or 20 t/mz.
It will be shown in Chapter 5 that these cementation bonds also have a

considerable influence on the shear-strength behaviour of this clay.



TABLE 4-1

Table 4. 1. Results of Residual Strength Tests and Characteristis of Minerals and $oils Tested. — —_
Salin.] Plastic] Grain Stze | Activity|Cation
ity ity ;::n..n" Massive Minerals Clay Minerals Residual Strength
] CIp‘CK(y oo I - . - V' -
Material Origin gm,’l wil ™, Range [<2p Juartz| Feldspar|Cailcite|Others|TotallKaolin|Chlorite|Mica and Mixed Mon(fnor a"' w;..il“ %
hydrous micajlayers illonite !
‘n.eqv. | ; with »
‘ . “ 190 gm “ . 1 - . iMon(n\or, kg/cm |
Minerals N o i -
Jquarte Crushed 60 2 0 1Y ! 1.0 33 0.69 [~ 34,7
Juart. o2 100 10 1.0 . n 70
Feldspar | botn albite 60 2 0 100 | pore [0 e
Feldlparf and microchide 2 100 190 { ! " 10 0 5S
Calcite (crushed) 60-2 Q 100 ' 1.0 22 a.u
Sahara sand Dune >200 0 i 10 33 .94 Lneg?
510, (amorphous) Flue gas 3328 |5 con) 100 | v.ous 2 r | | Lﬁ 36 II.L
Muscovite Crushed 0 60 20 0 ! 100 1.0 97 0. 36
Muscovite - 0 | 63] 55| <2 100 | 0.08 28 ! ooy 10" 0,45
Na-muscovite 30 98 | 62 < 100 0.36 28 | i m'o 10 n. 34
Na-muscovite 0 < 100 28 R 4 I T L I - 0 31
Na-hydrous tnica 30 99| 39| «2 100 | 0.60 39,5 H ? ‘.O S ‘[ 85 1.0 46 044
Na-hydrous mica ” 0 {5133 <2 100 | 0.18 ’ j | i ! 1o |39 oz
Na-hydrous mica g 5 3830 <2 100 | 0 08 ‘ i ; ‘ 1o | 0. 30
+ Calgon S Calgon . ( I |
Na_ hydrous r.nic.l > ! \ i
+ Calgon e = 0 - <2 100 - i I ' 10 70 0.27
K-hydrous mica 23 30 1118[46 | <2 100 | 0.72 1 ( ! ' 1.0 47 oo
K-hydrous mica § x 0 8439 | <2 100 | 0.45 ' | ! ! Y 45 0.3y
Ca hydrous mica : 3 15 2 100 - 36.0 ‘ ! ; : oo 4l 0.47
Ca-hydrous mica E [} - <2 100 36 0 i i 1.0 42 0. 44
Na-hydrous mica 30 151153 |<0.5 100 | 0.98 28 ‘ IS ) ) ! 1.0 s1* 0,49
Na-hydrous mica 0 8746 |<0.5 1100 | 0.41 28 I O > e L R 1o ! 0.37
Na.montmorillonite ° o 30 2045 <2 100 5.8 115 I ‘[ 100 1.0 1220 ‘ 0.18
Na-montmorillonite (‘3 < 0 1325 53| <2 100 | 12.7 115 ! l 100 1.0 465 .07
Na-montnorilionite 5 :L; 30 995] 47 |<0.1 100 9.5 - t i 100 () 160 : [V )
Na-montmorillonite e 0 1999 56 {<0.1 100 | 19.4 - ! 1o Lo [ 0.07
Na-montmor. + Calgon 2z o Lies 57 (<o froo | 211 . ! : 1 100 Lo 47s | owlos
Ca-montmorillonite o 0 795] 47 |<o0.1 100 5 - l 1 100 1 0 135 1 vT
Soils. ! ! I ! 1
Labrador, Canada 2 <2 32{22 |< 60 55 | 0.18 13 10 20 30 { 15 t 55 : 1.0 26 | 0.5
Selnes, Norway E <2 2317 |<60 42 V.16 1n 25 10 15 50 : 5 ! 45 | 1.0 KN IR
Manglerud [1l, Norway H <2 | 34]21 |<e60 44 | v.30 ] 15 15 ) 5 T 15 Doas s 1.0 25 ). 56
Asrum I. Norway ° <2 | 371]22 |<60 43 | 0.3¢ 9 15 15 0 pee jo s 47 45 1o 2o ). 50
ISkeven, Norway N 27 41|23 [<60 47 | 0.38 i 20 30 i S 14 E 35 <T - -
Ottawa, (anada S ow <2 6731 |<60 70 0.52 2u 10 20 10 40 5 i 50 | & 1.u 38 0. 5%
Sandnes I, Norway E’; s: <z | 31]18 [<200 42 (0,30 | 3 20 10 5 5 40 20 L0 10 1.0 24 9,53
Sandnes II. Norway < <2 | 71|28 |<60 80 | 0.55 ‘| - 10 5 10 25 5 15 40 L 5 1.0 52 0.25
- S
Little Belt, Denmark 11 {140 [46 |<60 58 | 1.6 45 2 + 1% 5 i 25 10 10 5 50 1. 8 0 '
Bearpaw, Canada - T ss 60 50 | 1.6 25 20 5 1 25 15 ] 1.0 er 1o 30
Pierre. 154 » 145]42 f<20 s6 | 1.4 39 15 ! 20 10 | 470 s 1.0 78 ‘ 0104 gae
Pepper. US.\ ; 96[ 25 |« kO 58 | 1.2 25 15 10 a2 > 30 4 15 , 5 1.0 58 ‘ 010477
ICucaracha, Panama » 5932 |<100 1361 0.7 61 10 ‘ 1o e G0 > 1o (R | I A
Vajont . Italy §' 106 | 35 |« 75 70 1.0 55 5 5 30 10 50 ! —h)—— 1.0 . ‘ 0 18 1 \m2°
[Vajont II, Italy - 106|492 |<75 68 1.0 - 79 10 7 20 5 i .- 75 - 19 8 o, 1h Y
v ajont 111, Italy 62|18 |< 60 5¢ | 0.8 27 3 40 45 30 ~ 25— 1o [ 27 1 0,28
Traated Soul [
Na-Grundite. US\. 30 J130) 43y j< 2 100 | 0.85% 26 - 30 ! 1 ‘ 62 018
Na-Grundite o 164] 16 2 100 1.2 26 ' r 1.0 Ix:) ). 20
Na-Grundite + Calgon 138939 [« 2 100 1.0 26 } i 1.0 - 0. 06
Ca-Grundite o heslas |2 100 | 1.2 26 | A B A l ]




TABLE 4-2. Information Concerning Samples Used in Leaching Tests.

Test No. Field Data Laboratory Pressures Strength Water Content Remarks
1 ’ ’ -
(F.266) Hole | Depth | P Pc Pleach Pl P1 8, s3 w w - I I Salt
no. m 2 2 , 2 2 St L P p L [Con-
kg/cm” | kg/cm P P’ |t/m“| t/m tent
o c % % % %
gm/1
Manglerud III
D6 4 7.6 0.50 0.55 1.15 12,3 | 2.1 | 1.8 | 0.02 90 | 47.0({29.3|22.0| 7.3|3.4 }{ =2 | At a salt con-
‘ . - - -] 32.2)21.7117,3| 4.,4|3.4 1,2 |tentof 30gm, !,
o7 5 [ 4.9 0.27 0.35 0.35 1.3 [ 1.0 | 1.1 | 0.04 28| 44.6(32.2 [21.4(10.8]2.15|1.5 |this clay had t*-
0.67|<0.01| >67| 38.2|ca23 |18.5 [ca 4 | >3 | 0.9 |following plastiyg
city limits :
29 5 4.8 0.27 0.35 0.45 (1.7 1.311.0 [ 0,04 25| 44.1/30.9]19.6 |11,3]2.17} 1.6 w. =44 to 479
0.52 | <0.01 | >52|32.5|ca23|18.6 [ca.4|>3 | 2.5 | L "’
w_ =21 to25%
— p — -
Skoyen
9D 121 1 22,3 | 1.84 0.8P ' | 1.13 [0.62]0.8 ||4.0 |0.92 | 4.3 |29.2(40.8(19.8(21.0 (0,45} 26.5
© 6.2 | 1.64 | 3,8]29.0(32.9(21.2 [11.7]0.67| 1.0
@ 122 1 22.4 | 1.84 e 1.46 [0.79(0.9 (4.0 [0.92 | 4.3 | 38.2[46.1(24.2(21.9(0.6426.6
3.5 | 0.04 | 87 36.6|30.4|23.6| 6.8[1.91| 0.9
@ 123 1 22.3 | 1.83 i 1.65 10.90| 1.1 | 4.0 [0.92 4.3 | 35.2|46.1 (22.6 (23.5|0.54| 27.2
. 5.8 (1.25 | 4.6 | 32.8{33.0(24.5| 8.5|/0.94 1.1
L 125 1.7 22.5 | 1.85 ° 2.31 {1.25| 1.6 [ 4.0 [ 0.86 | 4.7 | 39.1|46,7{23.4(23.3|0.67|27.1
p 4,3 | 0.42 10 32.0(31.2 (24.2 | 7.0(1.11 1.0
0126 1 22.2 | 1.83 “ 1.86 |1.02|1.3 3.9 | 0.89 | 4.4 | 39.2|53.4(24.5(28.9|0.51}27.4
7.4 | 2.3 3.3 ] 33.6(48.6|26.1|22.5| 0.33) 30.1
S S -
Note. For all tests, the first line contains before-test results, “

the second line contains after-test results. ~ P

T



TABL§ __‘4-‘§_.‘__7_§~r0perties of individ}_lal samples of Labrador clay before and after compressibility tests,
Strength Water Content
Test s . w w Salt i Date Test
u , |5t w L p Content | Started | Duration | Treatment
t/m %o Ts %o gm/1 l 1966 days '
o3 0.05 115 | 35,2 | 30.3 | 20.5 2.2 13/1 138 None
0.32| 13 |33.8|34.8 |18.5 0.6 _
O 4 0.03 {180 | 37.0 | 31.9 | 22,2 2.0 13/1 138 EDTA
’ 0.06 | 32 |37.21]29.3]20.0 0.4
Q5 - - 35.6 | 31.6 [ 21.6 0.7 23/2 128 Calgon
0.12 | 30 |33,429.0 |20.2 1.4
06 - - 36.7 | 33.2 [ 22.9 1.4 23/2 116 NaCl
2.0 3 135.71(42.2 |23.8 34.0 Not com.
D7 0.21 |30 }36.2|33.7 |23.8 - 26/8 None
' : pleted.
@8 0.25 | 33 |35.2|30.8 |22.1 - 26/8 EDTA-
F.82-0 4 0.21 |24 |36.9 |32.0 |24.2 1.3 75 None
0.46 | 12 32,2 33,1 |20:4 - '

Note: For all tests, the first line contains before-test results,
the second line contains after-test results.
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Chapter 5. Shear-Strength Behaviour of
Natural Quick Clays.

I.. Introduction,

In the foregoing chapters results have been presented of Ko-measurements,
strength determinations for slide investigations, and investigations of

some physico-chemical properties of soils. In this chapter these results
plus the results of laboratory strength tests on quick clays will be

brought together for the purpose ofinterpreting the observed behaviours.

In the light of what we know concerning the possible existence of brittle
bonds as a strength component, consideration will be given to Ko and

what values might be expected for different natural conditions. The
behaviour of samples in triaxial and direct si;nple-shear will be considered
in relation to the problem of strength measurement for purposes of

engineering design. The results of some investigations of the problem

of sample disturbance in quick clays will be presented in Appendix 3.

The primary purpose of this chapter is to attempt to explain
how quick clay will behave under different test or field conditions. This
explanation will be made in general terms of the strength components
bonds and friction, principal effective stresses, and strain. No attempt
will-be made to go deeply into the fundamental aspects of shear strength
as has been done by Hvorslev (1960) and Schmertmann (1964) or into
the effects of dilatancy - (Rowe, Oates and Skermer, 1964).

- e e e e e e ks e S s em S e W e M em = = = -

" Friction”. The results of the shear tests on pure minerals and on

remoulded natural soils indicated that the residual shear resistances of
these uncemented materials were essentially directly proportional to
applied effective stress (Fig.4-2), and as explained previously, these
strength values are measures of the maximum strengths that can be
expected for very loose structured, uncemented soils. Because such

soils are sensitive to stress increases, large volume decreases occur
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during shear and considerable strain is required to fully mobilize the
maximum effective-stress shear resistance of the soil, and this ié clear-
ly indicated in shear tests on quick clays in which consolidation pressures
have been used that are sufficiently large to destroy cementation bonds
(see test 11, Fig.5-5).

This strength component, that is nearly directly proportional
to applied effective stress, will be called friction for convenience, al-
though it is realized that some of this resistance is not necessarily
dependent only on applied stress. In non-plastic Norwegian clays the
Hvorslev-type cohesion (Hvorslev, 1960) is very small and the soils
are very nearly truly frictional (Sevaldson, 1956; Simons, 1960 a,
1960b).

Cementation Bonds. The other strength component that will be considered

is cementation bonds (and weld bonds) between individual particles.
Unfortunately, there is little known concerning the nature of such bonds,
except in the case of Labrador clay where iron compounds were found

to be important, but even in this case the actual chemical and physical
nature of the bonds is not known. Therefore, the term cementation bonds
is meant to be a general term that includes all brittle (strain sensitive)
strength components, such as those arising from the cementing action

of chemical precipitates or from particle welding by recrystallization.
To the author “s knowledge some of the first measurements of théir
influence on the strength of sensitive clays were made by A. Casagrande
in about 1930 using beam tests (A. CasagranAde, private communication),
and in later years there has been the work of Bjerrum and Wu (1960)
with compression tests, Crawford (1963) with drained unconfined
compression tests, and Conlon (1966) with tension tests. From this
work, and that to be later described, it has been found that the cement-

ation-type bonds are brittle and fail at very small strains.

The variation in magnitude of the strength contribution by
these bonds in different soils is shown in Fig.5-1; the diagrams on

the left side give the full range of stresses used in the laboratory tests,
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and on the right side the stress range is limited to that generally
encountered in engineering practice. It is clear that the Manglerud

clay from Norway has very little cementation-bond strength, and this
result is similar to those obtained for the Selnes and Ullensaker quick
clays (Figs.3-4 and 3-7). That these clays possess bond strength at
all is known from the fact that they exist in normally-consolidated states
at water contents well in excess of their liquid limits, they exhibit
strengths in drained unconfined compression tests and they do not slake
when placed in water solutions having the same compositions as the
natural pore fluids. The Ottawa and Toulnustanc clays are examples of

highly bonded clays.

Effect of Rate of Strain.. Rate of strain is a factor that is frequently‘

mentioned with respect to shear strength, a factor that has been shown
to have great influence on the behaviour of soils tested in undrained
compression (Taylor, 1943; Casagrande and Wilson, 1951; Bje\rrum,
Simons and Torblaa, 1958; Crawford, 1963), and yet a factor whose
influence on the more basic soil properties of friction and cementation-
bond has been left uninvestigated. The experiments to be described are
limited in number and in scope but they indicate that rate of strain does
not have great influence on the magnitude of friction and that its influence
on cementation bonds might vary considerably for different soils, due,

possibly, to the reformation of broken bonds.

In Fig.5-2 are presented the results of rate-of-strain tests
on uncemented clays. The results in diagram A are typical for samples.
of pure minerals and remoulded clays that were tested in their residual-
strength state. Some samples were sheared at a number of different
specific rates of strain (see test on kaolinite, Ca-montmorillonite, and
Na-montmorillonite OM. < 0.1p). In other tests, samples were brought
to their residual strength and then the motor of the direct-shear apparatus
was stopped and the sample was allowed to strain under the influence of
the stressed load gauge (proving ring); the rate of creep of the sample
at different stages of the test was determined from the sloPG’;'c';f the

deformation-time curve, and tg Pros was obtained from the %,6ad gauge
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measurements. All tests were fully drained and the results showed
that the residual shear resistance of uncemented soils was very little
affected by strain rate within the range investigated. In diagram B are
presented the results of triaxial compression tests on a natural insen-
sitive Norwegian clay (Bjerrum, Simons and Torblaa, 1958) that can be
considered as anuncemented clay due to the fact that the samples during
pre-test consolidation experienced volume decreases usually greater
than 10%, for which all cementation-type bonds would have been
destroyed. The samples were deformed at different rates of strain,
either in drained tests or in undrained tests with pore pressure measure-
ments. Although there is scatter of the results, it appears that strain
rate has little influence on the frictional behaviour of this clay when

measured with respect to effective stresses.

No other test results could be found concerning the influence

of rate of strain on the frictional resistance of non-cemented soils.

In Fig. 5-3 and Table 5-1 are presented the results of some
drained compression tests on samples of the cemented Labrador clay.
The tests were performed at a small cell pressure (see diagram of
compressibility characteristics) in order that the bond-strength
contribution to the strength of the samples was very much larger than
the frictional-strength contribution, and therefore that any changes of
sample behaviour resulting from changes of strain rate could be
associated with the influence of strain rate on bond strength. The
purpose of the tests was to investigate the possibility that bond strength
was sensitive to strain rate or time; it could be imagined that cement-
ation bonds were time dependent, and that if more time was allowed,
more bonds would break, and therefore the potential strength of the soil

would decrease with time.

To ensure that the cell pressures in all tests remained
constant and equal, the five triaxial cells were connected to a common
mercury-pot cell-pressure system. Tests 16, 17 and 19 were strained

at different constant rates of deformation. Test 18 was loaded in stages
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and between each stage the sample was allowed to strain under constant
axial load. Test 15 was performed to investigate the possibility that
weathering and/or aging (Bjerrum and Lo, 1963) during the longer tests
could influence the results. The sample was consolidated and allowed
to age under this cell pressure for a period of 80 days, and then it was

strained to failure at the same strain rate that was used in test 16.

Only five tests were performed and this number is too few
to account for natural variations of the soil. Therefore, the following
conclusions are tentative, in spite of the fact that the test results appear

to be regular.

1. Tests 15 and 16, strainedatthe same rate, indicated
that laboratory- age differences had no effect on sample

strength of this soil.

2. All samples failed at equal axial strains, independent

of strain rate and.laboratory age.

3. For decreasing strain rates, the bond strength decreased

from test 16 to test 17 and then increased from tests 17 to

)

to that of sample 16. There was, no tendency for the soil to

tests 19 and 18. The strength of sample 18 was about™ equal
become steadily weaker over the full range of strain rates.

In fact, the results can be interpreted as indicating a decrease
followed by an increase of strength, the increase possibly
resulting from the reformation of broken cementation bonds.

This is speculation and much more work is required.

x) In error the cell pressure for test 18 was 4% larger than the other
tests, due to a 10 cm level difference between the table on which sample
18 was being loaded and the compression apparatus in which the other
samples were tested. In Fig.5-3 (cra-o ) is plotted correctly for all
tests, but for test 18 (aa’ /or’ ) is overestimated by 4%.
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In Fig.5-4 data are presented from test 18 concerning time
and deformation during each stage of creep, together with the results of
similar tests on two other samples (Table 5-1), test F.306-8 having
been performed on a natural, insensitive, possibly weakly-bonded clay
and test F.306-18 having been performed on the same soil first consolidat-
ed at 6 kg/cmZ to destroy all cementation bonds and then allowed to swell
at a cell pressure of 0.31 kg/cmz. In spite of the great differences
between these three samples, they all behaved somewhat similarly,
strain continuing with time at all stress levels during the periods of

observation.

From all the test results concerning the influence of strain
rate on strength measured with respect to effective stresses, it is con-
cluded that strain rate has very little influence on the frictional resistance
beyond the very rapid rates but it appears to have an effect on the
cementation-bond strength, perhaps reflecting the rates of bond break-
down due to shear and the rate of bond reformation. Therefore, variation
of drained strength with time should only be dependent on the manner in
which bond strength is dependent on time or rate of strain, and any
changes of undrained strength with time should be due to changes of pore-
water pressure (Bjerrum, Simons and Torblaa, 1958), and to changes

of bond strength.

There have been published the results of drained field vane
tests in quick clay (Aas, 1966) that could be interpreted as indicating
~a decrease of bond strength with decreasing rate of strain. However,
this type of test is in reality a constant-volume drained test in which
volume decreases in the most highly stressed clay are balanced by
swelling of the adjacent soil, this causing arching of the soil surrounding
the vane and a decrease of normal stress on the potential failure surface.
Hence, these decreases of drained strength could be a reflection of-
decreases of normal stress and might not be a result of changes of the

strength properties of the soils.
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3. l_\/geia:surement of KO.

KO is a measure of the radial horizontal stress resulting
from the existence of a vertical stress for conditions of zero radial
strain. Hence Ko.avert, is a reaction stress and is dependent on the
magnitude of the mobilized shear resistance in the soil. If, for some
reason, the mobilized shear resistance decreased, the result would be
an increase of Ko. Increases of mobilized shear resistance for con-

. ditions of constant vertical stress and zero radial strain cannot occur
(except under very special conditions, such as internal volume decreases
due to syneresis), and it follows, therefore, that under constant vertical

stress Ko is the result of the minimum shear resistance mobilized

during the history of the soil.

How would cementation or weld bonds affect the magnitude
of KO in leached marine clays? Consider the following possibilities for

development of a leached marine clay.

Consolidated, unbonded marine clay
KO small, St small

v v
Leached Bonded
y 4
Weaker clay Stronger clay
K, larger ——l ' Ky unchanged
St large St larger
Bonded -t
¥ Leached
Strong clay v
K, unchanged Strong clay
St very large Ko unchanged or
larger
l St very large
v
Case 1. Case 2. Case 3.
- ' <
Kol Koz Kol Ko3 N Ko2
Sty Sty > Sty Stz = St
Weak (unbonded) Strong (bonded) Strong (bonded)
Little reserve Much réserve Much to little reserved
strength strength strength

Thus a clay that has never been bonded or possesses very

weak bonds (Case 1), and this probably covers most Norwegian quick
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clays, might be expected to have the largest values of K, . A similar ciay‘
that became bonded after leaching, and this might have been the case for
I_:abrador clay, would be more sensitive than Case 1l because of a higher yndist-
urbed strength and would have the same KO value. Case 3 is a clay that was
bonded before leaching, and depending on the strength of the bonds, KO could
remain unchanged from the value existing prior to leaching, or if the bonds
were broken during leaching (due to settlement strains or dissolution), Kov '
could become equal to KO forCases 1 and 2. In this discussion, that has been
limited to normally-consolidated soils, it is shown that it is possible that
similar values of Ko can be measured in quick clays having dissimilar proper-
ties (Cases 1 and 2), and that dissimilar KO values can be measured in quick
clays having similar properties (Cases 2 and 3), depending upon property

changes and the time of their occurrence during the clays” histories.

In field measurements of Ko’ soil disturbance would cause
arching and an underestimate of KO. These errors would be most serious in
Case 2 where the soil has the largest reserve of strength and is most capable
of arching, possibly would be serious in Case 3, and they would be least
serious in Case 1(Norwegian soils). From the experience gained with KO
measurements in Norwegian soils (Chapter 2), and in particular at the Mangle-
rud site where considerable disturbance occurred, it can be anticipated that
small variations of degrees of disturbance of the soil along the measurement
apparatus could easily be of greater influence than the differences of strength
of the soils. However, all else being equal, the errors in KO measurements in

stiff quick clays should be largest.

Natural quick-clay samples in laboratory Ko tests will act as
bonded clays to different degrees, and the natural bonds will be more influent-
-ialinresisting the applied shear stresses than they were in situ, due primarily
to the fact that bonds in nature are formed during or after stress application,
whereas in the laboratory sample they are in existence before the sample is
stressed. Also, due to the difference in time, bonds that are operative in
transferring stress in the laboratory might relax due to recrystallizationinthe
field. Thus laboratory tests can be expected to give underestimates of Ko for

all types of bonded soil, and this error is not a result of disturbance of the soil.
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Unfortunately, laboratory Ko tests have not been made on soils from
either T6nsberg or Kjelsds, the two sites at which Ko was successfully

measured in situ, and therefore the magnitude of the error is not known.

4. Triaxial Compression and Direct Simple-Shear Tests.

In the introductory chapter of this thesis it was mentioned that the
results of Ko-consolida’cion triaxial Acompression tests on quick clays always
yielded values of undrained shear strength that were larger than those
measured in direct simple-shear, vane, unconfined compression or cone
tests. This result has been generally accepted as being the result of
sample disturbance resulting from reconsolidation. In fact this is not the
reason for the difference of the test results, and the reason lies in the

interpretation of what is actually being measured.

Consider first the triaxial compression test results on samples of
cemented Labrador clay, given in Fig.5-5. Diagram A presents the results
of some drained tests and diagram B the results of some undrained tests.
Information concerning the characteristics of the samples is given in Table
5-2. The samples were consolidated isotropically at pressures varying
from appreciably smaller to larger than the equivaleﬁt isotropic precon-
solidation pressure (see compressibility characteristics in Fig.5-3). At
the small consolidation pressures the cementation bonds were not damaged
but for increasing values of consolidation pressure greater volume decreases
occurred and more cementation bonds were destroyed. Thus, for the larger
consolidation pressures the samples behaved more as frictional materials

than at the small consolidation pressures.
)

In the standard triaxial compression test one measures directly
the principal stresses, O'a’ and crr’ , and the maximum shear stress in the
sample, %(O‘a’ - O'r’ ). The shear resistance of a soil mobilized at any strain
can be expressed as :

sm=bm+0ntggam.....‘..... 5.1

in which S 4 is the mobilized shear resistance, bm is the mobilized
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cementation-bond resistance, on’ is the normal effective stress on the
plane being considered, and tg (pm is the mobilized friction coefficient,
From this equation an expression can be derived for the maximum shear
stress in a sample in terms of the minor principal effective stress 0. and

the mobilized shear strength parameters.

o. O cos sin @

@
a - X _ 1 Y U ¢ ¢ S
( 2 ) - m(l-sinqo ) ¥ o, (l-singom ) 5.2

In the drained tests shown in Fig.5-5, or’ was constant throughout the test,

and for this condition g_nitial failure (that is, initial Smax) occurs at a
O' -
strain when _C_?_.. (_iz__-r») = 0, and from equation 5.2 the following
€

expression is obtained.

COS ¥ 4 d COS ¢y
At failure, (l-sinqorn >d€ [bm] t bm de [ 1-sin @ ]
4 rsin(grn i
+ % Tde Ll-sincpm] =0 >

This expression indicates that an unbonded soil, in which brn = 0, will fail
when friction is fully mobilized, and test 11 in Fig.5-5 is an example of

this behaviour, the natural cementation bonds having been destroyed during
consolidation. For a bonded soil failure first occurs when the bond strength
is decreasiﬁg at the same rate as the mobilized friction is increasing, and
the strength of the soil will decrease if the rate of decrease of bond strength
is greater than the increase of frictional strength, as indicated in tests 16
and 7 in Fig.5-5. The strength of the soil could increase again after an
initial failure if, for increasing strain, the rate of decrease of bond strength
became less than the rate of increase of frictional strength, as indicated

by test 12 and by the triaxial test given in Fig.5-6.A.

In tests in which the radial effective stress O'r’ is varied or varies
because of changing pore-water pressures (undrained tests), the maximum
strength of a sample in the triaxial test is dependent on the same factors
that governed the soil behaviour in standard drained tests (mobilization of
bonds and friction strengths) and in addition is dependent on changes of

O'a—O'r

effective stress. This behaviour can be expressed by setting—gé— —

5—)

= 0, obtainable from equation 5.2. At failure,
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COS om 4 q .COS¢m

(l-singojde [bm]'+ brn de [l-singom]

sin sin @

S0 @y d d 'm 5.4

] =0 .

‘I-Sincpm) de [Or] t oo 3 [l-s‘mcpm

If the soil is unbonded (by, = 0) and therefore exhibits a frictional behaviour
the soil will have maximum strength when the rate of decrease of effective
stress is equal to the rate of mobilization of friction, and the strength will
decrease for increasing strain if the rate of decrease of effective stress is
larger than the rate of increase of mobilized friction. The effect of a bond
strength component would be to increase the strength at failure and prob-
ably increase the rate of strength decrease after failure. Examples of
these behaviours are given in Fig.5-5.B (all samples have bond strength)
and in Fig.5-7. A where the sample tested at PC’ /PO’ = 3 can be considered

as having no cementation bonds.

In contrast to triaxial testing, in the direct simple-shear test
(Bjerrum and Landva, 1966) direct measurements of principal stresses
cannot be made. During consolidation for conditions of zero applied
horizontal shear stress the vertical and horizontal stresses acting on the
sample are principal stresses and are equal to those in triaxial tests for
the condition of KO consolidation, as directly measured with the use of the
reinforced rubber membranes described in Chapter 2. Results of KO
consolidation prior to triaxial and direct simple-shear tests are presented
in Figs.5-6 and 5-7 and they show that for similar axial stress, the
respective principal stresses in both triaxial and direct-shear tests are
equal. In the direct sirhple-shear test the sample is brought to failure
by applying horizontal shear stresses. This results in rotation of the
principal stresses, and at one point during the test when they have rotated
45° the applied shear stress on horizontal planes will be equal to the
maximum shear stressin the sample. Both before that point in the test,
and after, the applied shear stress on horizontal planes will be less than
the maximum shear stress existing in the sample, and for this reason it
is clear that stress measurements made on horizontal planes in direct

simple-shear tests cannot be directly compared with measured maximum
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shear stresses in triaxial tests.

Professor J.H. Schmertmann has developed a very refined stress-
analysis method for estimating the principal stresses during an NGI direct
simple-shear test, using measured values of applied vertical stress,
applied shear stress, average radial stress in the confining membrane, and
horizontal strain (Schmertmann, 1962, 1963).. The method is not exact
but the errors involved are probably of similar magnitude to the inaccura-
cies of the measurement apparatus. With the use of this method, principal
stresses have been estimated for two of the tests that are given in Figs.
5-6.C and 5-7.B. These results indicate clearly the dissimilarity between
the shear stress on horizontal planes ('rh) and the maximum shear stress

within the sample 3(0, -0 and they also show the similarity between the

1 3)’
results of direct simple-shear tests and triaxial compression tests when
compared in terms of principal stresses. Of most importance, these
results indicated that in the direct-shear tests initial failure occurred very
early during the tests on planes other than horizontal when the shear stress
on horizontal planes was still small and increasing, and this finding will be

considered more fully later.

The shape of the T nax CUTVe in a direct-shcar test is dependent on
the same factors that govern the Tnax CUrve in triaxial tests; namely

changes of 0, and changes of the magnitudes of mobilized bond strength and

3
mobilized friction, as previously discussed with respect to triaxial tests.
The shape of the 7,

shear tests is similarly dependent but there are several additional con-

curve (shear stress on horizontal planes) in direct-

tributing factors. One of these is that the horizontal planes in direct-shear
tests are not the planes on which failure first occurs, and if.there is a
cementation-bond strength component and this component is isotropic in
nature, it follows that it will begin to decrease (to be destroyed) at small
strains when failure first begins to occur in the sample and that its magni-
tude will have been reduced by the time the horizontal plane becomes the
most critically-stressed plane. The other factor is that the pore-water
pressure acting in undrained tests on horizontal planes is the result of
critical shear stresses having acted on other planes. This is clearly

shown in Fig.5-7.B; at small shear strains (=1%) when failure first
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occurred the pore-water pressures were very small, but when the
principal stresses had rotated such that the horizontal planes became

the most highly shear-stressed planes (strain = 10%) the pore-water
pressures had increased significantly. Therefore, when considering

the behaviour of soil in this type of simple-shear test, caution must be
taken in inter'preting the results; the measurements of stresses on hori-
zontal planes give a measure of behaviour, and this behaviour is dependent
on the properties of the soil but also on magnitudes and directions of prin-

cipal stresses and changes of soil properties during the test.

5. The Furre Slide.

The soil conditions at Furre were rather special (Hutchinson,
1961). The terrace that bordered the Namsen River consisted primarily of
sand but contained several thin (less than 10 cm thick) continuous layers
of quick clay that dipped down towards the river at an average slope of
6 degrees, being 3 degreesbelow the river and 9 degrees at the back edge
of the slide. As the result of a small slide in the river bank, a large part
of the terrace, measuring about 200 by 800 metres, slid towards the river
along one of the clay layers. It is not difficult to understand that this slide

led to the development of the NGI direct simple-shear equipment.

A drained field shear-box test was performed on the clay layer
that was exposed at the rear of the slide area, where the clay layer was
10 cm thick and was inclined at 8 degrees (Hutchinson, 1961; Hutchinson
and Rolfsen, 1962). The test apparatus consisted of an open box divided
into an upper and a lower half. The box was lowered so that the junction
of the two halves was located within the clay layer and the clay was loaded
vertically to approximately the pre-slide overburden pressure; that is,
PC’ = Po’ . Shear forces were applied to the upper half of the box in a
direction parallel to the plane between the two halves of the box, and the
shear forces were maintained constant during each load increment by
means of a cable-and-spring arrangement. The shear load was built up

by using many small load increments and for shear stresses exceeding
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Th/PC’ = 0.14 large vertical and horizontalx)‘ deformations occurred (see
test result, Fig.5-6.D). When the test was terminated there was a strong
indication that the shear resistance of the soil would increase for further

strain.

When this result is compared to the direct simple-shear test
results in Fig.5-6, it is realized that the measured T,, must have been
smaller than the shear stresses on other planes within the soil. If we
assume, for example, that Ko for the Furre clay was equal to that at
Kjelsds, the maximum shear stress in the soil for KO- conditions would
have been 7/P’ - %(I-Ko) = 0.17, and for failure to occur within the soil
in a drained or undrained state the shear stress would have had to be
larger than this value. Another way to consider the Furre test is to say
that the mobilized shear resistance on the horizontal plane is equal to the
mobilized bond strength plus the mobilized frictional resistance:

'rhzbm+0ntgqom............. 5.5

Between horizontal deformations of 1 and 4 mm T was about constant

and therefore (—i—'—('rh) = 0, that is:

de
d_ » 4 iy -
P (bm)+0nd€ (tg<pm)—0......... 5.6
Because it is known that at such a small value as 'rh/P’ = 0.16, tg q)m’ is

still increasing, the test result indicates that for the horizontal strain
interval from 1 to 4 mm the bond strength was decreasing at a rate equal

to the increase of mobilized friction.. If bond strength was decreasing on

the horizontal plane, it must have been larger at smaller strains>on planes

on which failure was occurring. Some indication of this can be gained by
considering that the volume changes that occurred during the test are to

a large extent a reflection of the breakdown of brittle bonds between particles,
and that the mobilized shear resistance on the horizontal planes for small
horizontal deformations is dependent largely on these same brittle bonds.

The lower diagram in Fig.5-6.D indicates a marked weakening of the

x) The plane on which shear stresses were applied was not horizontal but
was inclined at 8°. The direction of the applied shear stresses was up-
hill.
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structure (settlement) at Th/PC’ = 0.14 (interpreted as being due to bond-
strength reduction) and that during the phase of the test when large settle-
ments occurred there was very little increase of 'rh/PC’ (interpreted as
showing the influence of the decrease of bond strength on the shear

resistance that could be mobilized, as expressed in equation 5.6).

The behaviour of the field direct-shear test gives a very clear
picture of the state of the clay before the slide occurred and of its behaviour
during the slide. Due to its natural inclination, the clay was subjected to
an average shear stress parallel to the plane of sliding equal to 0. 12 of the
overburden effective stresses, and in this state it was in a very delicate
state of equilibrium, as evidenced by the behaviour of the field direct-
‘shear test at this stress condition. Being normally consolidated and
possessing very large sensitivities, the clay had very little reserve strength,
and increases of shear stress would cause shear strains, destruction of
bonds, increases of compressibility, increases of pore-water pressure, and
decrease of volume if water was able to drain away. This was the clay’s
behaviour during the field test, but if during the test the shear-stress
increments had been increased, and possibly only slightly, there is little
doubt that the test sample would have failed in undrained shear due to the
rapid build-up of water pressures and their inability to dissipate sufficiently
quickly. It is believed that the Furre slide occurred by just this mechanism
of a sudden change from drained to undrained shear conditions. As the
result of the initial slide that occurred in the river bank, the thin layer of
quick clay around the initial-slide boundary became locally overstressed,
and because the reserve strength of the soil was less than the l6cal increase
of shear stresses, it failed in undrained shear. Upon failure its strength
decreased, causing the transference of shear stress to clay further along
the layer, and in this manner failure could have spread. Because the clay
layer was very thin, local horizontal deformations of several millimeters
of the overlying sand body relative to the sand underlaying the clay were
all that was required to allow the failure front in the clay to progress. It
could be speculated that had the entire soil profile consisted of soft quick clay,

a retrogressive slide of the Selnes or Gota types would have occurred.
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In the author “s opinion the significant factors that dictated the
behaviour of the soils involved in the Furre slide were (i) the small
reserve strength for undrained conditions of normally-consolidated quick
clays, such as Furre, (ii) the strain-sensitive nature of the soil that
"causes large strength reductions following undrained failure. (iii) the
confinement of a thin layer of quick clay between large masses of strain-
insensitive sand that caused the shear strains to be concentrated within
the most strain-sensitive material, the clay, and (iv) the occurrence

of an initial slide that caused sudden local applications of shear stress.

6. Anisotropy of Undrained Shear Strength.

e e e e M e s e e e ew e e Em e - e o = e o e

Frequently in design, use is made of undrained shear strength
to estimate soil stability. Usually it is assumed that in the undrained
state soil will behave as an isotropic cohesive material and therefore a
single value of strength, measured by means of undrained compression,
direct-shear or vane tests, is sufficient to describe the strength behaviour
of the soil. For most types of problems involving undrained (rapid) loading,
this approach has proved to be successful and practical. However, itis —
now known that undrained strength is not necessarily isotropic and it is |
known that all types of undrained tests do not necessarily give the same
strength result, and therefore the use of undrained strength in stability

analyses is not as straightforward as previously thought.

Aas (1965, 1966) has directly measured anisotropy of undrained
strength in the field by using vanes of different shapes and calculating
the resistance developed on the vertical and horizontal failure surfaces.
The results indicate that the degree of strength anisotropy is related in
magnitude to the ratio of the natural in situ effective stresses. For
standard shaped vanes the average strength measured is only slightly
greater than that developed on vertical planes, and it can be appreciably

smaller than the strength that can be developed on horizontal planes.

A comparison of the results of K ,-consolidated undrained triaxial

compression tests and of constant-volume direct simple-shear tests
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indicates thatdifferences of undrained strength can be expected in planes
of different inclination in the ground. In Fig.5-7 the triaxial test at

. ' ~ s o :
P, /P'0 3 gave Tmax/Pc 0.28 (for a plane inclined at 457, and about the
same result was obtained for 45  planes from the direct-shear test in the
same figure, whereas on horizontal planes in the direct-shear test a

value of only T /PC’ = (.23 was obtained.

ax

In addition, there is the possibility that two identical 50il
elements on planes of identical inclination and subjected to identical
consolidation stresses will exhibit different behaviours if sheared in
different directions. This possibility is shown in Fig. 5-8 where two
elements on a slip surface are failed by the application of a load. Direct
simple-shear tests were performed to study the behaviours of such
elements and the results are given in Fig.5-8 and the soil information
is given in Table 5-3. The samples were consolidated under identical
vertical and horizontal shear stresses, and then they were brought to
failure in constant-volume tests, one sample being deformed in the same
direction as the consolidation shear stress (element A) and the other
sample being deformed in the opposite direction (element B). The
samples consolidated under vertical pressures equal to Po’ (bonds not
destroyed) gave strengths equal to su/Pc’ = 0.33 (element A) and 0.24
(element B). and the samples consolidated at PC' = 2 Po’ (some bonds
destroyed) gave strengths equal to su/PC’ = 0.27 (element A) and 0.15
(element B). These strength differences are the results of the differences
of stfain required to cause failure. In those tests in which failure was
caused by reversing the direction of applied shear stress, additional
strain was required because the strength parametefs were first demobilized
and then remobilized, and the additional strain caused larger pore-water

pressures, smaller effective stresses, increased destruction of cement-
ation bonds, and therefore smaller undrained shear strengths. The
influence of the direction of stress changes during undrained shear has
also been investigated by Ladd and Bailey (1964) and their finding was

also that this factor could be of considerable importance.
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Very little work has been done to determine the degree of strength
anisotropy in situ, and therefore it is unknown whether the general problem
is serious or not. It can be anticipated that the severity of the problem is
least in slightly-overconsolidated soils in which the degree of stress aniso-
tropy is small or in highly-bonded soils, and it can be anticipated to be
greatest in soils in which the degree of stress anisotropy is large
(normally-consolidated and heavily-overconsolidated soils). To study
the seriousness of the problem in Norwegian soils, special field apparatus
has been constructed by the Norwegian Geotechnical Institute to perform
in situ direct-shear tests at different depths on horizontal planes and in
two directions (downward and upward) on 45° planes. To date (1966)

only tests have been performed on horizontal planes.

7. Strength Determination by Vane Tests.

As mentioned previously, field vane tests in which vanes of
different shapes were used showed that the strengths mobilized on vertical
and horizontal planes could be different in magnitude, and this differe'nce
appeared to be related to the ratio of in situ princ{pal effective stresses
(Aas, 1965, 1966). This finding was followed up by a program of labor-
atory vane-triaxial tests in which undisturbed samples of clay could be
subjected to different consolidation stresses and vane tests could be per-
formed with vanes of different shapes to determine the degree of strength
anisotropy. The vane-triaxial apparatus was developed by Landva (1962)
and an improved model that was used in this program has been described
by Kenney and Landva (1965). The vanes used varied in diameter and
height from D/H = 8/32 mm to 16/8 mm. The rate of vane rotation used
in all the tests was 6O/minute. The soils were undisturbed samples of
Manglerud III and Tonsberg clays, and the consolidation stresses were
appreciably larger than the in situ stresses in order that any natural
bond strength of the soil would be destroyed; it was feared that the use
of different consolidation stresses would cause different degrees of bond
destruction if these bonds were allowed to exist, and therefore to remove

this possibility all bonds were destroyed.
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In the first series of tests samples were consolidated at

different values of K_ = ¢ '/o. ' and vane tests were made with a

standard-shaped vane havlirfg D?}ci: = 0.5. The shear strength was

initially estimated on the basis of the usual assumption made in practice
that the shear strengths that could be developed on vertical and horizontal
planes, s, and Sh respectively, were equal. This average undrained shear

strength, Eu, was estimated from the expression:

S

u L= L /(1+oz'g—)........5.7
g D H o’

ac acC

in which M is the applied moment and « is a shear-stress distribution
factor for the end failure surfaces that was assumed to be equal to o. 3.
The results are presented in Fig.5-9. A for tests performed immediately
after the vane was inserted (undrained tests) and for tests in which
reconsolidation of the soil was allowed after vane insertion and before

the test was performed (reconsolidation tests). The results in the upper

c
dependent on the ratio of consolidation stresses and that for larger values

two diagrams clearly indicated that the strength ratio Eu/oa was

of K (larger average stress) there was measured larger values of
su/oac )

before the test, significant increases of strength could be obtained, and this

Another result was that if reconsolidation was allowed to occur

- result had been previously reported from field tests by Flaate (1966).

In the lower two diagrams the strength results are plotted against
the maximum shear stress existing within the sample during consolidation,
where Tmax/o-ac, = 3(1- KC) - For the condition during consolidation when
there were zero shear stresses within the soil (KC = 1.0), the value of
?u/oac’ was a maximum, whereas for increased shear stresses during
consolidation (smaller values of Kc) the strength ratio decreased. In the
case of Manglerud III clay, for values of K. smaller than 0.55, itis

shown thats fo_ ' < 7 /o_ ': that is, the determined undrained shear
u’ “ac m ac

ax
strength of the soil was less than the maximum shear stress in the soil,
meaning that use of the undrained shear strength could not predict the

obvious stability of samples consolidated at Kc values less than 0.55.
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Because Kc in natural slopes is probably appreciably less than 0.5, it
is not surprising that stability analyses of stable natural slopes based on
vane strengths have sometimes indicated safety factors less than unity

(Bjerrum and Kjaernsli, 1957).

The second series of tests was performed on samples consolidated
at different ratios of consolidation stresses from Kc = 1.0 to Kc = 0.4
using vanes of different shapes in order to determine the degree of strength

anisotropy. The tests were interpreted from the following equation:

2 3

iis v
M = HD Sv+'-2—-D Olsh

and this can be written as:

2M 1 v + o

2
7D H Uac’ ac ac

D
H58

This equation plots as an inclined straight line, as showsn in the upper
diagram of Fig.5-9.B, the slope of which is equal to « Oh - and the
s

ac
The test results indicated that the ratio of

intercept is equal to -
the shear strength on horizontal planes to the axial stress acting normal
to these planes (sy /crac’ ) was independent of the radial stress acting on
the sample (independent of KC), and that the shear strength on vertical

planes was dependent on KC.

With the use of equation 5.8, and by using the finding from the
test series given in Fig.5-9. B that sh/dac’ for K_=1.0 is equal to

'

sv/oac’ = Eu/aac', the strength ratio sv/craC was calculated from the
undrained test results given in Fig.5-9. A, and these values are plotted

in the upper diagram of Fig.5-9.C. They indicate that the shear strength
on vertical planes is strongly dependent on the normal stress acting on
these planes during consolidation. In the case of Manglerud III the relation-
ship is one of direct proportion. These results have been replotted in the
lower diagram as degree of strength anisotropy, Sv/sh’ plotted against
consolidation stress anisotropy, 0,/ /aac‘ = K . The results clearly show

c
that strength anisotropy is strongly influenced by consolidation-stress
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anisotropy, and supports the intuitive conclusions on this matter made
by Aas (1965, 1966).

8. Conclusions.

- s -

The theme of this chapter has been the behaviour of natural
quick clays, considered with respect to the properties of clays and
their stress, strain and drainage environments. Shear resistance has
been divided for convenience into two independent components, frictional
resistance that is dependent on particle properties and also on effective
stress, and cementation bonds, that are pictured as being strain sensitive
and dependent perhaps on time. Each of these components is mobilized
through shear deformation. but probably in different ways; friction could
be imagined as becoming mobilized through the mutual sliding of particles,
caﬁsing a denser soil fabric, and cementation bonds could be thought of as
' beiﬁg destroyed by the same physical process. Thus these two components

should be considered separately when soil behaviour is to be evaluated.

Although very little is now (1966) known about the cementation-
type bonds in Norwegian quick clays, these bonds seem to contribute a
significant proportion of the strength of quick clays at small strains. In
contrast to most other soils, the cohesive contribution can decrease
rapidly with increasing strain, such that it can cause a decrease of the
total strength of the clay in spite of increases of mobilized frictional
strength, and this applies to both drained and undrained shear conditions.
This means that in design problems concerning quick clays it should be.
assumed that the clays are bonded, and attention should be directed
towards the changes that could occur to the magnitude of these bonds. .
If the soils are overconsolidated and the bonds are strong, the reserve
strength of the clay will be large and the likelihood of conditions changing
locally and suddenly from drained to undrained is small. (Chapter 3,
eroded slopes). Should the clay be normally consolidated and the bond
strength small and strain-sensitive. the reserve strength of the clay will
be small and the possibility of local undrained failure occurring, followed

by progressive failure, should be considered. In these latter clays, the
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strength behaviour will be strongly influenced by conditions of stress
and strain in laboratory tests, and therefore it is important that the test

conditions simulate as closely as possible the soil conditions in the field.



Table 5-1. Results of rate-of-strain and aging tests on cemented Labrador clay and on Vormsund clay.

1-
rost|Date Water Content Strength Coilcfaotion Shear Test
began| | w, |w s s= |St]o AV |o -0 o’ /| Strain|Strain|Age at Remarks
No. L P u u rc -1 a r a’r :
: A% € rate |failure
2 2 a .
1966 | % % | % |t/m2|t/m2 kg/ecm™| % |kg/cm To % /day|days
Labrador
15 |7/2 |32-3731.5/22.9 0.25 1.5(1.17 5.69 | 2.3 0.40 85 |Aged for 80 days for
'30.0 2.8 J0.17]|16 0. = 0.25 kg/cm?2
16 |7/2 |29-3328.2/20.5 0.25 1.511.20 5.81 2.4 0.48 12
33.3 3.2 |0.14(23
17 |8/2 [32-34[28.0{20.6 0.25 [1.0|1.04 |[5.15 | 2.4 |0.088 | 30
32.6 3.5 |0.13|27
18 |8/2 |[31-34|27.8(21.4 0.26 1.1|1.19 |5.58 | 2.6 - 215 |Loaded in stages.
33.2 3.7 |0.10|37
19 |9/2 [30-34|30.2{21.8 0.25 [1.0}|1.07 |5.28 | 2.3 [0.032 | 77
32.1 4.5 ]0.28|16
Vormsund
8 38.4 |42.01(26.8| = = -10.30 1.910.79 3.60 5.4 - 153 Lioaded in stages
38.6 2.8 10.34]8
18 36.6.43.5 30,1 - - |- [60/0.31|10.6{0.89 [3.82 | 3.3 - 104 | Loaded in stagcs
35.5 3.0 [0.63]5
Note : For all tests, the first line is before-test results,

the second line is after-test results.
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Table 5.2,

Drained compression tests.

Summary of results of triaxial compression tests on Labrador clay.

ITest Routine tests Consolic 'tion Initial failure Ultimate failure
No. AV i . ' .| AVg Strain G '-u' o' 0, AV
LT I w S, 84 St Yre 'TC' v -0 o) /<7r T € late a T "ar’ V': gEﬂ,
> ki
F.301 % %a %o t/mé}| t/m" kg/em” :‘o kg/cmz %c 5, |7, /day| kg/cm? A
16 28.2 [20.5 |29-33 0.25 1.5 1.20 5.81 0.6 2.4 0.5 | :
33.3 3.2 0.14|23
7 28.2 | 20.6| 34-38 0.50 2.6 1.74 4.47 1.0 | 2.4 1.9
31.7 4.6 1 0.09]|50
9 28.4 | 20.8| 28-34 1.00 [2.5| 2.25 | 3.25 | 1.2{ 2.9| 2.0
28.0 6.1 0.57/11
12 {27.0| 19.3]33.37 2.00 2.9 3.02 |2.51 [1.4|2.7] 2.7 | 4.0t | 3.0%|9.6% 24"
26.4 7.7 1 0.59}13
11 27.3} 17.1]37-38 4.00 |6.0 8.6v | 3.17 | 9.6%| 20"
23.4 j11.2] 2.3 5
Undrained comnrression tests.
Teat Routine tests Consolidation Failure (cra’ -ar' )max Failure (aa' /or' )max
es NT
v e . ’ , ’ : ' o’ » » €
No. YL wp v %y 87 |SY re v YT | /or u a i;x;zm 2% | % /Ur u a
2 2
F.301 o 7o % |t/m2]| t/m? kg/cmZ % ©{kg/cm? kglemS % |%/hr | kg/cm? kg/em| %
8 28.5| 20.6| 35-37 0.50 2.6 1.33 4,47 0.12(2.8 ] 0.12 1.06 5.53 {0.27 |1.5
30.8| 3.8 0.08(50
10 26.4 | 2n,7[30-34 1.00 2.8 1.78 4.19 0,4412.41 0.10 1. 60 4.45 |0.54 (1.5
30.0 1 4 3 0.14]30
14 27.3119.7{31-33 1.50 2.8 2.09 3.83 0.76(1.9] 0.08 2.09 3.83 0.76 | 1.9
3.7 | ©.9] 0. 11|15 o
S DS S . S U S
Note: For all tests, the first line is before-test and test results,

the second line is after-test results.




Table 5-3. Information concerning samples of Lierstranda clay.
{see Fig.5-8).
Test Water Content Strength Consolidation Failure
No. w v | W, | su | o5 St P P T/P. | € €5 Th/PC €5
F.281-2 2| t/m? 2 2 4 ,
7, A 7 | t/m ke/cm” | k g / cm o LA A
4 35.8/26.4/19.31{1.00({0.01(100| 0.45 0.43 0.25 | 4. 2.010.33 |1.
33.8 ' 1.0510.03 | 35 ‘
2 37.3130.423.111.04({0.01 {100 0.44 0.44 -0.25 | 4. 1.3]1 0.24 | 4.
36.1 1.10 |0.04 | 28
5 37.0129.0|20.8]|1.00(0.01 (100 0.45 1.00 0.2219. 6.6 0.27 |1.
33.2 1.80 {0.07 | 26
6 36.8|26.2{19.7/0.96 [0.02| 48| 0.45 1.00 -0.22 1 8. 5.6/ 0.15 | 6.
T 28.5 2.2710.06| 38
Note: For all tests, the first line is before-test results,

the second line is after-test results.
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Appendix 1. Method of Preparation of Homoionic
Clay-Mineral and Natural-Soil Samples.

Each material was mixed in a 0.5 M solution of NaCl in the weight
ratio of about 1:20 to 1:40 soil to water, and then it was sedimented
with the use of Sharples Super Centrifuge. This operation was

. repeated at least three times. These operations caused the replace-
ment of exchangeable cations by sodium cations, and reduced the
concentration of cations other than sodium in the pore fluid to

negligible values.

The material was then mixed with distilled water and sedimented
several times until the NaCl content in the pore fluid was less than

0.5x10"% M. In this state the material was fully dispersed.

The material was separated at the required grain size by sedimentation,
gravity sedimentation for minus 2p size, and with the use of the
centrifuge for smaller particle size limits. The coarse sediment

was processed a total of three times to ensure that all the fines had

been removed.

The fine fraction from this operation was used to prepare sodium,
potassium and calcium samples. The salts used were NaCl, KCI,
Ca.Cl2 and CaSO4,

given under (1) except that the concentration of the salt solution

and the procedure used was the same as that

could be varied depending on what concentration was required in

the final sample. To reduce the salt concentration to practically

zero, the soil was mixed with distilled water and sedimented a

number of times, the number depending on the soil-water concentrations
that were used. For samples in the Na-state, or in the Na-Calgon-
state, this procedure of reducing the salt concentration was extremely
lengthy because the systems were fully dispersed and sedimentation

required much time.



- 121 -

Appendix 2. Determination of Soil Mineralogy.

Chemical tests,

T T T

and
Carbonates were determined by HCI treatment,Aorganics by wet

combustion with chromic acid and determination of developed CO2 pressure.

Results were calculated as equivalent CaCO3 and C, respectively.

Cation exchange capacity of a soil depends on mineralogy and
hence it often can be used to indicate the presence or absence of certain

minerals.

1. Sample is washed three times in a centrifuge with 0.5 M Ca.Cl2

solution, thus converting it to a calcium state.

2. Sample is washed three times with distilled water to remove

excess calcium (not adsorbed).

3. Sample is washed three times with 1 M NaCl converting sample
to a sodium state. Ca is determined in effluent by titration with EDTA
and expressed as milliequivalents calcium adsorbed per 100 g sample
(CEC).

Differential thermal analysis.

Quantitative determination of soil mineralogy by DTA
performed with 5-channel simultaneously-recording Geonor apparatus
using A1203 as reference material. Sample weight = 0.8 gram. Semi-
quantitative determinations of quartz (other than chert) were performed
on preheated (800°C) samples by accurate determinations of the a-f§ quartz
reaction deflections and comparing with standards of known quartz contents,
procedure by Moum and Furrer (1966). Possible chert content was

corrected for by X-ray diffraction analysis.

-l - — -~ - -

Qualitative and semi-quantitative determinations of

mineralogy were performed by X-ray diffraction analysis. Tests were
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performed on oriented samples sucked on to porous ceramic
discs, employing Cu K «a 1 radiation, Ni-filter. Samples were
tested (1) in dry state, (2) in glycol saturated state, (3) after
heating to 600°C for two-hours, and (4) after HCI treatment.

Summary of mineral identification criteria:

Mica : by ~ 10 A reflection in dry state
Hydrous mica : by developments of shoulders on 10 A low
and illite angle side in dry state
Chlorite : by ~ 14 A reflection in dry and heated state
" Vermiculite : by disappearance of 14 A line after heat
treatment

Montmorillonite: by reflections in 17 A region after glycol

expansion
Kaolin : by persistence of 7.2 A reflectio'n after HCI
treatment
Quartz : by 4.26 A reflection
Feldspars : by reflections in 3.19-3.25= region.
Calcite : by 3.03 A reflection in dry state

Semi-quantitative determinations were performed along the
lines suggested by Johns, Grim and Bradley (1954), modified by
Jorgensen (1965) and Sopp (1966) utilizing the additional knowledge
of the quartz contents obtained by DTA. By testing standards of
known compositions and by the method of known additives, it was
assumed that equal quantities of minerals would give the following
relative intensities in the X-ray diffraction diagram, always making
suitable corrections and being very careful when mixed layer

minerals were present.

Montmorillonite Chlorite Mica

glycol expanded Vermiculite Hydrous mica Kaolin
17 A 14 A 10 A 7.2
0.5 1 2 2
Quartz - K-Feldspar Na-Feldspar Calcite
4.26 A 3.25 A 3.19 4 3.03 A

1 1 3 2
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Appendix 3. Disturbance of quick-clay samples
from Manglerud.

1. Pore-pressure measurements as a means of
detecting sample disturbance,.

- e e e D mmem o S e e e e e e e e o = e e W

One method of studying disturbance and damage of samples
is to measure their pore-pressure characteristics. It can be shown that
undamaged samples that have not experienced volume change will be sub-
jected to an isotropic effective stress ¢ that is equal to or greater than
the in situ radial stress KOPO’ + thatis, o' 2 KOPO’ . In an unconfined
state this stress is transferred to the soil structure by a negative residual
pére pressure u_ ., where -uzeg = T > K P . For the special case of
isotropic linear-elastic soil, “Uieg © 1/3(Po’ + ZKOPO’ ). If measure-
ments of residual pore pressure indicate that “Uag < KOPO’ . this means

that the samples are

(a) undamaged and have swelled,
(b) damaged, or
(c) both damaged and have swelled.

Some idea of the residual pore pressure in a specimen after
sampling can also be obtained from the compressibility characteristics
of the specimen at small confining stresses. The specimen will not
experience volume changes until the pore pressure becomes positive, and
therefore, if volume changes result from the application of a confining

cell pressure 0. it is known that “Upag < 0p, and if volume changes do not

e
result it is known that -Uneg > O'r.

The method that was used in the laboratory to measure
residual pore pressures was to mount samples in triaxial cells, to apply
cell pressures g. in increments and to measure the resulting pore
pressures u for conditions of constant volume (fine-pore ceramic filters
were used to prevent specimen swelling during mounting of the specimen).

The residual pore pressures were equal to

res r
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Typical results from two such tests on Manglerud IIl clay are given in

Fig.A.3-1.

The small changes of u for cell pressures up to 0, = lkg/cm2

res
have been interpreted as being test errors resulting from air in the pore-
pressure measuring system that became compressed and partly dissolved
at the larger cell pressures. The values taken as being correct are those

drawn as full lines.

The results of the measurements of residual pore pressures
and volume changes are given in Fig.A.3-2 for samples from the sites
Manglerud I and Manglerud III. Two enveloping curves for each group
of tests have been drawn, the upper curve representing the behaviour of
the least-disturbed samples and the lower curve representing the behaviour
of the most-disturbed samples. For both sites the upper curve inter-
sects the constant volume line (AV/V_ = 0) at E’/Po’ =~ 0. 12, indicating
that:

“Upeg & 0. IZPO’

~0.24 KP’', for K = 0.5
Re) o

This value of residual pore pressure is much less than the

minimum value for undamaged samples which is -u = KOPO’ , and on

res
this basis it is concluded that all the samples represented in Fig. A.3-2

were disturbed by swelling, damage (plastic strains) or both.

In the following two sections, two causes of disturbance will

be considered: swelling and stress change.

2. Disturbance of swelling.

When soils are safnples in the field or cut in the laboratory
for testing purposes, a thin zone around the sample is damaged and the
soil in this zone varies from completely remoulded at the outer surface
to undamaged at some distance in from the surface. This damaged zone

is in the case of very sensitive clays much more compressible than the
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undamaged clay, and if there existed negative residual pore pressures in
the undamaged clay these would cause water to be drawn from the damaged
soil (consolidation) into the undamaged soil (swelling) with the result that
the effective stress in the sample would decrease from the initial value

6:0’ to some value ¢’ .

In Fig.A.3-3 are given typical results of tests made to deter-
mine the expansibility of undamaged clay and the compressibility of the
.same clay in a fully remoulded state. The undamaged clay was first con-
solidated isotropically to a stress approximately equal to KOPO’ and then it
was allowed to swell. As shown, it swelled very little and this is character-
istic of these very sensitive non-plastic clays. In a completely remoulded
state, which is the ultimate degree of disturbance, the soil was vefy

compressible.

Consider the case of a very long cylindrical sample of radius
r consisting of a core of undamaged soil surrounded by a zone of completely
remoulded clay of thickness t, these two materials having the volume-
change characteristics given in Fig.A.3-3. Before the outer zone was

L]

damaged it is assumed that O’ within the sample was o.25kg/cm’. After
the outer zone is damaged internal volume changes will occur for the
condition of constant volume of the specimen as a whole. The change of
¢’ will depend on the thickness of the damaged zone and the radius of the

sample, as expressed in the following equation:

"AVol. (swelling) + AVol (compression) = 0

Aeg Aec
T7a * (Area damaged)

(Area undamaged) Ttey

-~ ]

2. o ! 50
m(r-t) [Aes]_°+ 2rrtfae.] =0
o’ o

where r > > t, this expression simplifies to:



rlae ], *+ 2tae] =0

g

- . Ca s bara . a4

In Fig.A.3-3 are given the results of calculations of ¢’ /(70' ,
the ratio of the final effective stress to the initial effective stress, for
different values of t/r. These results indicate that a completely remoulded
zone equal in thickness to about 1% of the sample’s radius can cause a
50% reduction of 'EO’ . The damaged clay surrounding an undamaged sample
is not completely remoulded and to give comparable volume changes the
thicknesses of the damaged soil would probably have to be severaltimes
greater than those shown in Fig.A.3-3. The results thus indicate that
large changes of ¢’ can result from internal swelling but that (i) great
thicknesses of damaged soil or (ii) great compressibilities of the damaged

soilare requiredto produce ¢’ -values that approach zero.

3. Disturbance by reduction of ratio of
effective principal stresses.

As a consequence of sampling most samples experience stress
changes, and perhaps most important are the reductions of the ratio of the
principal effective stresses. If as the result of such stress changes only
elastic strains occur within the sample, then the sample is disturbed but
isundamaged. If, however, these stress changes cause plastic strains

within the sample, then the sample is permanently damaged.

The laboratory-test method that was used to investigate
disturbance by stress-ratio reduction was the same as that reported by
Ladd and Lambe (1964) and Skempton and Sowa (1963). Samples were
first stressed anisotropically and consolidated against a back pressure in
triaxial cells. Pore pressures were then measured for the condition of
constant volume of the samples while the axial stress was decreased in
increments until o,% 0. the cell pressure remaining constant. The un-
loading period lasted from 6 to 8 days to ensure that equilibrium had been
attained at each stress condition. Test results are given in Fig. A.3-4

and are summarized in Table A.3-1.
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Of significance was the finding that after the samples had been
stress relieved to an isotropic stress condition there existed in all the
samples, except test 15, positive pore pressures, meaning that ar’< Orc’ .
Because the maximum condition for undamaged samples is or’ = cr’rc =
KOPO’ , this result indicates that these samples were damaged by reducing
the stress ratio. The results were checked by consolidating a series of
samples under anisotropic stresses, reducing o, for 0. = constant, and
measuring the volume changes for the samples. The results of these
tests are summarized in Table A.3-2: for all tests, water was expelled
from the samples by reducing o to become equal to . and volume
decreases in these tests are equivalent to pore-pressure increases in the

undrained or constant volume tests.

The behaviour of the Manglerud III clay during reduction of
the stress ratio at constant volume is very similar to the behaviour of
normally- consolidated remoulded Dorking ciay (Skempton and Sowa. 1963
Table A.3-1). For both soils positive changes of pore pressure occurred.
compared with negative changes of pore pressure measured in Kawaski
and Boston Blue clays (Ladd and Lambe, 1964: Table A.3-1). The only

soil that behaved as an isotropically elastic material for which o' :-Ec ,

was overconsolidated remoulded Dorking clay (Table A.3-1).

The general cause of the damage resulting from decreasing
cra/or is the occurrence of plastic strains within the soil fabric that occur
when recoverable strain energy is being dissipated and the sample is

extending in length.

The conclusion from these tests is that, for sensitive non-
plastic clays of the Manglerud type, samples are damaged (plastic strains)
due to reduction of the stress ratio oa/ar. or more directly are damaged

when plastic strains accompany elastic strains during stress reduction.



- 128 -

4, Disturbance in consolidation tests.

In this section attention will be given to disturbance (or damage)
occurring in test specimens during standard oedometer consolidation tests,
during specimen consolidation within reinforced rubber membranes used

for direct simple-shear tests, and during K -triaxial consolidation tests.

It is believed that with present sampling techniques (fixed-
piston, large diameter) reasonably good samples of sensitive clay are
obtained. To mount specimens of these samples in oedometer, direct-
shear or triaxial apparatus. the sampleé must be cut (trimmed) and in
so doing a thin zone surrounding each sample is remoulded. This remould-
ed zone is very much more compressible than the undamaged clay in the
case of quick clay, and therefore upon loading in the oedometer test there
occur radial strains resulting from the reconsolidation of the remoulded
zone (Fig.2-1). The conditions are even worse if a space exists between
the sample and the oedometer ring due to poor laboratory technique; such
an initial condition probably exists when reinforced-rubber membranes of
the type for direct simple-shear tests are used. These radial strains

cause shear strains that cause additional damage to the sample.

Exactly the same problem exists for K -triaxial consolidation
tests if the initial cross-sectional area of the specimen is maintained
constant throughout the test. However, a major part of this source of
error can be eliminated for triaxial specimens by using small isotropic
consolidation pressures at the beginning of the test to reconsolidate the
zone of remoulded clay. In the case of samples from Manglerud the
pressures used were 0.1 to 0.2 kg/cm2 and the resulting volume changes
were from 1 to 2%, and this is a very significant amount. New sample
areas were calculated and maintained constant during the following KO
tests. These triaxial KO tests gave smaller compressibilities at pressures
less than Pc than the oedometer tests and always provided more pronounced

changes of compressibility in the vicinity of P..

This finding is clearly illustrated in Fig. A.3-5 where the
results of various consolidation tests are given for Manglerud III samples
taken from a depth of about 7m. The first number used to identify a test

result is the sample tube number. and therefore triaxial Ko tests 37-2
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and 37-3 were performed on material from the same tube as oedometer
test 37-1. These results show quite clearly the effect of the zones of
remoulded clay and indicate quite clearly that the triaxial Ko test. if
carefully performed. will give a more reliable result than standard
oedometer tests on very sensitive clays. These results also indicate
that for strength tests, samples reconsolidated in reinforced rubber
membranes for direct simple-shear testing are damaged to greater
degrees than samples Ko-consolidated in triaxial cells after first re-
consolidating the peripheral remoulded clay. Obviously, the problem
arising from the presence of a remoulded-clay zone is one of relative
thickness of the zone, and if very large ocdometer or direct-shear

samples were used the influence of the remoulded zone would diminish.

i



Table A.3-1

Table A.3-1. Results of undrained tests in which the stress ratio oa/or was reduced.

Consolidation history After undrained Ratio of ¢’ ’
unloading
] , A I Y (P P DS
Test | p - aci a g ' | % G’ |1 |2 €
) c o4 o - u Remarks
no. . , e , ac rc o
P I (4 g c o
[o] T r /0
e T i P i 1 e
Manglerud III clay (natural)
v Units kg/cm?
45-07| 0.47 [ 1.30/0.611 0.432] 0.346 0.330} 0.53 0.97(0.76 -0.26 1 =12%
0.342 0.322 P
43-.13] 0.30 [ 6.92] 2.075 1.328{ 1.038 0.978| 0.47 1.02)0.74 | -0.33 St = 30-40
0.955 0.948
56-15| 0.40 |[1.57| 0.631 |0.416| 0.355 0.343] 0.55 1.07|0.82 | -0.34
0.325 0.337
56-17| 0.42 [1.27 0.534 0.391] 0.321 0.306] 0.57 | 0.96{0.78 | -0.18
0.320 0.299
60-19/0.34 1.5 0.532 0.319, 0.199 0.192( 0.36 0.900.60 -0.48
0.213 0.188
50-20) 0.34 2.100 0.712 0.466| 0.332 0.323| 0.45 0.94|0.69 -0.42
0.343 0.318
Kawasaki clay (natural) from Ladd and Lambe, 1963.
Units kg/cmZ
I 1.6 2.0 3.20 2.07 1.61 1.61 0.505| 1.07(0.78 I,=31 %
.50 1.61 f.5-10
2.6 2.1 5.40 3.47 | 3.30 3.30 | 0.610] 1.32|0.95 Ip=36 7%
2.50 3.30
3.5 2.2 ] 7.55 4.85 | 3.97 3.97 | 0.525 1.13]0.82 Ip=43%
3.50 3.97 .
Boston Blue clay (remoulded, NC) from Ladd and Lambe, 1963.
Units kg/cm?
6.05 4,22 3.65 3.65 | 0.60 1.11 0.87 Ip - 14%
3.30 3.65
3.10 2,13 1.90 1.90 | 0.61 1.15( 0.89
1.65 1.90
Dorking clay (remoulded, NC)from Skempton and Sowa, 1962.
Units psc
v28 28.0 21.3 17.0 17.0 | 0.61 0.94| 0.80
18.0 17.0
63 90.1 65.7 51.4 51.4 | 0.57 ! 0.96| 0.78 -1.4
53.5 51.4 Ip - 24%
99 92.2 66.4 | 52,6 52.6 | 0.57 | 0.98| 0.79| -0.8
: 53.5 52.6
89 i 127.2 92.5 | 73.2 73.2 {1 0.58 ] 0.98| 0.79] -0.9
75.0 73.2
86 166.8 122.3] 98.1 98.1 | 0.59 | 0.98] 0.80] -0.9
100.0 98.1
Dorking clay (remoulded, OC at P’ - 170, K P’ = 100).
Units ps¢
79 13.5 | 15.8 | 15.9 153 | 1208 ] 0. 74| 0.59
’ 17.0 15.9
a] | 78. 8 68.2 | 68.0 68-:0 | 086 | 1.0 | .00 | 0.3
| 63.0 68.0
5 21/3 (ua' - zu‘_') B ua' axial, u‘: radial.

€, strain by unloading, negative values for length increases.



Table A,

3-2. Results of drained triaxial tests in which

Table A.3-2.

the stress ratio 0,/0,. was reduced for
0, = constant.

Consolidation After siress
e - .b,i‘s_tgr,g,‘...w eee v reduction
P g’ g’ g’ AV €
Test o ac (-——a—) 2 \Y v
, g c| o o
P by T
no © To %o
Units kg/cm?2
74-25 0.41 .51 0.62 1 0.51 0.35 -0.16
0.50 0.50
T4-26 0.41 1.53]10.63 | 0.33 | 0.28 -0.67
0.32 0.32
68-23A | 0.28 | 2.9610.83 | 0.42 | 0.20 | -0.69
0.40 0.40
68-23 B 0.28 5.321(1.49 0.67 0.50 -0.84
0.65 0.65
68-24 8B 0.27 5.5111.49 0.69 | 0.50 -0.67
0.68 0.68

AV denotes volume change by unloading,
positive values for volume decrcascs.

€ denotes strain by unloading, negative
values for length incrcascs.
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