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ABSTRACT 7 

Contemporary geotechnical design often requires the use of advanced numerical analysis, if it is to 8 

take account of the complex nature of many geotechnical problems. One crucial aspect of such 9 

analyses is the realistic representation of the facets of soil behaviour that are dominant in any given 10 

problem, which in turn requires a careful selection of an appropriate constitutive model and derivation 11 

of model parameters from the available, and often disparate, experimental data. This paper uses the 12 

authors’ experience of advanced numerical analysis and constitutive modelling to emphasise the 13 

importance of close integration of the process involved with interpreting experimental data with the 14 

process of selecting and calibrating advanced constitutive models, in successfully predicting the 15 

response of geotechnical structures.  16 

 17 

 18 

 19 

  20 
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1. Introduction 21 

 22 

The complexities of contemporary geotechnical problems often require application of advanced 23 

calculation tools as part of the design process. In effect, developments in congested urban 24 

environments, resilience and lifecycle assessment of infrastructure, thermo-hydro-mechanical 25 

coupling of soil phases in geothermal energy exploration or in the development of lasting solutions 26 

for nuclear waste disposal, are just some of the examples that can be addressed only by application 27 

of advanced numerical analysis. In particular, the assessment of serviceability limit states and of the 28 

effects that new construction may impose on existing structures and services, have become strongly 29 

dependent on the use of numerical analysis, the finite element and the finite difference methods 30 

being the main forms employed in engineering practice. This paper considers only the application of 31 

the finite element method (FEM). 32 

 33 

In any numerical analysis there are, in principle, three main parts of the geotechnical input that need 34 

to be idealised in a realistic manner (Figure 1). One is an idealisation of the problem geometry, which 35 

will depend on the ground conditions (different soil layers), dimensions (two-dimensional, 2D, or 36 

three-dimensional, 3D) and existence of any structural components (wall, anchor, tunnel lining) and 37 

material interfaces that may need to be discretised with appropriate element types. Next is the 38 

characterisation of ground conditions and soil behaviour from available field and laboratory 39 

investigations, which leads to the selection of appropriate soil constitutive models. The complexity 40 

of the employed constitutive model is often determined by the available soil data and the derivation 41 

of model parameters has to be consistent with experimental evidence. The final aspect of the 42 

numerical idealisation is the application of appropriate boundary conditions, capable of simulating 43 

realistically the details of the design brief (e.g. excavation, construction, dewatering, loading). The 44 

solution process in the case of the FEM involves a large system of governing equations, from which 45 

displacements (and depending on the level of coupling also pore water pressures and temperatures) 46 

at element nodes are the primary analysis output, which facilitates the calculation of strains and 47 

stresses in the analysed domain. Their interpretation provides predictions of the response of a given 48 

boundary value problem idealised in the manner shown in Figure 1. Clearly, the accuracy of 49 

predictions will depend on how realistically each of the three elements are idealised.  50 

 51 

This paper uses the authors’ experience of advanced numerical analysis to demonstrate, on selected 52 

practical geotechnical problems, the process of integrating the numerical input from ground 53 

investigation, problem geometry and design requirements. Such a process is necessary for the 54 

delivery of accurate numerical predictions and of efficient design solutions for geotechnical 55 

structures. Particular focus is placed on the treatment of soil behaviour and the process of integrating 56 

laboratory and field experimental evidence to characterise soil behaviour and initial ground 57 

conditions. The paper further focuses on demonstrating the process of selecting an appropriate 58 

constitutive model that is consistent with experimental evidence and is capable of reproducing the 59 

facets of soil behaviour that are crucial for a given problem. This is an essential step as there is no 60 

single constitutive model in existence that can be applied to all soil types and simulate with equal 61 

accuracy their mechanical behaviour. The thread of examples discussed in the paper starts with 62 

those that can be analysed as undrained (effective stress-based non-coupled analyses), extending 63 

to time-dependent transient problems (requiring hydro-mechanically coupled analyses) and finishing 64 

with a problem that can be treated as drained (again non-coupled analyses). The emphasis 65 

throughout the paper is on producing “blind”, Class A predictions (Lambe, 1973), as applied in a 66 

design scenario, and not on performing back-analyses of given problems. All examples of numerical 67 

analyses presented here have been performed with the Imperial College Finite Element Program 68 

(ICFEP; Potts & Zdravkovic, 1999; 2001).   69 
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2. Undrained problems in stiff low-plasticity clays 70 

 71 

2.1  Background 72 

The selected example considers the design of a large-scale pile testing programme under monotonic 73 

lateral loading, in a stiff low-plasticity overconsolidated clay till at Cowden, UK, as part of the PISA 74 

(PIle-Soil Analysis) Joint Industry Project (JIP). Numerical analyses, ground investigation and in-situ 75 

pile testing were integral parts of the PISA project, concerned with the development of new design 76 

methods for laterally loaded monopiles, as foundation systems for offshore wind turbines. The 77 

existing codified p-y methodology (API, 2010; DNV-GL, 2016) was experienced by the relevant 78 

industry not to work well for large diameter monopiles with low length to diameter ratios (𝐿/𝐷). 79 

Central to the new development was academic research, comprising Imperial College London, 80 

Oxford University and University College Dublin, with the principal project outcomes featuring in the 81 

papers of Zdravkovic et al. (2019a), Burd et al. (2019a), Byrne et al. (2019a), McAdam et al. (2019), 82 

Zdravkovic et al. (2019b), Taborda et al. (2019), Byrne et al. (2019b) and Burd et al. (2019b).  83 

 84 

Considering the size of wind turbine monopiles, with current diameters of 8 to 10 m, full scale field 85 

testing from which to derive a design method, as in the original p-y methodology (Reese et al., 1974, 86 

1975), was clearly impractical. Even a reduced scale field testing, as performed at Cowden (Byrne 87 

et al., 2019a), was expensive, raising also the question of scale effects. The new design method 88 

was therefore envisaged to be developed on the basis of 3D finite element (FE) analyses of 89 

monopiles. The key to achieving this successfully and to gaining the confidence of the industry 90 

partners and verification bodies on the feasibility of the new design method, was to demonstrate the 91 

ability of the finite element modelling to deliver accurate predictions of monopile response in given 92 

ground conditions. For this purpose site-specific analyses of medium-scale field tests at Cowden 93 

were performed before the field testing took place, and Class A predictions of pile behaviour were 94 

compared with subsequent field measurements. The Cowden site was chosen for field testing as its 95 

clay till soil is representative of sea-bed conditions in some sectors of the North Sea.  96 

 97 

The objective of the PISA project was to establish the backbone of the monotonic load-displacement 98 

response of laterally loaded monopiles, as detailed in Zdravković et al. (2019a). For the new design 99 

method to be developed, it was deemed essential that the modelling should reproduce accurately 100 

the initial part of the backbone curve, corresponding to working loads, and the ultimate capacity of 101 

pile at failure. The former is the serviceability limit state which depends on the small strain behaviour 102 

of the soil, while the latter is the ultimate limit state which depends on the soil strength. Consequently, 103 

interpretations of the Cowden till’s small strain stiffness and strength were key design requirements 104 

for the monopile field testing programme.   105 

 106 

2.2  Interpretation of ground conditions at Cowden  107 

Considering that the Cowden site was a test site of the British Research Establishment (BRE) for a 108 

number of years, the initial information on ground conditions and on soil behaviour comprised a 109 

number of pre-1990s studies, summarised in Powell & Butcher (2003). Additional laboratory and 110 

field tests were conducted as part of the PISA project, the former through the PhD research of Ushev 111 

(2018) at Imperial College. Detailed integration and interpretation of all experimental data can be 112 

found in Zdravkovic et al. (2019a). 113 

 114 

2.2.1 Ground profile and ground water 115 

The first insight into ground conditions, provided by the historic evidence in Powell & Butcher (2003), 116 

revealed a 40 m deep deposit of glacial clay underlain by chalk, with a bulk unit weight of 117 

21.19 kN/m3, an average plasticity index 𝑃𝐼~18 and clay content of 32%, indicating a low-plasticity 118 
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clay. These properties were confirmed by index testing on new samples collected for PISA. The cone 119 

penetration profiles from new CPT tests conducted across the PISA test site at Cowden (Figure 2) 120 

showed a reasonably consistent ground profile in the top 12m, with little local variability. The frequent 121 

spikes resulted from the presence of stones in the clay matrix, and the concentrated high resistance 122 

between 12 and 14m depth confirmed the existence of a sand layer, previously identified in Powell 123 

& Butcher (2003). These field results limited the maximum embedded length of the test piles to 124 

10.5m, in order for the whole pile to be embedded in a single material type. 125 

 126 

The ground water table was found at 1 m depth and the piezometeric measurements of pore 127 

pressure revealed an under-drained pore water pressure profile (i.e. less than hydrostatic) in the top 128 

10 m of the deposit (Figure 3(a)). Such a profile is possible in the field if the permeability reduces 129 

with depth and if there is a deeper aquifer with a phreatic surface that is lower than the ground water 130 

table. Both conditions exist at Cowden, the permeability in particular reducing from about 131 

𝑘~0.05 m/year in the top weathered part of the clay till, to about 𝑘~0.007 to 0.0005 m/year in the 132 

unweathered deposit below (Figure 3(b)). Assessing these values of permeability with respect to the 133 

rate of loading that would result from wind and wave actions on the support structure of a wind 134 

turbine, it was considered appropriate to perform FE analyses of laterally loaded monopiles under 135 

undrained conditions.  136 

 137 

2.2.2 Initial stresses 138 

The vertical effective stress is readily established from the bulk unit weight of the soil and the pore 139 

water pressure shown in Figure 3(a). The horizontal effective stresses are usually significantly more 140 

challenging to assess. The early historic studies at the Cowden site made use of total stress spade 141 

cells (Tedd et al., 1989) and pressuremeter tests (Powell et all., 1983), applying various correction 142 

factors to estimate horizontal stresses. Further estimates were also made from pre-consolidation 143 

stresses derived from oedometer tests, using different relationships between the overconsolidation 144 

ratio, 𝑂𝐶𝑅, and at rest earth pressure coefficient, 𝐾0. These estimates are plotted in Figure 4a, 145 

indicating 𝐾0 values of up to 3 in the top 5 m. Considering that the soil was fissured and affected by 146 

glaciation, the one-dimensional oedometer swelling was thought unrepresentative of the processes 147 

the ground was subjected to in its geological history. Hence a value of 𝐾0 nearing the passive earth 148 

pressure coefficient was considered unrealistic. Supported by recent studies on overconsolidated 149 

stiff marine clays that have experienced weathering and glaciation (Brosse et al., 2017), which 150 

showed that 𝐾0 cannot be higher than 1.5 to 1.8 at shallow depths, the 𝐾0 value for the Cowden site 151 

was limited to 1.5 in the top 5 m, with the remaining profile at depth following the available 152 

measurements.  153 

 154 

 155 

2.3 Interpretation of soil behaviour and selection of a constitutive model 156 

Given that optimised monopile design needed to produce accurate monopile response at operational 157 

(low-level vibrations) and at ultimate conditions (storm load, high overturning moments), the 158 

requirement for the soil constitutive model was the ability to capture accurately both the small strain 159 

soil response and the response at failure. The former is characterised by the small strain shear and 160 

bulk stiffness that are functions of both stress and strain levels in the soil, while the latter is 161 

characterised by the soil’s drained and undrained strength.  162 

 163 

2.3.1 Drained shear strength 164 

Apart from undrained triaxial tests in compression (TXC) and extension (TXE), no other laboratory 165 

experiments were available to characterise the strength of Cowden till. Specifically, strength 166 
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anisotropy due to rotation of principal stresses was unknown, leading to the selection of an isotropic 167 

constitutive model for the monopile analyses.  168 

 169 

Undrained effective stress paths in triaxial compression, normalised as shown in Figure 5, from 170 

overconsolidated Cowden till samples taken at various depths (Ushev, 2018), indicated a critical 171 

state-type behaviour, plotting on the dry side of critical state and with stress paths smoothly reaching 172 

critical state conditions. Consequently, in terms of the constitutive framework, the isotropic critical 173 

state-based modified Cam clay (MCC) model (Roscoe & Burland, 1968) was considered appropriate 174 

for representing the strength of Cowden till, albeit with some necessary extensions (as detailed in 175 

Zdravković et al., 2019b). It is clear from Figure 5 that the deviatoric yield stress dry of critical was 176 

significantly smaller than what would be predicted by the original MCC ellipse, the size of which, 𝑝0
′ , 177 

is estimated from the samples’ initial stresses and previous stress history. As a result, the first 178 

extension of the MCC model was to introduce a Hvorslev surface on the dry side, for accurate 179 

representation of the Cowden till strength. ICFEP employs a non-linear Hvorslev surface, as 180 

developed in Tsiampousi et al. (2013), with the equation of the complete yield surface, in generalised 181 

𝑝′ − 𝐽 − 𝜃 space, becoming:  182 

 183 

𝐹(𝝈′, 𝑝0
′ ) = 𝐹(𝑝′, 𝐽, 𝜃, 𝑝0

′ ) =

{
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 (1) 

 184 

where 𝑝′ is the mean effective stress, 𝐽 is the generalised deviatoric stress, 𝜃 is the Lode’s angle 185 

and 𝑝0
′  is the hardening parameter, representing the size of the yield surface. Parameters 𝛼 and 𝑛 186 

control the shape of the Hvorslev surface and are evaluated as 𝛼 = 0.25 and 𝑛 = 0.40 (Zdravković 187 

et al., 2019b), reproducing the shape shown in Figure 5 which agrees well with test data. The second 188 

part of the equation is the shape of the usual MCC elliptical surface, which applies on the wet side. 189 

The inclination of the Critical State Line (CSL), denoted as 𝑔(𝜃), depends on the Lode’s angle, 𝜃, in 190 

the deviatoric plane and on the value of the angle of shearing resistance, 𝜙𝜃
′ , at a given Lode’s angle.  191 

 192 

Interpreted critical stress states, at axial strains of around 30% in undrained TXC and 15% in 193 

undrained TXE, are shown in Figure 6, demonstrating good agreement between historic and PISA 194 

triaxial test results. The figure also reveals different ultimate stress ratios (𝑞/𝑝′) in compression, 195 

𝑀𝑐𝑠
𝑐 = 1.07, and in extension, 𝑀𝑐𝑠

𝑒 = 0.90, which convert to the respective values of the angle of 196 

shearing resistance of 𝜙𝑇𝑋𝐶
′ = 27o (at 𝜃 = −30o) and 𝜙𝑇𝑋𝐸

′ = 32o (at 𝜃 = +30o). Considering that 197 

the boundary value problem under investigation (i.e. a laterally loaded pile) is three-dimensional, this 198 

experimental evidence implies that 𝜙′ in the deviatoric plane should be allowed to vary accordingly 199 

with respect to the magnitude of the Lode’s angle, 𝜃 (representing the effect of the intermediate 200 

principal stress). The original MCC circular shape of the yield surface in the deviatoric plane allows 201 

different values of 𝜙′ to be mobilised with respect to 𝜃, however this variation is unrealistic, as shown 202 

in Figure 7. If a circle in the deviatoric plane is fitted to 𝜙𝑇𝑋𝐶
′ = 27o, the magnitude of 𝜙𝑇𝑋𝐸

′  reaches 203 

about 41o, which, at 9o higher than measured, is clearly unconservative for design. On the other 204 

hand, the Mohr-Coulomb shape of the yield surface in the deviatoric plane assumes a constant value 205 

of 𝜙′, thus under-predicting the available strength of the soil. As a result, a more accurate definition 206 

of soil strength in the deviatoric plane was needed, which comprised the second extension of the 207 

MCC model. The generalised Van Eekelen (1980) surface given by Equation (2), was introduced to 208 

replace the circular shape:  209 

 210 
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𝑔(𝜃) =
𝑋

(1 + 𝑌 sin3𝜃)𝑍
 (2) 

 211 

where 𝑋, 𝑌 and 𝑍 are model parameters and their values have to satisfy a number of constraints to 212 

ensure the convexity of the surface. This function can reproduce, with the appropriate choice of 213 

parameters, the experimentally derived shapes of Lade & Duncan (1975), or Matsuoka & Nakai 214 

(1974) surfaces. The variation of 𝜙′ in the deviatoric plane for Cowden till is also shown in Figure 7, 215 

with 𝑍 = 0.1, 𝑋 = 0.548 and 𝑌 = 0.698 fitted to achieve a maximum variation of up to 6o between 216 

triaxial compression and plane strain loading (𝜃~0o), as measured for most soils (e.g. Bishop, 1966; 217 

Gens, 1982).  218 

 219 

2.3.2 Undrained shear strength 220 

As it was decided that the pile analyses would be performed under undrained conditions, it was 221 

necessary to also characterise the undrained shear strength of Cowden till. Figure 8 shows a 222 

summary of the historic and new PISA test data from which the undrained strength in triaxial 223 

compression, 𝑆𝑢,𝑇𝑋𝐶, was derived. The historic data (Powell & Butcher, 2003), derived predominantly 224 

from samples obtained by pushed-in thin-walled tube sampling, showed a fair scatter and no data in 225 

the top 2 m. Powell & Butcher (2003) put the scatter down to site variability, as the tested area was 226 

much larger than the PISA site, as well as to some sampling-induced disturbance. The new TXC 227 

tests on samples obtained by Geobore-S rotary coring produced consistent data, with very good 228 

agreement of undrained strengths derived from 38 mm and 100 mm samples, indicating that the 229 

strength was dominated by the soil matrix, rather than by stone inclusions. The undrained strength 230 

in the top 2 m of the deposit, which is essential in providing soil resistance to a laterally loaded pile, 231 

was also well-characterised by the new PISA triaxial testing and by additional results of the field 232 

shear vane testing. As a final check, the 𝑆𝑢 profile derived from the average CPT cone resistance 233 

(applying a cone factor 𝑁𝑘𝑡 = 16; Powell & Quarterman, 1988), showed a generally good agreement 234 

between the laboratory and field interpretations of undrained strength.  235 

 236 

Conveniently, the adopted MCC model has an analytical solution for the undrained shear strength 237 

(Potts & Zdravković, 1999): 238 

𝑆𝑢 = 𝑂𝐶𝑅 ∙ 𝜎𝑣0
′ ∙ 𝑔(𝜃) ∙ cos(𝜃) ∙

1 + 2𝐾0
𝑁𝐶

6
∙ (1 + 𝐵2) ∙ [

2 ∙ (1 + 2𝐾0
𝑂𝐶)

(1 + 2𝐾0
𝑁𝐶) ∙ 𝑂𝐶𝑅 ∙ (1 + 𝐵2)

]

𝜅
𝜆

 (3) 

 239 

where: 240 

𝐵 =
√3 ∙ (1 − 𝐾0

𝑁𝐶)

𝑔(−30°) ∙ (1 + 2𝐾0
𝑁𝐶)

 (4) 

In the above expression, 𝐾0
𝑂𝐶 is the current value of the coefficient of earth pressure at rest, as 241 

depicted in Figure 4a, while 𝐾0
𝑁𝐶 is the value associated with normal consolidation and is taken as 242 

(1 − sin𝜙𝑇𝑋𝐶
′ ). 𝑂𝐶𝑅 is defined as the ratio of the maximum previous vertical effective stress, 𝜎𝑣,𝑚𝑎𝑥

′ , 243 

and the initial vertical effective stress, 𝜎𝑣0
′ . Lacking isotropic compression and swelling tests, 244 

parameters 𝜆 (= 0.115, compressibility) and 𝜅 (0.021, swelling) were derived from the constant rate 245 

of strain (CSR) oedometer tests on samples from different depths (see Zdravković et al., 2019a, 246 

2019b). Fitting the Equation (3) to the interpreted 𝑆𝑢,𝑇𝑋𝐶 profile in Figure 8 allowed the distribution of 247 

𝑂𝐶𝑅 to be evaluated, as shown in Figure 4b. The excellent agreement of the 𝑂𝐶𝑅 profile with the 248 
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historic data demonstrates a high level of consistency between the derived model parameters and 249 

interpreted ground conditions.  250 

 251 

2.3.3 Stiffness 252 

To predict the soil response at operational loads, further assessment of experimental data requires 253 

characterisation of both the elastic shear modulus, 𝐺0, and shear stiffness degradation with 254 

increasing deviatoric strain. The interpretation of the experimental evidence on 𝐺0 is summarised in 255 

Figure 9(a), comprising dynamic and static testing conducted for PISA. The former tests depict two 256 

seismic cone (SCPT) profiles which are consistent with the laboratory bender element (BE) 257 

measurements of 𝐺0 on intact samples. Such an agreement indicates little disturbance induced by 258 

sampling. Another observation is that the horizontal (𝐺ℎℎ) shear modulus is generally larger than the 259 

vertical (𝐺𝑣ℎ), but not as distinctly as measured in stiff plastic clays (e.g. Gasparre et al., 2007; Brosse 260 

et al., 2017). The historic in-situ geophysics down-hole profile (𝐺𝑣ℎ) was in reasonable agreement 261 

with the new dynamic tests, but the cross-hole (𝐺ℎℎ) data showed a much bigger difference, which 262 

could be attributed to larger variability across the historic testing area at Cowden. The 𝐺0 profiles 263 

derived from the local gauges in static triaxial compression and extension tests were distinctly 264 

smaller compared to the dynamic profiles, which is not uncommon in laboratory testing and could be 265 

attributed to insufficient resolution of the transducers at very small strains (considering a very good 266 

agreement seen between laboratory and field dynamic measurements). With no other evidence 267 

available at the time of the PISA numerical modelling, in particular to support strongly the existence 268 

of stiffness anisotropy, the elastic shear stiffness of Cowden till was represented as isotropic and the 269 

maximum shear modulus profile in Figure 9(a) was estimated as 𝐺0 = 1100 ∙ 𝑝′, fitted through the 270 

dynamically-measured profiles, but ignoring the historic cross-hole measurement. 271 

 272 

The degradation of normalised secant shear stiffness, 𝐺𝑠𝑒𝑐/𝑝′, with increasing deviatoric strain, 𝜀𝑑, 273 

is shown in Figure 9(b) from several triaxial undrained shearing tests. Inspecting this evidence, there 274 

is no clear distinction between stiffness degradation in TXC and TXE in the small strain range, nor 275 

any other data to support stiffness anisotropy in this range. As such, the simulated shear stiffness 276 

degradation in the small strain range was assumed isotropic, as depicted in Figure 9(b). It is clear 277 

that a number of tests have a maximum stiffness below the adopted 𝐺0 = 1100 ∙ 𝑝′, consequently 278 

the degradation part was calibrated to be significantly sharper than observed in these experiments, 279 

so that at medium strains the simulated response would be closer to some average stiffness of all 280 

the triaxial tests. The effect of this decision is shown in the normalised 𝐺𝑠𝑒𝑐/𝐺0 degradation in Figure 281 

9(c), emphasising the need to consider globally the stiffness calibration instead of producing in 282 

isolation the maximum stiffness and its degradation. The range of data marked as historic in Figure 283 

9(b) indicates the poor resolution of the pre-1990s measurements.  284 

 285 

Based on this evidence, the third extension of the MCC model was to replace its pre-yield elasticity 286 

with a non-linear small strain overlay, for the purpose of capturing the soil behaviour at operational 287 

loads. The ICG3S non-linear model (Taborda & Zdravkovic, 2012; Taborda et al., 2016) introduced 288 

the isotropic tangent shear and bulk moduli that are stress, strain and void ratio dependent:  289 

 290 

𝐺𝑡𝑎𝑛 = 𝐺0
∗ ∙ 𝑓𝐺(𝑒) ∙ (

𝑝′

𝑝𝑟𝑒𝑓
′ )

𝑚𝐺

∙ (𝑅𝐺,𝑚𝑖𝑛 +
1 − 𝑅𝐺,𝑚𝑖𝑛

1 + (
𝜀𝑑
𝑎
)
𝑏) (5) 

𝐾𝑡𝑎𝑛 = 𝐾0
∗ ∙ 𝑓𝐾(𝑒) ∙ (

𝑝′

𝑝𝑟𝑒𝑓
′ )

𝑚𝐾

∙ (𝑅𝐾,𝑚𝑖𝑛 +
1 − 𝑅𝐾,𝑚𝑖𝑛

1 + (
|𝜀𝑣𝑜𝑙|
𝑟 )

𝑠) (6) 
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 291 

The effect of void ratio was ignored in the shear stiffness calibration in Equation (5) (i.e. 𝑓𝐺(𝑒) = 1), 292 

with other model parameters (𝑎, 𝑏, 𝑅𝐺,𝑚𝑖𝑛) evaluated to produce the shear stiffness shown in Figures 293 

9(b) and 9(c).  294 

 295 

Calibration of the tangent bulk stiffness required further care as elasticity in the original MCC 296 

formulation, which assumes the swelling parameter 𝜅 to be constant, implies that 𝐾𝑡𝑎𝑛 = (𝑣 ∙ 𝑝
′)/𝜅. 297 

This is inconsistent with the non-linear model in Equation (6), raising a problem with the evaluation 298 

of the undrained strength profile, 𝑆𝑢, in Equation (3), which requires a constant value of 𝜅. For the 299 

model to reproduce swelling lines of constant gradient, the void ratio function was adopted as 𝑓𝐾(𝑒) =300 

1 + 𝑒 and parameters 𝑚𝐾 and 𝑅𝐾,𝑚𝑖𝑛 were set to 1.0, rendering values of 𝑠 and 𝑟 irrelevant.  301 

 302 

Input parameters for the extended MCC model, calibrated from the available historic and new 303 

laboratory and field data on Cowden till, are summarised in Table 1. 304 

 305 

 306 

2.4  Boundary value problem – laterally loaded pile at Cowden 307 

Sections 2.2 and 2.3 demonstrated the process of developing and ensuring the consistency between 308 

the ground and soil characterisation and the selected constitutive framework, as well as the necessity 309 

for a very good understanding of the constitutive model formulation and what it entails. The evolution 310 

of the constitutive model, from its original formulation, was presented in conjunction with the 311 

experimental information available for the soil, and it enabled the model to capture more accurately 312 

the governing facets of the soil behaviour for the given boundary value problem of undrained lateral 313 

loading of monopile foundations.  314 

 315 

The main purpose of the study was to develop a 3D FE model to, first, design the PISA test piles at 316 

Cowden from the predicted responses of the 3D FE model, and, second, to validate the 3D FE model 317 

by comparing these predictions with the field test results obtained subsequently. Two pile diameters 318 

(𝐷 = 0.762 m and 𝐷 = 2.0 m) and three length-to-diameter ratios (𝐿 𝐷 = 3⁄ , 5.25 and 10) were used 319 

for field testing, with a monotonic horizontal load applied at the top of a 10 m high steel tubular 320 

extension mounted on the pile heads (see Byrne et al., 2019a). The problem was discretised into 321 

the FE mesh shown in Figure 10. The soil was simulated as a single Cowden till layer (due to the 322 

lack of experimental evidence to distinguish between different levels of weathering with depth), 323 

ignoring the presence of the two sand layers and adopting the initial stresses and the pore water 324 

pressure profile as described in Section 2.2. The steel tubular pile was discretised with shell 325 

elements (Schroeder et al., 2007) and modelled as elastic, with a Young’s modulus of 200 GPa and 326 

a Poisson ratio of 0.3. As horizontal pile loading could create a gap on the active side of the pile, 327 

zero-thickness interface elements (Day & Potts, 1994) were placed on the outside of the pile to allow 328 

this to happen if the soil tensile strength (set to zero) was mobilised during loading (see Zdravkovic 329 

et al. 2019b for details of the numerical model). 330 

 331 

For brevity, Figure 11 compares the predicted and measured horizontal force, 𝐻, versus the 332 

horizontal ground-level displacement, 𝑣𝐺, for only two test piles of different diameter and length. The 333 

field tests were performed with a minimum displacement rate that ensured the completion of each 334 

test over a period of 8 hours. The applied stages of loading indicate the existence of rate effects at 335 

the beginning of each stage, while holding periods ensured that negligible strain rates were reached 336 

after each loading. Consequently, the predicted load-displacement curves, which were obtained from 337 

analyses that were not developed to simulate a rate-dependent response, are compared with the 338 

end points of each holding stage, as these points represent the rate-independent backbone curve. 339 
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The agreement between the measured and predicted curves is excellent, both at operational loads, 340 

when 𝑣𝐺 = 0.01𝐷 (Figure 11(b) & (d)), and at nominal ultimate loads, when 𝑣𝐺 = 0.1𝐷 (Figure 11(a) 341 

& (c)). The predicted embedded response of the piles, in terms of deflected shapes and bending 342 

moments, was also shown to be in very good agreement with measurements, as well as the 343 

occurrence of gapping around the piles, as detailed in Zdravkovic et al. (2019b).  344 

 345 

This level of agreement between ‘blind’ Class A predictions and subsequent field test measurements 346 

was crucial to convincing the PISA Industry Partners and the Independent Technical Review Panel 347 

(ITRP) of the ability of advanced numerical analysis, as developed for PISA using the ICFEP 348 

modelling platform, to predict accurately the monopile response under lateral loading. Following this, 349 

further ICFEP 3D FE analyses of full scale monopiles (𝐷 = 5 to 10 m and 𝐿/𝐷 = 2 to 6) in similar 350 

ground conditions, but adjusted to an offshore environment, were performed and results used as 351 

direct input into the formulation of a new simplified, Winkler-type, PISA design method for laterally 352 

loaded monopiles in clays (see Byrne et al. 2019b).  353 

 354 

 355 

2.5  Considerations for stiff plastic clays 356 

In the previous discussion the soil was an overconsolidated stiff low-plasticity clay till, with its 357 

mechanical behaviour shown to follow critical state principles. Shearing in compression of clay till 358 

samples was shown to mobilise ductile stress paths to critical states, while their shear stiffness was 359 

reasonably well interpreted as isotropic. This section considers some implications for numerical 360 

modelling of the same undrained problem (laterally loaded monopiles) in the case of the soil being 361 

a stiff, overconsolidated marine plastic clay, such as London clay with 𝑃𝐼~35 − 50, which exhibits 362 

non-critical state ultimate conditions. Compared to the above Cowden till characterisation, the two 363 

principal aspects of the mechanical behaviour of such clays are a markedly anisotropic shear 364 

stiffness, with 𝐺ℎℎ > 𝐺𝑣ℎ, (e.g. Gaspare et al., 2007; Brosse et al., 2017) and a brittle behaviour 365 

resulting in a reduction of strength from peak to residual over a certain strain interval (e.g. Kovacevic 366 

et al., 2007; Hosseini Kamal et al., 2014).  367 

 368 

The implication of these two features of stiff plastic clays is that the modelling framework developed 369 

above for Cowden till would be unable to reproduce them and would therefore require further 370 

extensions of the MCC model. With respect to strength brittleness, Taborda et al. (2020) investigated 371 

its effect on an undrained response of laterally loaded monopiles in London clay using a strain-372 

softening Mohr-Coulomb model (Potts & Zdravković, 1999), coupled with the same isotropic ICG3S 373 

nonlinear small strain model (Taborda et al., 2016) introduced in Section 2.3. The results, not 374 

repeated here for brevity, showed a marginal effect of strain-softening – visible only at intermediate 375 

ground-level displacements – on the monopile response compared to a non-softening analysis, 376 

principally due to the lack of a distinct shear surface developing in an undrained failure mechanism 377 

of the monopile. The effect of the anisotropic shear stiffness, however, is more significant and is 378 

discussed below.  379 

 380 

2.5.1 Effect of anisotropic shear stiffness  381 

As an example, Figure 12 presents normalised undrained effective stress paths (ESPs) in triaxial 382 

compression, where 𝑝0
′  is the mean effective stress at the start of shearing, applied to samples of 383 

London clay taken from a site at Hyde Park, as part of the Crossrail research project conducted at 384 

Imperial College (Wan et al., 2017; Avgerinos et al., 2017). Compared to the Cowden till ESPs in 385 

Figure 5, it is evident that London clay ESPs are markedly inclined (to the left) as a result of stiffness 386 

anisotropy, as well as that their ultimate stress states plot in the vicinity of the initial stress states in 387 

terms of 𝑝′ (i.e. the ESPs do not rise to critical state like the Cowden till’s ESPs in Figure 5).  388 
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 389 

Dynamic measurements of the elastic shear stiffness of London clay, from field geophysics and from 390 

laboratory bender element (BE) and resonant column (RC) tests (Hight et al., 2003; Gasparre et al., 391 

2007) are collated in Figure 13. The data is taken from various projects (T5 in the legend being 392 

Heathrow Terminal 5) and sites across the London basin. The vertical axis is marked as ‘Depth 393 

below the top of London clay’, as the London clay deposit had experienced up to 200 m of erosion 394 

in its geological history, followed by deposition of Thames gravel on top of the clay in the last 395 

geological age. The thickness of this top cover varies and at some sites the London clay formation 396 

appears at the ground surface (i.e. no top cover). The normalised shear moduli in Figure 13(a) reveal 397 

that the elastic vertical shear stiffness components could be interpreted as equal (𝐺𝑣ℎ,0 = 𝐺ℎ𝑣,0) and 398 

that 𝐺𝑣ℎ,0/𝑝′~370. Data for the horizontal modulus are more scattered but could be approximated 399 

with a ratio 𝐺ℎℎ,0/𝑝′~740, indicating 𝐺ℎℎ,0/𝐺𝑣ℎ,0~2. These ratios agree very well with the un-400 

normalised data in Figures 13(b) and 13(c). 401 

 402 

The degradation of the two shear stiffness components is more problematic, in particular that of 𝐺ℎℎ, 403 

which is not readily measured in standard site investigations. Equally, the non-linear small strain 404 

ICG3S model (Taborda et al., 2016), used in the modelling framework of Cowden till, needs to be 405 

extended to account for stiffness anisotropy. A suitable extension has been outlined by Franzius et 406 

al. (2005), using a different small strain model and incorporating the three-parameter anisotropic 407 

model of Graham & Houlsby (1983). The three parameters are the vertical shear stiffness 408 

component, 𝐺𝑣ℎ, the horizontal Poisson’s ratio, 𝜇ℎℎ, and the parameter of stiffness anisotropy, 𝛼, 409 

which gives 𝐺ℎℎ = 𝛼 ∙ 𝐺𝑣ℎ. The vertical Young’s modulus is then calculated as 𝐸𝑣 = 2𝐺𝑣ℎ(1 + 𝜇ℎℎ)/𝛼, 410 

from which the horizontal Young’s modulus becomes 𝐸ℎ = 𝛼
2𝐸𝑣. With such an extension, Equation 411 

(5) of the ICG3S model represents the anisotropic shear stiffness component 𝐺𝑣ℎ. Interpreting the 412 

triaxial data in terms of shear stiffness enables the model to be calibrated for the 𝐺𝑣ℎ component and 413 

its degradation with the deviatoric strain, 𝜀𝑑, as shown in Figure 14, with 𝐺𝑣ℎ,𝑠𝑒𝑐/𝑝′ = 370 at very 414 

small strains. The degradation of the 𝐺ℎℎ stiffness component is then ‘scaled’ with respect to 𝐺𝑣ℎ, as 415 

shown in Figure 14, using the stiffness anisotropy parameter, 𝛼. The magnitude of 𝛼 = 2 clearly 416 

applies to very small strains, as interpreted earlier, but it is uncertain whether it remains constant 417 

with stiffness degradation or reduces to 1 at larger strains (i.e. 𝐺ℎℎ = 𝐺𝑣ℎ). This is examined on a 418 

selection of London clay ESPs in Figure 15, from samples denoted as T5, T11 and T17, which were 419 

re-consolidated to their initial stress states before undrained shearing (note that 𝐾0 > 1 for London 420 

clay results in the negative initial deviatoric stress, 𝑞, for these samples). Adopting a constant value 421 

of 𝛼 = 2 in the simulations of these tests demonstrates that the predicted ESPs (T-5 A, T-11 A, T-17 422 

A) reproduce correctly the initial inclination of the measured ESPs, but this inclination remains 423 

practically constant with further straining, thus deviating from the measured paths. However, 424 

adopting a variable parameter 𝛼 (reducing from 2 to 1, as outlined in Franzius et al., 2005) enables 425 

the non-linearity of the stress paths to be reproduced, leading to more realistic final stress states (T-426 

5 Av, T-11 Av, T-17 Av). If isotropic non-linear shear stiffness was adopted, as for Cowden till, the 427 

predicted ESPs would simply rise vertically to ultimate stress states from their initial stresses, thus 428 

being unrepresentative of real London clay behaviour.  429 

 430 

2.5.2 Modelling framework of stiff plastic clays for undrained lateral loading of monopiles 431 

As the brittle strength of stiff plastic clays was shown to have a negligible effect on the load-432 

displacement response of wind-turbine monopiles under undrained lateral loading, it was possible to 433 

adopt the same modelling framework developed above for clay tills, but extended further with the 434 

inclusion of an anisotropic non-linear small strain stiffness overlay, as discussed in Section 2.5.1. 435 

The characterisation of the London clay behaviour and derivation of model parameters (see Taborda 436 

et al., 2020) followed similar steps applied to the Cowden till study, the principal difference being that 437 



IS-Glasgow 2019 
Session: Case studies – from laboratory testing to real world performance 

Keynote paper 

11 

 

the plastic potential associated with the Hvorslev surface on the dry side was chosen not to permit 438 

plastic volumetric straining when the stress states reached the Hvorslev surface. In effect, having 439 

reached the Hvorslev surface, the model becomes perfectly-plastic and suppresses any strain-440 

softening characteristic of London clay, as well as any ductile hardening that would be otherwise 441 

predicted by the critical state framework (as was the case for Cowden till). The calibrated model 442 

parameters are summarised in Table 2. 443 

 444 

Using this modelling framework three analyses were performed of a large-scale monopile in London 445 

clay, adopting 𝐷 = 10 m, 𝐿 = 20 m and ℎ = 50 m (one of the geometries analysed in the PISA study). 446 

One analysis simulated the non-linear small strain shear stiffness anisotropy interpreted in Figure 447 

14, adopting a variable parameter 𝛼, while the remaining two analyses adopted isotropic small strain 448 

stiffness represented by either the 𝐺𝑣ℎ or the 𝐺ℎℎ degradation in Figure 14. The resulting load-449 

displacement curves demonstrate significant implications of the anisotropic small strain stiffness in 450 

predicting the monopile response at operational loads (Figure 16a), but negligible effects at ultimate 451 

conditions (Figure 16b).  452 

 453 

 454 

3. Transient problems in stiff plastic clays 455 

 456 

3.1 Background 457 

The offshore monopile foundations in stiff clays, discussed in the previous section, may be 458 

considered to predominantly operate under undrained conditions due to the low permeability of such 459 

soils. This is true at operational loads, where low-level vibrations result from the rotating mechanism, 460 

waves and wind, as well as at ultimate loads, where a storm can cause foundation failure. On the 461 

example of the Cowden study, the key design parameter for the former was demonstrated to be the 462 

small strain shear stiffness of the clay, while the latter depended on the accurate characterisation of 463 

the clay’s shear strength. There are, however, other geotechnical problems, such as cut slopes in 464 

stiff plastic clays, where transient soil behaviour is critical for their stability and serviceability. The 465 

analysis of such problems has to be hydro-mechanically coupled, to account for transient changes 466 

in pore water pressure and effective stresses in the ground. 467 

 468 

3.2 Stability of cut slopes 469 

An excavation of a slope in a stiff plastic clay may be initially undrained, causing a depression of the 470 

initial phreatic surface (i.e. initial ground water table, GWT) and creating negative pore water 471 

pressures above it. If such a slope is initially stable, the numerical studies conducted in the 1990s, 472 

using ICFEP to analyse cuttings in London clay (Kovacevic, 1994; Potts et al., 1990, 1997), 473 

demonstrated that the slope may fail some time post-excavation, as a result of pore water pressure 474 

equilibration with time, in conjunction with the brittle nature of stiff plastic clays. Figure 17, after Potts 475 

et al. (1997), shows (a) vectors of ground movements and (b) contours of plastic shear strains, 𝜀𝑑
𝑝
, 476 

in a slope at failure, predicted to happen 14.5 years after excavation. The London clay was modelled 477 

with a non-linear strain-softening Mohr-Coulomb model (mentioned in Section 2.5 above), and the 478 

inset in Figure 17 shows that the strength of the clay reduced from its peak value at 𝜀𝑑
𝑝
= 5% to its 479 

residual value at 𝜀𝑑
𝑝
= 20%. Considering that the brittle behaviour of the clay was a dominant design 480 

concern for slope stability, it was deemed appropriate to employ a constitutive model capable of 481 

reproducing such a behaviour, even if this is a simpler model compared to the modified Cam Clay 482 

model employed in the Cowden study. The latter model would have needed further extension to 483 

account for strain softening post-peak. Moreover, the strain-softening Mohr-Coulomb model was 484 

enhanced with a small strain overlay model for accurate representation of the shear and bulk 485 

stiffness of London clay.  486 
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The failure mechanism in Figure 17 clearly demonstrates the non-uniform mobilisation of the soil’s 487 

strength along the shear surface, which has reached a residual value along some distance from the 488 

toe, and is below peak near the crest of the slope, in the last stable increment of the analysis that is 489 

represented in the figure. Those studies explained and quantified for the first time the importance of 490 

the brittle behaviour of stiff clays in the transient development of progressive failure in cut slopes. 491 

The stability was further shown to depend also on the slope’s inclination and depth, initial stresses 492 

in the ground (𝐾0 in particular) and hydraulic boundary conditions applied along the excavated 493 

surface of the slope. It was established from the numerical study that cut infrastructure slopes in 494 

London clay would typically be stable in the long term if they were up to 10 m deep, with mostly 1:3 495 

(vertical to horizontal) inclination and with 10 kPa suction along the slope surface (estimated as an 496 

average annual hydraulic boundary condition from measurements collated in Vaughan, 1994). 497 

These findings assisted the subsequent development of new infrastructure slopes in London clay, 498 

as well as the redesign of existing cuttings in conjunction with the widening of motorways. 499 

 500 

A recent numerical study conducted by the authors, in conjunction with the intended development of 501 

a high speed rail line in the UK, applied the same modelling approach to add to the investigation the 502 

effect of the small strain stiffness on the stability and serviceability of cut slopes in London clay. As 503 

the slope excavation is likely to be undrained (with respect to the clay’s permeability and rate of 504 

excavation), the magnitudes of ground movements in this phase are likely to depend on the 505 

mobilised shear stiffness in the soil. On the other hand, the long-term post-excavation movements, 506 

involving volumetric swelling, will mostly depend on the soil’s bulk stiffness and permeability. While 507 

the measurement of the shear stiffness of soils has received significant attention in the past twenty 508 

years and is now readily available from both research and commercial experimental campaigns, the 509 

bulk stiffness is rarely measured and interpreted. Consequently, for modelling purposes, it is usually 510 

calculated from the prescribed shear stiffness and Poisson’s ratio. The permeability is also a difficult 511 

parameter to establish, especially in stiff plastic clays that suffer from weathering and fissuring, which 512 

leads to vastly different magnitudes of permeability that may be measured in the field and in the 513 

laboratory.  514 

 515 

Figure 18 shows an example finite element mesh used in this study for 2D plane strain slope 516 

analyses, in which the shaded area represents the excavation, the initial GWT is at 1.0 m below the 517 

ground surface and the long-term hydraulic boundary condition post-excavation is that of a pore fluid 518 

pressure 𝑝𝑓𝑏 = −10 kPa (i.e. 10 kPa of suction). This numerical study also made use of the nonlocal 519 

strain regularisation algorithm (Summersgill et al., 2017), as a means of removing mesh objectivity 520 

in the solution of boundary value problems which have a strain-softening material behaviour.  521 

 522 

Figure 19 summarises interpretations of the isotropic shear stiffness of London clay from several 523 

sites in London associated with recent engineering projects: Crossrail station box at Moorhouse 524 

(Zdravkovic et al., 2005); Heathrow Terminal 5 expansion (Kovacevic et al., 2007); Jubilee Line 525 

Extension (JLE) tunnelling at St James’s Park (Jurecic et al., 2012) and Crossrail tunnelling at Hyde 526 

Park (Avgerinos et al., 2017). The experimental data was sourced from Hight et al. (2003, 2007) and 527 

Gasparre (2005), while the ICG3S non-linear model (Taborda et al., 2016) described in Section 2.3 528 

was fitted to the data. The associated small strain bulk stiffness for each of the shear stiffness curves 529 

was simulated with the same ICG3S model, with model parameters summarised in Table 3. These 530 

sets of small strain stiffness data are marked as SS1 to SS4 in Figure 19. The strength parameters 531 

of London clay, as input to the strain-softening Mohr-Coulomb model, were adopted from the 532 

analyses of temporary cut slopes at Heathrow Terminal 5 (Kovacevic et al., 2007) and comprised a 533 

peak angle of shearing resistance, 𝜙𝑝𝑒𝑎𝑘
′ = 25o, mobilised at a plastic shear strain 𝜀𝑑,𝑝𝑒𝑎𝑘

𝑝
= 2.0%, 534 

reducing linearly towards its residual value of 𝜙𝑟𝑒𝑠
′ = 13o, reached at 𝜀𝑑,𝑟𝑒𝑠

𝑝
= 15%. Considering that 535 
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a high speed rail may require up to 20 m deep cuttings, which may also be excavated in geologically 536 

older (and therefore more brittle) plastic clays (e.g. Oxford clay), the study additionally examined the 537 

effects of the rate of softening from peak to residual and of depth of excavation on slope stability.  538 

 539 

Figure 20(a) shows contours of plastic shear strains at 120 years post-excavation, predicted from 540 

the analysis of a 10 m deep slope at 1:3 inclination, which adopts the Kovacevic et al. (2007) strength 541 

and stiffness parameters (small strain data set SS1) of London clay as input for the non-linear strain-542 

softening Mohr-Coulomb model. The shear surface developed from the toe until about 10 years after 543 

excavation, but then remained stable until the full 120 years of the assumed slope’s design life, which 544 

is consistent with the findings of the 1990s numerical studies discussed above. The same analysis 545 

with a steeper, 1:2.5 slope, predicted failure 30 years after excavation. With respect to older clays, 546 

recent experimental research on stiff clays from the southern UK, reported in Hosseini Kamal et al. 547 

(2014), involved testing of Oxford clay which, in comparison to London clay, showed a significantly 548 

higher rate of softening from peak to residual (i.e. over a smaller strain range). Figure 20(b) presents 549 

contours of plastic shear strains from the analysis that adopted the same model input as the previous 550 

analysis, but halved the plastic shear strain at residual strength, approximating the softening rate of 551 

Oxford clay. The same slope was predicted to fail 21 years post-excavation. Contrary to the 552 

undrained lateral loading of monopiles in brittle plastic clays, which experienced marginal effects of 553 

strain-softening on monopile response, this aspect of the mechanical behaviour of plastic clays is 554 

crucial for the transient stability of slopes excavated in such clays.  555 

 556 

The remaining analyses adopted the London clay rate of softening and focused on the slope depth 557 

and inclination, varying the small strain stiffness properties (SS1 to SS4) as introduced above. Figure 558 

21 summarises the predicted stability of the analysed slopes, showing a clear position of the design 559 

line, which is in agreement with the 1990s numerical studies. The small strain stiffness properties 560 

were shown not to affect the stability of up to 10 m deep and up to 1:3 inclined slopes, which all 561 

developed some shear surface post-excavation, but it remained stable in the long term. While some 562 

transition between stable and unstable slopes is indicated in Figure 21 for gentler (1:4) 15 m deep 563 

slopes, the steeper and deeper slopes are predicted to fail mostly within 10 years post-excavation.  564 

 565 

3.3 Serviceability of cut slopes 566 

The additional concern for the high speed rail line has been the magnitude of the long-term base 567 

heave, due to the intended type of track to be placed, which was a less critical design constraint in 568 

past road and rail developments. As discussed above, the post-excavation transient behaviour of 569 

the soil, which involves significant heave, would be predominantly governed by its small strain bulk 570 

stiffness and permeability. In all of the above analyses of this cut slope study the permeability was 571 

modelled as dependent on the magnitude of mean effective stress, 𝑝′, in the ground: 572 

𝑘 = 𝑘0 ∙ e
𝑏∙𝑝′ (7) 

where 𝑘0 is a reference permeability, e is Euler’s number and 𝑏 is a model parameter. With respect 573 

to the field data summarised in Hight et al. (2003), these parameters were derived as 𝑘0 = 2 × 10
−9 574 

m/s and 𝑏 = 0.007, representing an average permeability profile (solid line) in Figure 22. 575 

 576 

The effect of the bulk stiffness on the magnitude of base heave is examined first, adopting the 577 

geometry of a stable slope (as per Figure 21), that is 10 m deep and at 1:3 inclination. The adopted 578 

small strain behaviour is associated with the analysis of temporary cut slopes at Heathrow Terminal 579 

5 (SS1 data in Table 3, Kovacevic et al., 2007), while the average permeability profile is adopted, as 580 

in Figure 22, associated with 𝑘0 = 2 × 10
−9 m/s. The experimental data for the bulk stiffness, shown 581 
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in Figure 23, were obtained from the recompression paths of triaxial samples tested by Gasparre 582 

(2005). The data shows a sizable scatter and the non-linear part of the adopted bulk stiffness curve 583 

(up to around 0.1% volumetric strain) is perhaps an upper boundary to the measurements. Due to 584 

the nature of the problem, this non-linear part of the curve is likely to be mobilised by swelling 585 

reasonably early post-excavation, while the magnitude of the remaining long-term heave is likely to 586 

be controlled by the interpreted minimum (tail-end) value of 𝐾/𝑝′, which is around 40 in Figure 23. 587 

To demonstrate the controlling influence of this tail-end value of 𝐾/𝑝′ on the long-term heave, the 588 

same non-linear bulk stiffness of Kovacevic et al. (2007) was adopted up to around 0.1% volumetric 589 

strain, then extended with two additional tail-end minimum values of 𝐾/𝑝′ of 20 and 60, both of which 590 

seem reasonable derivations from the data (see Figure 23).  591 

 592 

The results of the above three analyses are plotted in Figure 24, as an evolution of the post-593 

excavation base heave (in the centre of the base, see inset) with time. Analyses accounted for 120 594 

years post-excavation, considered to be the slope’s design life. The results show similar magnitudes 595 

of heave developing within the first year, indicating this to have developed mostly from the 596 

mobilisation of the non-linear part of the bulk stiffness curve in Figure 23, which is the same in all 597 

three analyses. The magnitudes of heave clearly start to differ in the long-term, as does the time to 598 

mobilising full heave (marked in years on each curve), with higher values of (𝐾 𝑝′⁄ )𝑚𝑖𝑛 reducing both 599 

quantities. The design envisages the rail track to be placed one year after excavation, with the 600 

intention of allowing most of the swelling to develop and hence reduce the magnitude of the 601 

remaining heave during the subsequent operation of the track. However, this is unlikely to be the 602 

case from the predictions in Figure 24, as the operational heave is still significant (52 to 138 mm) 603 

and clearly dependent on the interpretation of the bulk stiffness. 604 

 605 

The effect of permeability was investigated next, deriving two additional profiles from the same data 606 

in Figure 22, using Equation (7). One profile assumes higher permeability, with 𝑘0 = 8 × 10
−9 m/s 607 

and 𝑏 = 0.007, while the other is approximately a lower boundary to permeability, with 𝑘0 = 8 × 10
−10 608 

m/s and 𝑏 = 0.007. The strength and small strain model parameters are again associated with the 609 

Heathrow Terminal 5 study of Kovacevic at al. (2007). The results in Figure 25, of the three analyses 610 

with different permeability profiles, show the evolution of the post-excavation base heave (also in the 611 

centre of the excavation base) with time. The curve resulting from the Kovacevic et al. (2007) model 612 

input is the same as in Figure 24. While the magnitude of the total heave is the same from all three 613 

analyses, being determined by the same adopted bulk stiffness, the evolution of heave differs 614 

significantly. The time to full heave is the shortest (11 years) with a profile of higher permeability in 615 

the ground, as would be expected, while with a lower permeability profile heave develops practically 616 

over the whole design life of the slope (120 years). Applying the same assumption of track placement 617 

one year after the slope excavation, the operational heave is still large (36 to 100 mm) and clearly 618 

dependent on the soil permeability.  619 

 620 

 621 

3.4. Discussion 622 

Four additional analysis with derived variations of permeability and small strain bulk stiffness, as 623 

discussed in Section 3.3, were conducted for each of the slope geometries summarised in Figure 624 

21. As expected, these aspects of soil behaviour did not alter design recommendations in terms of 625 

slope stability, with long-term stability confirmed for up to 10 m deep and up to 1:3 inclined slopes. 626 

Some transition is again observed for 15 m deep and 1:4 inclined slopes, while failure is predicted 627 

predominantly within 10 years post-excavation for the remaining deeper and steeper slopes.  628 

 629 
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In a similar manner, Figure 26 summarises magnitudes of operational heave (i.e. from one year post-630 

excavation) from all analyses in which slopes remained stable in the long-term. Initial design 631 

requirements for the high speed rail indicated about 15 to 20 mm maximum operational base heave 632 

to be acceptable over the slope’s design life. As shown in Figure 26, unless the depth of the slope 633 

is small, this requirement is unlikely to be satisfied by the majority of slope geometries. The 634 

implication of the serviceability study is that, unless ground investigation enables more accurate 635 

interpretation of the soil’s permeability and small strain bulk stiffness that may predict smaller base 636 

heave, the envisaged cuttings for the high speed rail line would need to implement significant 637 

mitigation measures to reduce the base heave to design requirements.   638 

 639 

 640 

4.  Drained problems in sands 641 

 642 

4.1  Background 643 

The same PISA project introduced in Section 2.1 also developed a new design method for laterally 644 

loaded piles in sands (Taborda et al., 2019; Burd et al., 2019b). Similar to the process applied for 645 

piles in clay till at Cowden, the development of the new design method was preceded by 3D finite 646 

element analyses of large scale piles that were subsequently tested at the site of a dense marine 647 

sand at Dunkirk, France. This example further strengthens the importance of the consistent and 648 

integrated interpretation of the soil data from laboratory and field investigations. It also further 649 

emphasises the necessity for data interpretation to be performed in synergy with the soil modelling 650 

framework, to avoid unrealistic simulations of the soil behaviour.  651 

 652 

4.2  Interpretation of ground conditions at Dunkirk 653 

A beach area of Dunkirk was a testing site for a number of historic projects concerned with axially 654 

loaded piles. Consequently, there existed some information on ground characterisation from CPT 655 

tests conducted in conjunction with the PhD study of Chow (1997) and supported by the laboratory 656 

study of Kuwano (1999). For the PISA project new CPT and SCPT tests were conducted in the PISA 657 

testing area, as well as a limited set of new triaxial tests on reconstituted, water-pluviated and 658 

isotropically consolidated Dunkirk sand, as part of the PhD research of Liu (2018). Another six tests 659 

on 𝐾0 consolidated Dunkirk sand samples at an initial void ratio 𝑒0~0.64, three sheared in triaxial 660 

compression and three in extension (Aghakouchak, 2015), were also available at the start of the 661 

PISA project. 662 

 663 

The ground profile at Dunkirk consists of a normally consolidated marine sand from 3m to 30m depth, 664 

on top of which is a 3m thick sand fill of the same origin, hydraulically-laid in the 1970s. The whole 665 

sand profile is underlain by a stiff overconsolidated plastic marine clay. Chow (1997) reported a 666 

hydrostatic pore water pressure beneath the ground water table located at 4m depth. The bulk unit 667 

weight was estimated at 17.1 kN/m3 above and at 19.9 kN/m3 below the water table, while a 𝐾0 =668 

0.4 was assumed. These parameters were adopted for the PISA study, while new CPTu 669 

measurements, which were fairly consistent across the PISA test site (Figure 27), revealed the 670 

ground water table at 5.4 m depth. This value was adopted for the initialisation of effective stresses 671 

in the ground profile. The problem encountered here was the evaluation of stresses above the 672 

ground water table, as it was unlikely that a hydrostatic suction would have developed all the way to 673 

the ground surface, although it was evident on site that the ground surface had some strength. This 674 

strength was created in the numerical analysis by adopting the profile of suction depicted in Figure 675 

27 (as explained in Taborda et al., 2019), acknowledging that piezocones are not reliable in 676 

measuring negative pore pressures. 677 

 678 
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For granular soils, an important additional parameter in the initialisation of ground conditions is the 679 

natural void ratio or relative density. The minimum and maximum void ratios were established by 680 

Kuwano (1999) and values of 𝑒𝑚𝑖𝑛 = 0.54 and 𝑒𝑚𝑎𝑥 = 0.91 were adopted for the PISA study. The 681 

historic profiling of relative density, 𝐷𝑅, relied on correlations with CPT cone resistance, 𝑞𝑡, data. 682 

Chow (1997), using the correlation of Lunne & Christofferson (1983), estimated the relative density 683 

of the natural sand at 75% and of the hydraulic fill at 100%. Two different correlations were applied 684 

to interpret relative density from the new CPT traces on the PISA site, and these resulted in different 685 

𝐷𝑅 profiles: the Baldi et al. (1986) correlation indicated 𝐷𝑅 > 100% throughout the deposit, while that 686 

of Kulhawy & Mayne (1990) was closer to the profile estimated by Chow (1997). Owing to the large 687 

discrepancy between the two correlations, the latter was judged more appropriate due to the greater 688 

similarity with the Chow (1997) interpretation and the fact that it did not predict 𝐷𝑅 > 100%.  689 

 690 

 691 

4.3 Interpretation of soil behaviour and constitutive model calibration 692 

The boundary value problem under investigation involves piles of large diameter and depth, which 693 

implies large changes in confining pressure and relative density (void ratio) around the pile under 694 

lateral loading, and hence results in significant variations of the sand’s mechanical response around 695 

the pile. This has guided the choice of the constitutive model away from simple, Mohr-Coulomb type 696 

models which are characterised with constant strength and dilatancy. Instead, the advanced 697 

bounding surface plasticity model of Taborda et al. (2014), an extension of the Manzari & Dafalias 698 

(1997) type models which adopt the Been & Jefferies (1985) state parameter framework, was 699 

selected here as capable of predicting the influence of both mean effective stress and void ratio on 700 

the behaviour of sand, using a single set of model parameters. Full calibration of the model for 701 

Dunkirk sand is presented in Taborda et al. (2019), while only the principal challenges and a brief 702 

model formulation are presented here.  703 

 704 

The model adopts a conical yield surface which follows only kinematic hardening. The three 705 

additional surfaces have an open wedge shape in general stress space, with their deviatoric plane 706 

as shown in Figure 28. The opening of the critical state surface is determined from the 𝑞/𝑝′ stress 707 

ratios corresponding to the strength of sand in triaxial compression and triaxial extension, designated 708 

as 𝑀𝑐
𝑐 and 𝑀𝑒

𝑐, respectively. The positions of the bounding and dilatancy surfaces are related to the 709 

critical state surface by means of the state parameter, 𝜓, (Been & Jefferies, 1985), defined as the 710 

difference between the current void ratio, 𝑒, and that at the critical state line, 𝑒𝐶𝑆, for the same value 711 

of the mean effective stress, 𝑝′: 712 

𝜓 = 𝑒 − 𝑒𝐶𝑆 = 𝑒 − (𝑒𝐶𝑆,𝑟𝑒𝑓 − 𝜆 ∙ (
𝑝′

𝑝𝑟𝑒𝑓
′ )

𝜉

) (8) 

The expression in brackets in the above Equation (8) represents the critical state line, 𝐶𝑆𝐿, as defined 713 

by Li & Wang (1998) and adopted in the Taborda et al. (2014) model. The 𝑒𝑐𝑠,𝑟𝑒𝑓 is the void ratio at 714 

critical state for 𝑝′ = 0 and is commonly equated to 𝑒𝑚𝑎𝑥, while 𝜆 and 𝜉 are parameters defining the 715 

shape of the 𝐶𝑆𝐿 and 𝑝𝑟𝑒𝑓
′  is a reference pressure. From this, the positions in triaxial compression of 716 

the bounding, 𝑀𝑐
𝑏, and dilatancy, 𝑀𝑐

𝑑, surfaces are determined as: 717 

𝑀𝑐
𝑏 = 𝑀𝑐

𝑐 + 𝑘𝑐
𝑏 ∙ 〈−𝜓〉 (9a) 

 

 

(9b) 𝑀𝑐
𝑑 = 𝑀𝑐

𝑐 + 𝑘𝑐
𝑑 ∙ 𝜓 
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where 𝑘𝑐
𝑏 and 𝑘𝑐

𝑑 are model parameters. The positions of these two surfaces in triaxial extension, 718 

𝑀𝑒
𝑏 and 𝑀𝑒

𝑑, are calculated assuming the same ratio to the respective triaxial compression surface 719 

as interpreted for the critical state surface: 720 

𝑀𝑒
𝑏 = 𝑀𝑐

𝑏 ∙
𝑀𝑒
𝑐

𝑀𝑐
𝑐 (10a) 

 

 

(10b) 𝑀𝑒
𝑑 = 𝑀𝑐

𝑑 ∙
𝑀𝑒
𝑐

𝑀𝑐
𝑐 

The elastic behaviour in the model is defined by a non-linear elastic Ramberg-Osgood (1943) type 721 

stiffness degradation that can also reproduce a hysteretic soil response in the elastic region: 722 

𝐺𝑡𝑎𝑛 =
𝐺0

1 + 𝜅 ∙ (
1
𝑎1
− 1) ∙ (

𝜒𝑟𝑒𝑓
𝑟

𝑁 ∙ 𝜂1
)

𝜅−1 ≥
𝐺0

1 + 𝜅 ∙ (
1
𝑎1
− 1)

 
(11) 

with 𝜅 and 𝑎1 being model parameters, 𝜒𝑟𝑒𝑓
𝑟  defines the deviatoric stress at the last reversal point 723 

and 𝑁 is a scaling factor which initiates as 1.0 and changes to 2.0 upon first reversal, as defined by 724 

the Masing rules (Masing, 1926). The elastic shear modulus, 𝐺0, is given by the expression of Hardin 725 

(1978), as a function of mean effective stress, 𝑝′, and void ratio, 𝑒, with 𝐵 being a model parameter: 726 

𝐺0 =
𝐵 ∙ 𝑝𝑟𝑒𝑓

′

0.3 + 0.7 ∙ 𝑒2
∙ (

𝑝′

𝑝𝑟𝑒𝑓
′ )

0.5

 (12) 

 727 

4.3.1  Critical state strength 728 

It is widely recognised that the determination of the critical state strength of sands from triaxial testing 729 

is challenging, due to the necessity of reaching high deformation levels during shearing. 730 

Nevertheless, from the interpretation of the available PISA triaxial experiments in Figure 29 731 

(Zdravkovic et al., 2019a), conducted at three void ratios, it was possible to derive critical state 732 

strength parameters 𝑀𝑐
𝑐 = 1.28 and 𝑀𝑐

𝑒 = 0.92, for triaxial compression and extension, respectively. 733 

These ratios correspond to angles of shearing resistance 𝜙𝑇𝑋𝐶
′ = 32o and 𝜙𝑇𝑋𝐸

′ = 33o.  734 

 735 

The interpretation of the position of the 𝐶𝑆𝐿 in the 𝑒 − ln 𝑝′ plane was more questionable. The bulk 736 

of available triaxial tests were conducted at an initial void ratio 𝑒0~0.64, which corresponds to the 737 

initial relative density of natural sand of 𝐷𝑅~75%, and in the stress range of 𝑝′ = 50 to 500 kPa. 738 

Figure 30 shows the interpreted 𝐶𝑆𝐿 using Equation (8) and setting 𝑒𝐶𝑆,𝑟𝑒𝑓 = 𝑒𝑚𝑎𝑥 = 0.91, with the 739 

remaining parameters given in the figure. Additional tests on looser samples, with 𝑒0~0.74 and 740 

𝐷𝑅~45%, moved upwards the position of the 𝐶𝑆𝐿 during shearing. As no testing at smaller or larger 741 

stresses was possible due to time restraints of the PISA project, the 𝐶𝑆𝐿 derived from 𝑒0~0.64 742 

experiments was adopted for the model.   743 

 744 

4.3.2 Shear stiffness 745 

As indicated in Figure 31, laboratory triaxial tests were conducted at different values of 746 

overconsolidation ratio, 𝑂𝐶𝑅. They were equipped with local instruments for strain measurements, 747 

but not with bender element (BE) set-ups for direct measurement of the elastic shear modulus, 𝐺0. 748 

Therefore, a vertical Young’s modulus profile, 𝐸𝑣, was established from the triaxial data and 749 

converted to 𝐺0, adopting a Poisson’s ratio 𝜈 = 0.17, as estimated by Kuwano (1997). Such a profile 750 

of 𝐺0 was shown to be independent of 𝑂𝐶𝑅, Figure 31 (Zdravkovic et al., 2019a), and is well-751 
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reproduced by Equation (12) in Figure 32, with parameter 𝐵 = 620. However, in comparison with the 752 

𝐺0 profile interpretation from field SCPT tests (Figure 33), for which 𝐵 = 875 was derived by Taborda 753 

et al. (2019), the triaxial 𝐺0 values are much lower. Without other stiffness information, this 754 

discrepancy could be attributed to insufficient resolution of the local strain instruments, or to the 755 

inability of the sample preparation method to reproduce the initial fabric of the in-situ material, or to 756 

a combination of both.  757 

 758 

One set of model parameters derived entirely on the basis of triaxial experiments (Table 4) was 759 

shown to reproduce very well the shear and volumetric behaviour of samples tested at four initial 760 

stresses (𝑝′ = 50, 100, 150, 400 kPa) and two void ratios (𝑒0 = 0.64, 0.59) (Figure 34). The concern, 761 

however, was that with this calibration the field stiffness was grossly underestimated, being a key 762 

parameter for predicting realistic monopile behaviour at operational loads. Consequently, the field 763 

data had to be integrated with the laboratory data, ensuring at the same time that this was consistent 764 

with the constitutive model and would not result in an unrealistic reproduction of sand behaviour, 765 

considering the model’s complexity.  766 

 767 

For example, adopting just a higher value for parameter 𝐵 in Equation (12), i.e. 𝐵 = 875, would 768 

increase only the elastic shear modulus, without changing the degradation part of the shear stiffness, 769 

which is mainly driven by mobilised plasticity in the model. However, the effect of sample 770 

disturbance, as discussed by Tatsuoka & Shibuya (1991), or Pedro et al. (2017), should be reflected 771 

at all strain levels, although at varying degrees. This was achieved by changing the parameters of 772 

the hardening modulus of the model, increasing the modelled stiffness to values given by the 773 

assumed variation with strain of the ratio 𝐺0
𝑓𝑖𝑒𝑙𝑑

/𝐺0
𝑙𝑎𝑏. Concurrently, the opening of the bounding 774 

surface was reduced in order to prevent an overprediction of the peak strength arising from the 775 

increased plastic stiffness. Details of this model calibration are given in Taborda et al. (2019) and 776 

the set of model parameters derived by integrating laboratory and field data is also given in Table 4. 777 

Predictions of the same triaxial experiments are shown in Figure 35, demonstrating a satisfactory 778 

balance between enabling higher initial stiffness prediction, while maintaining measured (a) peak 779 

and ultimate mobilised shear stress, as well as (b) the volumetric behaviour. 780 

 781 

 782 

4.4. Boundary value problem – drained lateral loading of piles at Dunkirk 783 

A set of medium-scale piles, similar to those described in Section 2.4 for the site at Cowden, was 784 

installed at the PISA Dunkirk site and laterally-loaded monotonically (McAdam et al., 2019). Before 785 

the field testing, a 3D numerical model was developed to facilitate the design of the test piles and to 786 

subsequently be validated by the results of pile testing.  787 

 788 

A finite element discretisation similar to that shown in Figure 10 was developed for the piles at 789 

Dunkirk, comprising the same two pile diameters (0.762 m and 2.0 m) and three L/D ratios (3, 5.25 790 

and 8). The ground profile and initial ground conditions were adopted as described in Section 4.2 791 

and a single set of bounding surface model parameters, as given in Table 4, represents the whole 792 

soil profile. The steel pile was simulated as elastic, with a Young’s modulus of 200 kPa and a 793 

Poisson’s ratio of 0.3. Zero-thickness interface elements were placed on the outside of the pile, with 794 

interface behaviour simulated with a Mohr-Coulomb model, adopting zero effective cohesion and an 795 

angle of shearing resistance of 32o.  796 

 797 

For brevity, the predicted and measured pile response is shown only for a 2.0 m diameter pile in 798 

Figure 36. As in the case of the Cowden test piles, the measured horizontal force, 𝐻, versus the 799 

horizontal ground-level displacement, 𝑣𝐺, shows that the pile test was performed in stages, with rest 800 
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periods in between for the load to stabilise and to remove the effect of loading rate from the resulting 801 

load-displacement curve. The predicted load-displacement curve is smooth, as the analysis was 802 

performed under drained conditions thus being strain rate independent, and should therefore be 803 

compared with the end points of the rest periods. The prediction marked as “3D FE” adopts the 804 

constitutive model parameters designated as “field” in Table 4 and shows very good agreement with 805 

the measured pile response. An equally good prediction was achieved for the embedded pile 806 

response in terms of deflection and bending moment, as detailed in Taborda et al. (2019). To 807 

demonstrate the effect of the model calibration based solely on triaxial test data (see Table 4), a 808 

second analysis of the same pile was conducted using this calibration, with other details remaining 809 

the same as in the previous analysis. The resulting load-displacement curve, marked as “3D FE – 810 

lab only” in Figure 36, demonstrates the level of underestimation of pile response as a consequence 811 

of failing to integrate all available data into the model calibration, in particular the in-situ stiffness. 812 

The selection of a complex constitutive model for this boundary value problem is justified by 813 

predictions in Figures 37 and 38, which show the anticipated large variations in the magnitudes of 814 

the void ratio and Lode’s angle, respectively, around the pile at ultimate conditions.  815 

 816 

As in the Cowden study discussed in Section 2, the achieved level of agreement between the field 817 

measurements and ‘blind’ 3D FE predictions of the piles tested at Dunkirk gave confidence in the 818 

development of a new design method for monopiles in sands. Further ICFEP 3D FE analyses of 819 

large scale monopiles in sands of varied initial relative density (45% to 90%) were performed and 820 

their results directly parametrised into soil-reaction curves for the new Winkler-type design model, 821 

presented in Burd et al. (2019b). Providing the industry with new accurate and robust design tools 822 

has enabled a step-change in the development of offshore wind farms in the UK and abroad, with 823 

associated economic savings that have made offshore wind a viable renewably energy option. 824 

 825 

 826 

5. Conclusions 827 

 828 

Using a number of practical examples, this paper outlines the process involved in the interpretation 829 

of soil behaviour and site conditions in conjunction with the selection of appropriate material 830 

modelling and application in advanced numerical analyses that may be conducted as part of the 831 

design of geotechnical structures.  832 

 833 

It is emphasised that establishing a realistic ground model is challenging and requires careful 834 

integration of both field and laboratory data obtained from experimental campaigns. Checking new 835 

experimental evidence against historic data, where possible, is equally vital and necessary to fill any 836 

gaps in the understanding of soil behaviour. 837 

 838 

It is further emphasised that the selection of a constitutive model with which to simulate the soil is a 839 

function of the available data and of the nature of the geotechnical problem. It is also important to 840 

ensure that any simplifications adopted in a constitutive model retain consistency between the overall 841 

model performance and the experimental data.  842 

 843 

All these processes require significant engineering judgement when deriving the numerical input, 844 

which in turn relies on an equal understanding of the numerical tools and of the real soil behaviour.  845 

 846 

The paper also demonstrates the use of numerical analysis to identify the governing parameters of 847 

soil behaviour and their effect in a given geotechnical problem, and to therefore guide the necessary 848 

site investigation.  849 
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TABLES 1004 
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 1006 

Table 1: Model parameters for Cowden Till: extended MCC model 1007 

Component Parameters 

Strength 𝜑𝑇𝑋,𝐶 = 27°, 𝜑𝑇𝑋,𝐸 = 32° 

 (Van Eekelen, 1980), Eq. (3) 𝑋 = 0.548, 𝑌 = 0.698, 𝑍 = 0.100 

Nonlinear Hvorslev surface – shape  

(Tsiampousi et al., 2013), Eq. (1) 
𝛼 = 0.25, 𝑛 = 0.40 

Nonlinear Hvorslev surface – plastic potential  

(Tsiampousi et al., 2013), Eq. (2) 
𝛽 = 0.20,𝑚 = 1.00 

Virgin consolidation line 𝜈1 = 2.20, 𝜆 = 0.115 

Nonlinear elasticity – swelling behaviour 𝜅 = 0.021 

Nonlinear elasticity – small-strain shear modulus  

(Taborda et al., 2016), Eq. (4) 
𝐺0
∗  = 110 𝑀𝑃𝑎, 𝑝𝑟𝑒𝑓

′ = 100.0 𝑘𝑃𝑎 

Nonlinear elasticity – shear stiffness degradation  

(Taborda et al., 2016), Eq. (4) 
𝑎 = 9.78 × 10−5, 𝑏 = 0.987, 𝑅𝐺,𝑚𝑖𝑛 = 0.05 

 1008 

 1009 
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 1011 

Table 2: Model parameters for London clay: extended MCC model 1012 

Component Parameters 

Strength 𝜑𝑇𝑋,𝐶 = 24°, 𝜑𝑇𝑋,𝐸 = 20° 

 (Van Eekelen, 1980), Eq. (3) 𝑋 = 0.406, 𝑌 = 0.659, 𝑍 = 0.270 

Nonlinear Hvorslev surface – shape  

(Tsiampousi et al., 2013), Eq. (1) 
𝛼 = 0.35, 𝑛 = 0.40 

Nonlinear Hvorslev surface – plastic potential  

(Tsiampousi et al., 2013), Eq. (2) 
𝛽 = 0.0,𝑚 = 0.0 

Virgin consolidation line 𝜈1 = 2.433, 𝜆 = 0.111 

Nonlinear elasticity – swelling behaviour 𝜅 = 0.066 

Nonlinear elasticity – small-strain shear modulus  

(Taborda et al., 2016), Eq. (4) 

𝐺hv0
∗  = 37 𝑀𝑃𝑎,  𝐺hh0

∗  = 74 𝑀𝑃𝑎,  

𝑝𝑟𝑒𝑓
′ = 100.0 𝑘𝑃𝑎 

Nonlinear elasticity – shear stiffness degradation  

(Taborda et al., 2016), Eq. (4) 
𝑎 = 2.8 × 10−4, 𝑏 = 0.7, 𝑅𝐺,𝑚𝑖𝑛 = 0.01 

Stiffness anisotropy 
𝛼𝑚𝑎𝑥 = 𝐺hh0

∗ /𝐺hv0
∗  = 2.0, 𝐸𝑑,𝑚𝑖𝑛 = 0.08 

𝛼𝑚𝑖𝑛 = 1, 𝐸𝑑,𝑚𝑎𝑥 = 2.0 
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Table 3: Isotropic small strain stiffness parameters for London clay: ICG3S model 1020 

Components 
Kovacevic et al. 

(2007) – SS1 

Avgerinos et al. 

(2017) – SS2 

Jurecic et al. 

(2012) – SS3 

Zdravkovic et 

al. (2005) – SS4 

𝐺0 60376.2 23321.1 16670.1 51743.5 

𝐾0 30079.5 30011.2 21400.7 26692.7 

𝐺𝑚𝑖𝑛 (𝑘𝑃𝑎) 3333.3 2000 2667 2667 

𝐾𝑚𝑖𝑛 (𝑘𝑃𝑎) 4000 2500 5000 5000 

𝑚𝐺  & 𝑚𝐾 1.0 1.0 1.0 1.0 

𝑎0 8.25E-05 2.96E-04 7.20E-04 5.60E-05 

𝑏0 1.09 1.26 1.03 0.99 

𝑅𝐺,𝑚𝑖𝑛 5.53E-02 1.63E-01 1.13E-01 6.45E-02 

𝑅𝐾,𝑚𝑖𝑛 1.34E-01 1.23E-01 1.35E-01 1.33E-01 

𝑟0 1.23E-04 6.06E-05 1.23E-04 1.23E-04 

𝑠0 2.05 1.04 2.05 2.04 

𝑝𝑟𝑒𝑓
′  (𝑘𝑃𝑎) 100 100 100 100 
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Table 4: Model parameters for Dunkirk sand: bounding surface plasticity model 1023 

Component 
Model parameters:   

from triaxial tests only 

Model parameters:   

from lab & field  

Critical State Line 
𝑝𝑟𝑒𝑓
′ = 101.3 𝑘𝑃𝑎; 𝑒𝐶𝑆,𝑟𝑒𝑓 = 0.910; 

𝜆 = 0.135;  𝜉 = 0.179 

𝑝𝑟𝑒𝑓
′ = 101.3 𝑘𝑃𝑎; 𝑒𝐶𝑆,𝑟𝑒𝑓 = 0.910; 

𝜆 = 0.135;  𝜉 = 0.179 

Strength 𝑀𝑐
𝑐 = 1.28; 𝑀𝑒

𝑐 = 0.92 𝑀𝑐
𝑐 = 1.28; 𝑀𝑒

𝑐 = 0.92 

Model surfaces 
𝑘𝑐
𝑏 = 3.30; 𝑘𝑐

𝑑 = 0.88;  𝑚 = 0.065; 
𝑝𝑌𝑆
′ = 1.0 𝑘𝑃𝑎; 𝐴0 = 1.10 

𝑘𝑐
𝑏 = 2.70; 𝑘𝑐

𝑑 = 0.88;  𝑚 = 0.065; 
𝑝𝑌𝑆
′ = 1.0 𝑘𝑃𝑎; 𝐴0 = 1.30 

Maximum opening of 
bounding surface for 
triaxial loading 
conditions 

𝑁𝐴 𝑀𝑐,𝑚𝑎𝑥
𝑏 = 1.631 

Hardening modulus 
ℎ0 = 0.023;  𝛼 = 1.0;  𝛾 = 0.0; 

𝛽 = 0.0;  𝜇 = 1.0 
ℎ0 = 0.4;  𝛼 = 1.0;  𝛾 = 0.0; 

𝛽 = 0.0;  𝜇 = 1.0 

Nonlinear elasticity – 
small strain stiffness 

𝐵 = 620.0;  𝜈 = 0.17 𝐵 = 875.0;  𝜈 = 0.17 

Nonlinear elasticity – 
shear stiffness 
degradation 

𝑎1 = 0.40; 𝛾1 = 1.031 × 10
−3;  

𝜅 = 2.0 

𝑎1 = 0.40; 𝛾1 = 1.031 × 10
−3;  

𝜅 = 2.0 

Fabric tensor 𝐻0 = 0.0; 𝜁 = 0.0 𝐻0 = 0.0; 𝜁 = 0.0 
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 1030 

Figure 1: Elements of numerical input to finite element anlaysis 1031 

 1032 

 1033 

 1034 

Figure 2: CPT cone penetration traces at PISA Cowden test site 1035 
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 1042 

 1043 

(a)         (b) 1044 

Figure 3: Cowden ground profile: (a) pore water pressure and (b) permeability profiles 1045 
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 1049 

   (a)            (b) 1050 

Figure 4: Measured and simulated: (a) 𝐾0 profile and (b) 𝑂𝐶𝑅 profiles at Cowden test site 1051 

 1052 

 1053 

Figure 5: Hvorslev surface in the extended modified Cam clay (MCC) model for Cowden till 1054 
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 1057 

Figure 6: Interpretation of Cowden till effective stress shear strengths 1058 

 1059 

 1060 

 1061 

Figure 7: Variation of 𝜙′ in deviatoric plane for different shapes of the yield surface 1062 
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 1065 

Figure 8: Experimental evidence of laboratory and field data for undrained shear strength of 1066 

Cowden till, and adopted profile of 𝑆𝑢,𝑇𝑋𝐶 consistent with the extended MCC model 1067 
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 1069 

Figure 9: Stiffness of Cowden till: (a) measured and interpreted 𝐺0 profile  1070 

 1071 

 1072 

Figure 9: Stiffness of Cowden till: (b) measured and interpreted stiffness degradation with strain 1073 

level 1074 
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 1076 

Figure 9: Stiffness of Cowden till: (c) normalised shear stiffness degradation 1077 

 1078 

 1079 

 1080 

 1081 

Figure 10: Representative finite element mesh for PISA test piles at Cowden 1082 
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   (a)       (b)     1096 
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   (c)        (d)   1109 

 1110 

Figure 11: Predicted vs. measured response for Cowden test pile: medium diameter, 𝐷 = 0.762 m, 1111 

(a) up to nominal failure at 𝑣𝐺 = 0.1𝐷 and (b) at early loading, 𝑣𝐺 = 0.01𝐷; large diameter, 𝐷 = 2.0 1112 

m, (c) up to nominal failure at 𝑣𝐺 = 0.1𝐷 and (d) at early loading, up to 𝑣𝐺 = 0.01𝐷 1113 
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 1116 

 1117 

Figure 12: Normalised undrained effective stress paths of London clay  1118 
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 1122 

         (a)             (b)             (c) 1123 

Figure 13: Elastic shear stiffness components of London clay 1124 

 1125 

 1126 

 1127 

 1128 

Figure 14: Anisotropic shear stiffness of London clay (data after Standing, 2018) 1129 
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 1131 

Figure 15: Representative undrained effective stress paths for London clay  1132 

 1133 

 1134 

 1135 

   (a)         (b) 1136 

Figure 16: Effect of non-linear small strain stiffness anisotropy: 𝐻 − 𝑣𝐺 at (a) operational and (b) 1137 

ultimate loads 1138 
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 1146 

 1147 

(a)       (b) 1148 

Figure 17: (a) Vectors of ground movement and (b) Contours of plastic shear strains at failure, 1149 

mobilised in the slope 14.5 years after its excavation (after Potts et al., 1990) 1150 
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 1153 

 1154 

Figure 18: Part of a finite element mesh for cut slope analyses 1155 
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 1168 

Figure 19: Small strain shear stiffness of London clay 1169 
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 1174 

   (a) 1175 

 1176 

   (b) 1177 

Figure 20: Contours of plastic shear strains in a stiff clay slope: (a) at 120 years post-excavation, 1178 

London clay softening rate; (b) at 21 years post-excavation, Oxford clay softening rate 1179 
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 1184 

Figure 21: Summary of the predicted long-term stability of cut slopes in London clay 1185 
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 1189 

Figure 22: Derived permeability profiles of London clay (data after Hight et al., 2003) 1190 
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 1194 

Figure 23: Bulk stiffness of London clay (data after Gasparre, 2005) 1195 

 1196 

 1197 

 1198 

Figure 24: Effect of the minimum bulk stiffness on the predicted magnitude of transient heave 1199 
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 1201 

Figure 25: Effect of permeability on the predicted evolution of transient heave 1202 
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 1204 

 1205 

Figure 26: Summary of the predicted long-term operational base heave of cut slopes in London 1206 

clay 1207 
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 1210 

Figure 27: Pore water pressure profile at Dunkirk, from CPTu tests 1211 

 1212 

 1213 

 1214 

Figure 28: The bounding surface model in deviatoric plane 1215 
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 1218 

Figure 29: Normalised stress-strain curves from the shearing stages of Dunkirk sand samples 1219 

 1220 

 1221 

 1222 

 1223 

Figure 30: Derivation of the 𝐶𝑆𝐿 for Dunkirk sand 1224 
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 1227 

Figure 31: Effect of OCR on 𝐺0 for Dunkirk sand  1228 

 1229 
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 1231 

 1232 

Figure 32: Hardin (1978) approximation of 𝐺0 for Dunkirk sand 1233 

 1234 

  1235 



IS-Glasgow 2019 
Session: Case studies – from laboratory testing to real world performance 

Keynote paper 

50 

 

 1236 

Figure 33: Derivation of 𝐺0 profile at Dunkirk  1237 

 1238 

 1239 

(a)         (b) 1240 

Figure 34: Comparison between numerical and laboratory data using model parameters calibrated 1241 

only from triaxial tests: (a) axial strain-deviatoric stress; (b) axial strain-volumetric strain (DTXC-X-1242 

Y: drained triaxial compression – 𝑝′ at start of shearing – initial void ratio × 100). 1243 
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 1245 

(a)        (b) 1246 

Figure 35: Comparison between numerical and laboratory data using model parameters derived 1247 

from both laboratory and field data: (a) axial strain-deviatoric stress; (b) axial strain-volumetric 1248 

strain (DTXC-X-Y: drained triaxial compression – 𝑝′ at start of shearing – initial void ratio × 100). 1249 
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 1253 

Figure 36: Large diameter pile, predicted vs. measured response up to nominal failure at 𝑣𝐺 = 0.1𝐷 1254 
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Figure 37: Contours of void ratio at ultimate conditions 1259 
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Figure 38: Contours of Lode’s angle at ultimate conditions 1264 
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