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ABSTRACT

Traditional empirical design methods for displacement piles have poor reliability. Previous

research at Imperial College has focused on the need for effective stress measurements on the

pile shaft, with which to develop design approaches that model more closely real pile behaviour.

A heavily instrumented, 102mm diameter, closed-ended pile has been tested in a range of soil

conditions, providing valuable insights into the basic mechanics of behaviour and allowing

Lehane (1992) to propose tentative effective stress approaches for shaft capacity. However, the

effects of pile scale, end condition and installation method required further investigation before

these could be confidently applied to practical offshore design.

The main components of work described in this Thesis concern field tests with the Imperial

College pile in two new soil types: (i) normally consolidated clay-silt at Pentre, Shropshire and

(ii) dense marine sand at Dunkirk, North France. In total, eleven pile installations were made

to a maximum depth of 19m, investigating factors such as installation method; short and

medium-term ageing; interaction stress changes during the installation of nearby piles; reversals

in loading direction; cyclic loading; and clay fabric. Associated in situ and laboratory testing

programmes have provided detailed information on the geotechnical properties of the materials.

Large-scale, open-ended instrumented pile tests have been conducted at the same test sites as part

of UK and French Joint-Industry research projects and full-scale load tests were performed by

the Author on four of the 0.324m diameter open-ended piles installed at Dunkirk. Major long-

term increases in shaft capacity were revealed over a five year period. A detailed investigation

into the possible mechanisms responsible was undertaken.

Analysis of the test data allowed improvements to be made to the effective stress approaches

proposed by Lehane (1992) for calculating the shaft capacities of single piles. In conjunction

with the results from previous experimental and numerical research, a simple modification to

account for open-ended behaviour is proposed. The new approaches were assessed against two

large databases compiled by the Author which, when combined, comprise 120 high quality, full-

scale, pile load tests. The study revealed important benefits in accuracy and reliability in

comparison to traditional design methods.

Pile base capacity was investigated for scale effects, open-ended behaviour and the factors

governing plugging in sands and clays. New approaches for its evaluation are proposed.
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CHAPTER 1

INTRODUCTION

1.1 THE USE OF PILES IN OFFSHORE FOUNDATIONS

Piles have been used extensively in foundation engineering since the Neolithic age (= 7000 years

ago) to transfer the loads from a structure to deeper, more competent soil strata (Kérisel, 1985).

Concrete and steel displacement piles form around 30% of the UK's piling market and over 90%

of the existing oil and gas platforms in the North Sea are founded on open-ended, steel pipe

piles (Troughton, 1994; Thomas, 1990). Figure 1.1 shows the locations of the major North Sea

oil fields and the generalised soil provinces encountered.

At the start of offshore piling in the 1960's, pile sizes were not dissimilar to those used onshore,

reaching diameters of 0.9m and embedded lengths of 30m. The development of more powerful

underwater driving hammers and larger offshore crane vessels has enabled an increase in pile

sizes, so that today, 2.7m diameter, lOOm long piles weighing up to 75 tonnes are regularly

driven in the Gulf of Mexico in water depths of 900m.' These can sustain loads of up to ION

per pile, corresponding to the weight of a complete 1960's offshore structure (de Jonge, 1995).

In addition, large diameter open-ended piles are often driven for bridge foundations such as

those at Jamuna, Bangladesh (diameter, D3.15m) and Kansai, Japan (t)-1.5m).

Despite the phenomenal growth of offshore piles to sizes which dwarf their onshore counterparts,

pile design methods have not changed dramatically during the last 30 years. Most offshore piles

are designed according to the American Petroleum Institute's recommendations (API RP2A,

1993) which have been developed from simple empirical methods, based on the results of small

onshore pile tests, with diameters between 0.15 and 0.75m and generally shorter than 25m. The

validity in extrapolating these results to the pile sizes currently used offshore is questionable.

Reliability studies such as those by Briaud & Tucker (1988), Tang et al. (1990) and Gavin &

Lehane (1996) have highlighted the large potential errors associated with these approaches, with

At present, North Sea piles can have diameters of up to 3m, lengths exceeding 1 OOm
and are installed in water depths of up to 300m.
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coefficients of variation' in predicted to measured pile capacities (QJQ) ranging between 30

to6O%, raising doubts over the applicability of factors of safety of 1.5 typically used in offshore

pile design. The poor physical basis of the approaches also leads to biased results. For

example, in sands the skew with pile slenderness ratio and relative sand density produces highly

unconservative designs for long piles and loose deposits (Toolan et al., 1990). Unexpectedly

low pile capacities were measured for open-ended piles in granular deposits at the Sungai Perak

Bridge, Malaysia (D=1.5m) and Hound Point, Firth of Forth, Scotland (D =1.2m), where the piles

were eventually driven to twice their design lengths in order to meet the required loads

(Williams et al., 1997).

Recent research has focused on obtaining a more fundamental understanding of the effective

stress conditions surrounding displacement piles. Figure 1.2 shows the components of open-

ended pile capacity comprising external shaft capacity and base capacity through end bearing in

the case of a fully plugged pile or else internal shear stresses along the soil plug. Figure 1.3

illustrates changes in soil stresses around the pile shaft during installation, equalisation and

eventual loading. Assessment of pile capacity in terms of this framework combined with a

sound knowledge of soil behaviour, enables the effects of the different pile and soil variables

to be identified, allowing the development of new design methods which account for the most

influential parameters. A deeper understanding of general pile behaviour also allows aspects

such as progressive failure, load cycling, rate effects, group effects and changes in pile capacity

with time to be examined in a more scientific and systematic fashion.

1.2 PREVIOUS INVESTIGATIONS

Recognising the importance of measuring the effective stresses developed on displacement piles,

and the need for accurate on-pile instrumentation with which to achieve this, several researchers

have performed field tests with small-scale instrumented piles (e.g. Johnston, 1972; Morrison,

1984; Jardine, 1985, Coop, 1987). Well defined laboratoiy experiments have been carried out

in sands and clays by Wersching (1987), Francescon (1983) and Martins (1983), amongst others.

Coefficient of variation is the standard deviation divided by the mean, i.e. COV =
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As part of his PhD research at Imperial College, Bond (1989) designed a heavily instrumented,

102mm diameter pile known as the Imperial College Pile or "ICP". This is able to measure

axial loads, pore pressures, radial total stresses, local shear stresses and temperature at several

locations along the pile shaft. Previous field tests have been performed by Bond (1989) and

Lehane (1992) at one loose sand deposit in France and three UK clay sites, with soil conditions

ranging from heavily overconsolidated London Clay to overconsolidated glacial till and lightly

overconsolidated Bothkennar clay. Table 1.1 lists the sites giving details of the ground

conditions, pile installations and the principal publications, while Figure 1.4 indicates the site

locations.

The field experiments were carried out in conjunction with comprehensive site investigations and

laboratory testing programmes. Strain Path Method numerical analyses of the tests at Canons

Park and Bothkennar provided theoretical insights into pile behaviour. Combination of the field

measurements and numerical analyses, together with ring shear interface research by Lemos

(1986) and Tika (1989), and published data from other field and laboratory studies such as those

listed above, enabled Lehane (1992) to propose new tentative design methods for closed-ended

piles in sand and clay.

In 1992 a large quantity of new data was released from the Joint-Industry Large Diameter Pile

(LDP) and Norwegian Geotechnical Institute (NGI) pile testing programmes. The LDP tests

involved 0.762m diameter, instrumented, open-ended piles, driven in lightly overconsolidated

clay-silt at Pentre, Shropshire, and heavily overconsolidated clay at Tilbrook Grange,

Cambridgeshire (Gibbs et a!, 1993). The NGI also performed smaller diameter, predominantly

closed-ended pile tests at these two sites and in three Noregian clays (Karisrud et al., 1993a

&b).

Recent research into the behaviour of open-ended piles in sand has been conducted by the

French CLAROM research consortium led by lnstitut Français du Pétrole. This included static

and dynamic tests on full-scale, 0.324m diameter, strain-gauged, open-ended piles driven into

dense marine sand at Dunkirk, northern France.
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8

,Dunkirk

Figure 1.4	 Locations of the ICP test sites

Site	 References	 Ground Conditions	 Pile Tests

Canons Park, Bond (1989), Bond & 	 2.5m of head deposits over 1.6m 	 5 pile tests to
London	 Jardine (1990), (1991), disturbed London Clay. Below	 6m through 2m

(1995)	 4.Im brown London Clay: stiff to	 deep starter
very stiff, high plasticity, highly 	 boreholes.
overconsolidated (YSR 30) Eocene Comparative tests
marine clay	 with a driven pile.

Labenne,	 Lehane (1992), Lehane Loose to medium dense, lightly 	 2 piles installed
S.W. France	 et al. (1993), Lehane & overconsolidated, Holocene dune	 from the ground

Jardine (1994b), Jardine sand 	 surface to 6m
& Lehane (1994)

Cowden,	 Lehane (1992), Lehane Cowden till: stiff to very stiff, tow 4 pile installations
Humberside	 & Jardine (1994a),	 plasticity, overconsolidated 	 to =6.4m through

Jardine & Lehane	 (YSR= 10) glacial lodgement tilt 	 2.5m deep starter
(1994)	 boreholes

Bothkennar,	 Lehane (1992), Lebane I .3m thick desiccated crust & shells 4 pile installations
Scotland	 & Jardine (1994b),	 followed by Bothkennar clay: soft, to 6m through

Jardine & Lehane	 high plasticity, lightly	 I .2m deep starter
(1994)	 overconsolidated, lightly cemented, boreholes

marine-estuarine clay & silt

Note: YSR = Yield Stiess Ratio or apparent overconsolidation ratio (OCR).

Table 1.1	 Summary of previous ICP tests
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1.3 OUTLINE OF THE RESEARCH

The work described in this Thesis draws from the earlier strands of research described in the

previous Section, with the aim of improving the present understanding of pile behaviour,

developing new simple design approaches for the full-scale open-ended piles used offshore and

verifying the applicability of these methods. The following aspects of behaviour have been

examined:

•	 How piles behave in lightly overconsolidated, relatively permeable clay-silt and in dense

sand.

•	 The effects of pile scale, installation method and end-condition (open or closed-ended).

•	 The base capacities of open and closed-ended piles in sand and clay.

•	 Variations in pile capacity with time after installation.

•	 The effects of loading direction and cyclic loading.

•	 Changes in pile behaviour due to their installation in groups.

Experimental field work was conducted at two sites: in the lightly overconsolidated clay-silt at

Pentre and dense sand at Dunkirk. Ground conditions and the tests carried out at each site are

summarised in Table 1.2 and the site locations are shown in Figure 1.4. Preliminary

development work, prior to testing at Pentre, included the extension of the instrumented pile to

reach depths of 19m and complete recabling of the pile instruments. A mobile, self-contained

facility with site accommodation and power supplies was organised. Seven ICP experiments

were performed, investigating the effects of installation method, partial dissipation, load cycling

and changes in pile capacity with time. Three ICP tests were conducted at Dunkirk including

a study of the interaction effects during pile group installation.

Full-scale pile tests were also performed on the four CLAROM piles at Dunkirk revealing large

gains in pile shaft capacity over a five year period. The original pile test data were reassessed,

yielding new information on open-ended shaft resistance, residual stresses and plug behaviour.

Detailed site investigations were performed at both sites involving a large number of in situ field

tests and advanced laboratory testing. The original results from the LDP and NGI pile testing

programmes were re-examined and research into the behaviour of base capacity, open-ended

piles, pile group effects and ageing were reviewed.
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Site	 Ground Conditions	 Pile Tests

Pentre,	 3.5m of alluvium overlying Pentre 	 Seven ICP installations from the base of

Shropshire	 clay-silt: soft to very stiff, lightly 	 I Om deep starter boreholes to I 9m

overconsolidated, low plasticity, 	 depth. Investigations into the effects of

laminated, Holocene, glacial 	 installation jack stroke length, partial

lacustrine silty clay and clayey silt. 	 dissipation effects, load cycling and

ageing. Behaviour is compared with the

LDP and NGI piles and the effects of

scale and end condition are examined.

Dunkirk,	 3m of recent hydraulic sand fill 	 Three ICP installations from ground level

N. France	 with the same origin as the 	 to a maximum of 7.4m depth. One non-

underlying Dunkirk sand: dense to	 instrumented pile installed to examine pile

very dense, normally consolidated, 	 group interaction effects. Load cycling.

1-lolocene (Flandrian), marine silica
Tension tests on four 0.324m diameter

sand with = 10% carbonate content
open-ended pipe piles driven five years

existing mainly as shell fragments.	 .
earlier. Studies into agemg effects on

piles in sand and the effects of pile end

condition.

Table 1.2	 Pile field tests described in this Thesis

The new results have enabled Lehane's tentative design approaches for the shaft capacities of

closed-ended piles in sand and clay to be redeveloped and refined, taking into account pile

behaviour in the new materials. Analysis of the data from the full-scale LDP, NGI and

CLAROM tests has enabled the effects of scale, end condition and installation method to be

identified, allowing modified approaches to be developed for offshore piles. When compared

with existing design recommendations, including those of the American Petroleum Institute, the

new approaches gave improved results.

Two new databases of pile tests in sand and clay were assembled, each consisting of 65 and 55

high quality load tests on predominantly large-scale, open and closed-ended piles. The case

histories were obtained from the literature and previously unpublished archives. The latter

include a full-scale offshore pile test in dense sand at the Leman southern North Sea field (see

Figure J .1) and large-scale nearshore and onshore tests at the Kansai and Noetsu Bridge sites

in Japan.
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The new databases were used to validate the newly proposed shaft capacity approaches for a

wide range of pile sizes and soil conditions. Quantitative assessment shows that new approaches

are free from bias and at least twice as reliable as the existing API RP2A (1993)

recommendations. The databases also displayed distinct trends in base capacity, from which new

design proposals for open and closed-ended piles and plug behaviour were developed.

The contents of the Thesis are described chapter by chapter in the following Section.

1.4 CONTENTS OF THE THESIS

Chapter 2 reviews the results of previous research in sand beginning with the current insights

into behaviour gained from the ICP tests at Labenne. Previous research into the effect of end

condition, base capacity, pile plug response, long-term ageing and interaction effects are also

described. Existing methods of pile design for shaft and base capacity commonly used in

offshore practice are also examined.

Chapter 3 describes aspects of pile behaviour in clay, concentrating on the understanding

developed from ICP experiments by Lehane (1992) and Bond (1989) and the arguments used

in the development of the tentative design approach for shaft capacity. Existing design methods

for base and shaft capacity are reviewed. Unusual facets of pile behaviour from the recent LDP

and NGI pile testing programmes are highlighted.

Chapter 4 gives brief details of the Imperial College pile including the instruments and methods

used in their preparation and calibration. The procedures used during pile installation and

loading are described. Appendix A gives a complete account of instrument performance.

Chapter 5 describes the site investigations at Pentre and Dunkirk, supplementing the original

data from the previous research programmes with new information from in situ field tests by the

Building Research Establishment and laboratory tests at Imperial College. Appendix B provides

full results from laboratory ring shear interface and direct shear tests and ageing studies on

Dunkirk sand. Appendix C develops the understanding of soil sensitivity using the framework

of intrinsic soil properties.
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Chapter 6 presents the results from the ICP field experiments at Pentre, drawing comparisons

with previous ICP results where appropriate.

Chapter 7 details the ICP results in Dunkirk sand including the study into interaction effects

during pile group installation.

Chapter 8 presents the results from the large-scale pile tests at Dunkirk including the original

testing methods and results obtained in the 1989 French CLAROM programme and the Author's

investigation in 1994. The results are analysed and compared to ageing trends reported in the

literature and unpublished archives. The mechanisms responsible for long-term set-up in sands

are investigated.

Chapter 9 re-examines and improves Lehane's design proposals for shaft capacity in sand in

light of the new ICP results from Dunkirk. The large-scale tests at Dunkirk allow the effects

of end condition to be identified and the development of a simple modified approach for the

design of open-ended piles. A comparison of the new approach with existing offshore design

methods demonstrated improved results. The new approach was tested against a database of 65

high quality pile load tests on large-scale open and closed-ended piles in sand, encompassing a

wide range of pile and soil conditions (the pile tests and methods of analysis are described in

Appendix D). With the inclusion of supplementary data, distinct trends were observed for base

capacity, enabling the development of design proposals for open and closed-ended piles and plug

behaviour.

Chapter 10 follows similar processes to those used in Chapter 9 to extend and test a revised

version of Lehane's design proposals for shaft capacity in clay. A database of 55 high quality

pile tests was compiled (described in Appendix E) which validated the new approach and allowed

new proposals for base capacity to be verified.

Chapter 11 summarises the conclusions from the work described in the Thesis, making

recommendations for future research.
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CHAPTER 2

ASSESSING THE AXIAL CAPACITY OF PILES IN SANDS

2.1 INTRODUCTION

The understanding of the behaviour of piles in sand has been hindered, until recently, by a lack

of reliable instrumented pile test data. The API RP2A (1984) recommendations were derived

empirically, using the assumption that radial stresses acting on the pile shaft were only

proportional to effective overburden pressure. Many studies have demonstrated the method's

poor reliability and skew with relative sand density and pile length, leading to highly

unconservative predictions for long piles and loose deposits and conservative predictions for

short piles and dense conditions.

Lehane's (1992) Imperial College Pile (ICP) tests in loose to medium dense sand at Labenne

provided a wealth of new data including reliable measurements of stress changes on the pile

shaft. Many of the findings challenge the assumptions used in the API and other traditional

design recommendations.

This Chapter begins with a description of the Labenne results and Lehane's tentative design

approach for the shaft capacity of closed-ended piles. The occurrence of residual stresses and

concepts of limiting skin friction and "critical depth" are discussed. The API and other recently

proposed design methods are reviewed and the assumptions made for pile behaviour are

compared to the Labenne results.

The remainder of the Chapter reviews studies reported in the literature relevant to the aspects

of pile behaviour investigated later in this Thesis. These include:

(i) the base capacity of closed-ended piles;

(ii) the behaviour of open-ended piles and the implications this has for shaft capacity;

(iii) the behaviour of pile plugs and the base capacity of open-ended piles;

(iv) variations in pile capacity with time;

(v) the interaction effects caused during pile group installation and the changes these cause

to the soil stress States around piles in the group.
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2.2 iMPERIAL COLLEGE PILE TESTS AT LABENNE

Lehane (1992) conducted pile tests on two instrwnented ICP's, installed to 6m in the loose to

medium dense sand at Labenne, south-western France. The pile instruments and testing

procedures were generally the same as those described in Chapter 4, except that the instrumented

section was 3m long, containing three instrument clusters. This Section gives a summary of the

soil conditions and principal results obtained during pile installation, equalisation and load

testing. The rationale used by Lehane to develop his new design approach for closed-ended piles

in sand is then described.

2.2.1 Soil conditions

The site lies on the Atlantic coast of France, close to Bordeaux. The upper 12m of Holocene

sand was derived from glacial material and deposited as dunes. A I .5m excavation prior to pile

testing resulted in the sand being in a slightly overconsolidated state. A high organic content

was found at 3.3m and the water table was 2.9m below ground level as indicated in the borehole

log on Figure 2.1.

A large number of in situ and laboratory tests were conducted and the main soil properties are

summarised below:

The sand is quartzitic, subangular to subrounded, uniform fine to medium with a mean

particle size, D50=O.32mm.

Cone penetration test (CPT) end bearing resistance (q,) ranged between 1.5 and 6MPa

with the lowest values measured in the organic sand (Figure 2.1). Standard correlations

(e.g. Lunne & Christoffersen,' 1983) showed that this corresponded to a loose to

medium dense sand.

Direct shear box and triaxial tests gave a constant volume internal angle of friction

A' -..°

Interface shear tests against interfaces with the same surface roughness as the pile (R

7pm) gave constant volume friction angles of 6, 28°. Peak angles were I or 2°

higher.

D,, 0.344 In {cij(61 a'° 71 )) with q and a' in kPa, and D1 expressed as a fraction.
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2.2.2 Installation

Figure 2.2 gives examples of the stress measurements taken by the instrument clusters during

installation, showing (a) the local "stationaiy" radial effective stress taken between jack

strokes; (b) t, the local shear stress during jacking; (c) f, the average shear stress between

instrument clusters derived from the axial load readings. The individual instruments are

distinguished in terms of their normalised height above the pile tip, h/R, where h is the height

and R is the pile radius (see Figure 4.1). Lehane found that:

(i) Pile base resistances, q,, during jacking were similar to the CPT q values.

(ii) Pore pressures remained hydrostatic throughout.

(iii) o', and f profiles were similar in shape to the q profile, i.e. the stresses developed

at each depth were a function of the relative sand density, D,.

(iv) The highest stresses were measured by the instrument closest to the pile tip (hIR=8),

with the following and trailing instruments recording progressively lower values, i.e. at

a particular soil horizon the greatest stresses are experienced with penetration of the pile

tip and reduce as the pile descends further below the soil horizon.

(v) a', normalised by q showed a clear reduction with the relative distance from the pile

tip, h/R (Figure 2.3)

(vi) The angle of interface friction during jacking, ö tan 1 (t,z/a',m), where a' is the radial

effective stress while the pile was moving, was similar to 	 measured in laboratory

interface shear tests.

Points (iv) and (v) clearly indicate that the stresses along the pile shaft are not uniform, but

reduce away from the pile tip. This decay in stresses was a prominent feature of all of the ICP

tests, including those in clay, and is known as the "hfR effect". This characteristic was retained

after equalisation and in the local stress distributions during loading, contributing to the "critical

depth" feature whereby average shaft resistance appears to reach a constant value for piles where

LID>20 (discussed in Section 2.3). The concentration of high stresses around the penetrating

pile tip has been highlighted in laboratory model pile tests by Nauroy & Le Tirant (1983)

described in Section 2.6.3 and the optical study using crushed glass by Allersma (1988). This

leads to radial stresses on the pile shaft (a'1) being much lower than the stress beneath the pile

tip (qb) and well below cavity expansion limit pressures from pressuremeter tests (p111,3. The

factors responsible for this effect are discussed in more detail in Section 3.2.2(d) where the

trends from ICP behaviour in clay and numerical predictions are incorporated.
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Pore pressures equilibrated within one minute of the pile coming to rest. Residual loads of

I4kN remained at the pile tip (=40% of ultimate base capacity). A 15 hour equalisation

period was allowed before load testing and during this time a', increased by an average of 12%

which was not considered significant.

2.2.4 Load testing

The piles were tested in compression and tension, reaching failure in 2 and 5 hours respectively.

t, and a', profiles during testing are plotted on Figure 2.4 and the t 1 versus a', effective stress

paths monitored during loading are shown in Figure 2.5. Notable features are listed below:

(i)	 Failure was generally ductile. The response was much stiffer in compression where

failure was achieved after a pile head displacement of 3.6mm compared to 13.5mm in

tension.
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(ii) The profiles of local shear stress and radial effective stress at failure, tf and a', reflected

the variations in sand density with depth detected by the CPT, with the lowest stresses

developed in the organic layer. The highest stresses were measured close to the pile tip.

Peak average shaft friction () was = 20% lower in tension than compression.

(iii) During the initial stages of loading a', reduced slightly, increasing with further

displacement. This was interpreted as slight sand "contraction" followed by "dilation"

as shearing commenced.' The "contraction" component was greater in tension.

(iv) At peak pile capacity, a',was much greater than a',, at the end of equalisation and close

to the value of effective overburden pressure, a', 0. The values in tension were lower

than those in compression.

(v) Peak c,2 and a', coincided, producing a stress obliquity at failure2 [=tan' (t/a',1)) of

827 in tension and compression. The peak stress obliquity occurred earlier with

8,, = 30°. These values are in good agreement with the results from the laboratory

interface shear tests. There was no indication of 8 varying with depth or being

dependent on sand density.

2.2.5 Development of the tentative IC approach for calculating shaft capacity

The Labenne results demonstrated that local shaft failure could be modelled using the Coulomb

failure criterion:

tf = a,f tan 8

The radial effective stress at failure (a',) could be separated into two components, the value at

the end of equalisation (a',,) and the change during loading (M',) so that:

= (a',, + Aa') tan 8

Lehane developed correlations for each of these components, as described below.

The terms "contraction" and "dilation" are used loosely, only referring to the changes
in a',, since the complete tensors of stresses and strains are not known.

2 Note that the corresponding angle ',,= tan'(a'31a',) can not be determined as the
complete stress state at the pile interface is not known.
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(a) Correlation for u'.

Since no significant changes in a'1 were apparent during the relatively short (15 hour)

equalisation periods, the installation a',, measurements taken while the pile was stationary were

considered as a', values for piles installed to shallower depths. In this way, 30 a', values were

obtained from the two Labenne installations. These were used to develop the following

correlation which captures the influences of sand density (through q,) and the h/R effect

identified during installation (Figure 2.3).

a',, = 0.114 q, a'° 2 (h/R)° 33
	

Eqn 2.1

The Labenne measurements were predicted to within ±10% and reasonable agreement was

obtained with other published field and laboratory data.

(b) Correlation for

a', can be considered as the sum of two components:

an initial reduction in stress due to the rotation of principal stress directions on the

pile shaft. This is more pronounced in tension tests, allowing pile behaviour to be

compared to laboratory triaxial tests where greater contraction is displayed in extension

than in compression. The anisotropic behaviour of different soils has been studied

extensively at IC in the Hollow Cylinder Apparatus (HCA) where the magnitudes and

directions of the principal stresses can be varied independently. Symes et al. (1988) in

UCA tests on Ham River Sand showed that pluviated sand samples loaded with vertical

major principal stress were able to sustain higher shear stresses and exhibited greater

stiffness than those where the principal stresses were inclined at some angle a to the

vertical, due to the preferential orientation of the sand grains and grain-to-grain contact

forces. As the principal stress directions were altered under constant shear stress, the

samples underwent volumetric contraction as the sand grains rearranged to withstand the

new stress directions.

an increase in stress due to interface slip dilation similar to that measured in

interface shear tests. Uesugi & Kishida (1986a) observed that dilation results from the

reorientation of sand grains in a narrow band of soil close to the interface.

Cylindrical cavity expansion theory (e.g. Boulon & Foray, 1986) indicates that a' should be

proportional to sand shear modulus, G, and inversely proportional to pile radius:

= 2Gc,
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where is cavity strain ( öh/R). At veiy small strains and for a given OCR and D,, 0 is

proportional to 4a', (Seed & Idriss, 1970). Hence, the expression can be rewritten:

b.G d /'Ia'	 D /R

Lehane showed that these trends were confmned by published data from laboratory model pile

tests as shown on Figure 2.6. The following correlation was developed from the Labenne

compression load test data:

1 r I'Ia', = 0.22 D, IR
	

Eqn 2.2

where D is estimated using Lunne & Christoffersen's (1983) correlation with CPT q.

Equation 2.2 was developed to match the Aa' changes seen in compression loading and

combined the effects of A&,,,, and icy'. In tension, the reduction in stress A&,., is more

pronounced and this results in lower shear stresses at failure (Section 2.2.4 (ii), (iii) and (iv)).

Following the Labenne measurements, Lehane recommended a 20% reduction in a' for tension

loading.

(c)	 Interface angle of friction.

on the pile interface was equal to ö measured in direct shear box tests using an interface with

the same roughness as the pile. This does not vary with sand density. As reported by Lehane

(1992) and Jardine et al. (1993), Everton's (1991) parametric study involving a large number

of interface tests using different sands, showed that 6, is independent of D and increases with

decreasing grain size as illustrated on Figure 2.7.
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2.2.6 Shaft capacity predictions

Predictions made using the proposed design approach have the following qualities:

(i) The predicted radial stiesses vaiy along the pile length, depending on relative sand

density, distance from the pile tip and effective overburden pressure.

(ii) The increase in radial stress due to dilation is inversely proportional to pile radius,

contributing to a large proportion of the shaft capacity of small diameter piles, but only

10% of shaft capacity in piles of 0.5m diameter.

(iii) The interface angle of friction remains constant with 1),, only changing with

mean grain size and interface roughness.

(iv) The resulting local shear stress profile exhibits high stresses close to the pile tip,

reducing along the pile shaft (in conditions of uniform sand density).

(v) Average shear stresses in tension are 20% lower than those in compression.

The method was tested against the results of closed-ended pile tests from nine sites reported in

the literature with good agreement (Lehane & Jardine, 1994a). However, further work was

required before the method could be confidently applied to offshore situations: the stress

correlations had not been proven for dense sand conditions, the applicability of the approach to

open-ended piles was uncertain and no attempt had been made to study pile base capacity.

2.3 RESIDUAL STRESSES, CRITICAL DEPTH AND THE NON-EXISTENCE OF

LIMITING SHEAR STRESS

2.3.1 Critical depth and limiting shear stress

One of the most striking findings at Labenne was the exponential decay in local shear stress with

height above the pile tip. This results in the average peak shear stress, becoming quasi-

constant for piles longer than = 20 pile diameters. This "critical depth" phenomenon, where

appears to reach a limiting value, has been recognised for some time (e.g. Kérisel, 1961) and

many different explanations have been proposed which may now be discounted. Vesió (1965),

noting the thin layer of loose sand surrounding the pile shaft in model tests by Robinsky &

Morrison (1964), postulated that arching mechanisms limited the maximum local shear stresses

close to the pile tip below certain values. His instrumented field tests at Ogeechee River in 1970

appeared to support this hypothesis with reductions in t along the lower half of the pile as
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Figure 2.8	 Peak shear stress distributions at Ogeechee River (Vesiô, 1970)

shown in Figure 2.8.' However, Kulhawy (1984) argued that reductions in K 0 with depth were

responsible for this feature, while Toolan et al. (1990) considered friction fatigue and, following

Hettler (1982), the repression of dilation under high overburden pressures. The subject still

arouses debate as evidenced by Kulhawy (1996).

The erroneous theories explaining the critical depth phenomenon resulted in part from the

misinterpretation of strain-gauge results in the early field experiments. As described in the next

Section, the existence of large residual driving stresses prior to loading was not recognised and

this led to the deduction of incorrect base loads and shear stress profiles.

2.3.2 Residual stresses

Figure 2.9 illustrates how residual stresses are developed. During pile driving the compressive

loads are resisted by shear stresses on the pile shaft and end resistance at the pile base. At the

end of each blow the pile head rebounds due to elastic decompression of the pile and unloading

of the soil beneath the toe. This creates negative (i.e. downward acting) shear stresses along the

upper part of the pile. The pile reaches static equilibrium when the negative shear stresses

counteract the positive shear stresses along the lower section of the pile and the compressive

force retained at the pile tip as illustrated on Figure 2.9(b). Vertical consolidation of the soil

According to Kulhawy (1996), Vesié later rejected his original "tentative working
hypothesis".
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around the pile shaft or creep during the equalisation period may lead to further changes in stress

conditions prior to loading. The shear stresses and axial loads retained in the pile after driving

are referred to as "residual stresses" or "residual loads" and they occur for piles in sand and clay.

The effect of residual loads is usually greater for piles in sand due to the relatively high base

resistances generated during driving.

The driving process and large imposed accelerations often result in drift in the strain-gauge

readings and it is common practice to "re-zero" the gauges prior to load testing. However, this

implies that the pile is in a completely load-free state. Disregarding the existence of residual

loads in the strain-gauge interpretations can lead to the under-evaluated base loads, over-

evaluated shaft capacities and distorted shear stress profiles.

Hunter & Davisson (1969) estimated residual stresses at the Arkansas River site by performing

tension tests and assuming that after the unloading cycle the axial loads in the pile were

negligible as shown in Figure 2.10. Thus, residual stresses could be inferred and taken into

account in the preceding or subsequent load tests. They showed that in this case, neglecting

residual stresses would have led to shaft capacity in compression being over-registered by

40%.

Briaud & Tucker (1984) considered the possible methods for estimating residual stresses and

assessed their performance against field load tests. The four alternatives are listed below in

decreasing order of preference:

Direct measurement of residual stresses with strain-gauges or pressure cells which do

not undergo large drifts during driving.

2. Hunter & Davisson (1969) method described above, which assumes no residual loads

in the pile at the end of a tension load test. This assumption is not strictly true but the

method leads to the correct evaluation of loads at the pile head and toe and errors along

the central portion of the pile (i.e. incorrect shear stress profiles). The errors are small

for short piles.

3. Where no readings are available at the end of the tension load test and the Hunter &

Davisson method can not be applied, the peak tension load at the pile base can be

assumed to equal the residual base load after installation. The residual load distribution

along the pile can be assumed to be linear i.e. with constant shear stress along the pile

length. This latter assumption is rarely true and this approach relies heavily on accurate

strain-gauge measurements at the pile toe. Briaud & Tucker showed that significant

errors can arise, particularly along the central portion of the pile.
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4.	 Where the pile is not instrumented the base resistance may be estimated by assuming

that the shaft load in tension is equal to that in compression. This is the least reliable

of the four methods.

Altaee et al. (1993) and Fellenius & Altaee (1995) describe instrumented load tests on concrete

piles at Baghdad and examine the consequences of ignoring residual stresses. Figures 2.11(a) and

(b) display the unconected and corrected shear stress profiles. The authors compared these with

those of Vesió in Figure 2.8, concluding that Vesi's results were uncorrected and do not

represent the real stress distributions along the piles. This casts doubt over the concepts of

critical depth and limiting shaft friction which were developed using the inaccurate evidence.

Lehane's continuous measurements during pile installation at Labenne allow a clear distinction

between local and average shear stress to be made. No limits to local shear stress were found

for pile lengths up to L/D=59. However, the distinct decay of local stresses away from the pile

tip led to the average peak shear stress along the complete pile length clearly reaching a quasi-

constant value after a critical depth of LID>20. The same features were observed in the ICP

field experiments at Dunkirk (see Sections 7.2.2 and 7.2.4).

WSfI( 11t Iflift ISI4*W	 kpa
	 (kI,tihlfl issislanc. kPa

(a)	 Uncorrected	 (b)	 Corrected

Figure 2.11 Peak shear stress distributions at Baghdad (Altaee et al., 1993)
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2.4 EXISTING DESIGN METHODS FOR SHAFT CAPACITY

2.4.1 American Petroleum Institute recommendations, API RP2A

Most offshore piles are designed using the API RP2A recommendations. The recommendations

for pile design in sand in the cunent 1993 edition are essentially unchanged since the last major

revisions in 1984. As with the Lehane's approach, the Coulomb failure criterion is used for

shaft failure:

a'1 tan &

or	 tf = (f Y tan 8

where Kf is the earth pressure coefficient at failure, Kf a' I a'. Following Vesió's (1965)

observations described in Section 2.3.1, maximum or limiting values for t1 are also specified.

The method is empirical with Kf and values backfigured from a database of pile test results

collated by Dennis & Olsen (1983). The recommendations differ from the Lehane's findings

in the following respects:

(i) Kf is assumed to remain constant along the pile shaft. Values of 1.0 and 0.8 are

recommended for full displacement and partial displacement (e.g. open-ended) piles

respectively. In contrast, the Labenne tests showed that K was highly dependent on

sand density and reduced with distance from the pile tip.

(ii) 3 is considered to be the major variable, increasing with increasing sand density and

grain size as shown in Table 2.1. However, the Labenne tests showed that = 6,, the

critical state interface angle of friction, which is independent of sand density. Moreover,

Lehane (1992) and Jardine et al. (1992) show that 8 reduces with increasing grain size.

(iii) Recommended values of limiting shaft friction are shown on Table 2.1. Section 2.3

explains how the concept of limiting local shear stress arose from misinterpreted strain-

gauge measurements. The Labenne tests revealed that quasi-constant average shear

stress is a product of the large reductions in local shear stress away from the pile tip

(h/R effect).

(iv) No differentiation is made for loading direction. Dennis & Olsen compared tension and

compression tests performed on six piles, revealing a difference of 10-15%, but this was

considered insignificant in comparison to the degree of scatter in results.
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Dennis & Olsen, in the formulation of their "New Sand, Method 1" proposals which formed the

basis of API RP2A (1984) state:

"i.. the variables subject to control are K and 6. No definitive data could be

found to allow independent evaluation of these parameters using fill scale field

tests. Consequently, reasonable values are chosen for one and the other is

adjusted to conform to field "measurements" of side shear capacity."

The instrumented pile tests at Labenne clearly show that the wrong parameter (K) was chosen

to remain constant' and there was no evidence for limiting values of local t, Since the API

recommendations are empirical, the predictions offer reasonable averages for the pile sizes and

sand densities covered by the database. However, application of these correlations to full-scale

offshore piles or sand conditions not included in the database can lead to large errors. Tang et

aL's reliability study (1990) revealed large scatter in the calculated to measured shaft capacities

(QJQm) with a coefficient of variation 2 between 0.47 to 0.56 leading to the comment:

"Higher levels of uncertainties are associated with piles in sand, mainly due to

the use of simplfled pile capacity prediction models based on soil class fication

and relative density instead of more sophisticated pile tests"

Lings (1985) showed that the poor physical basis of the API approach gave rise to biased results

with respect to relative density and pile slenderness. This resulted in the shaft capacities of long

piles in loose sand being grossly overpredicted and those of short piles in dense sand

underpredicted.

Toolan and Ims (1988) indicated that these guidelines were potentially non-conservative. In

comparison to the original pre-1984 recommendations, predicted pile capacity rose by up to 50%

for tension piles installed in dense sand such as that found in the southern North Sea. The basis

for the revisions was questioned by the UK certifying authorities who advocated the continued

use of the pre-1984 criteria (Hobbs, 1992). These are much more conservative, involving K=O.7

In facttheICPtestsatLabenneandDunkirk showthatKfvariesoverafarwiderrange
(0.3 to 3) than that considered for tan 8 (the API anticipate 8 between 15 and 350, i.e.
tan 8 varying by a factor of 2.6). As a result, the API method is insufficiently sensitive
to relative density.

2 Coefficient of variation, COy = standard deviation / mean
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and 0.5 in compression and tension respectively, with broadly the same and limiting values

as those given in the current edition.

Soil-Pile	 Limiting Unit
Friction	 Limiting Skin	 End Bearing

Soil	 Angle, &	 Friction Values	 Values
Density	 description	 Degrees	 kips/ft2 (kPa)	 Nq	 kiplft2 (MPa)

Very loose	 Sand	 15	 1.0 (47.8)	 8	 40 (1.9)
Loose	 Sand-S11t
Medium	 Silt

Loose	 Sand	 20	 1.4 (67.0)	 12	 60 (2.9)
Medium	 SandSiJt**
Dense	 Silt

Medium	 Sand	 25	 1.7 (81.3)	 20	 100 (4.8)
Dense	 Sand_Silt**

Dense	 Sand	 30	 2.0 (95.7)	 40	 200 (9.6)
Very dense SandSilt**

Dense	 Gravel	 35	 2.4 (114.8)	 50	 250 (12.0)
Very dense Sand

* The parameters listed in this table are intended as guidelines only. Where detailed information such as
in situ cone tests, strength tests on high quality samples, model tests, or pile driving performance is
available, other values may be justified.

Sand-Silt includes those soils with significant fractions of both sand and silt. Strength values generally
increase with increasing sand fractions and decrease with increasing silt fractions.

Table 2.1	 API RP2A (1993) design parameters for cohesionless siliceous soil

2.4.2 Lings' 1985 study and Toolan, Lings & Mirza (1990)

Lings re-examined the API database, deciding that only the tension test data were completely

free from residual stress errors. 20 tension tests from 8 sites were analysed, revealing

considerable skew with pile slenderness (IJD) and sand density. This was supported by Toolan

et al. (1990) where the data was supplemented with five additional tension tests on large-scale

and conductor piles' (Figure 2.12).

Note that the test at Site H (AD platform in the southern North Sea) was performed after
sand disturbance due to a major gas release ("blowout") resulting in the formation of a
deep crater around the pile which was later backfilled by dumping. The relatively low
measured capacity is unrepresentative of a normal driven pile.
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Figure 2.12 Ratio of calculated and measured shaft capacities using the API

recommendations (Toolan et al., 1990)

Using this select database, an empirical design method was formulated which attempts to account

for the effects of pile length. A trend between relative sand density and peak average shear

stress () was determined as shown on Figure 2.13(a). In pile design a linear distribution in

local shear stress (tf) can be assumed, so that at the pile tip t = 2 Thus, a "sliding triangle"

approach (Figure 2.13(b)) can be used to estimate local shaft friction along the pile shaft,

accommodating changes in sand density. Open-ended piles were assumed to develop 80% of

for closed-ended piles in agreement with the API recommendations. Good results were

obtained when their database was re-evaluated using this approach, though trials on a larger

database of pile tests by Gavin & Lehane (1996) gave a high coefficient of variation in QC/QM

with COV—O.5 1. Shaft capacity predictions for high quality pile tests made later in this Thesis

(Section 9.4), confirmed this magnitude of variation.

For longer piles a "Beta approach" was proposed where curves of 13 ( Ia' 0 = K

varying with pile length and relative density were deduced as shown on Figure 2.13(c). In order

to account for the reductions in tf away from the toe, the pile is divided into two sections with

13 in the lower lOm corresponding to those given in the chart, and I30.24 or the chart value,
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Figure 2.14 Assumed shear stress distributions along the pile shaft

whichever is the lesser, in the remaining upper section.' This leads to the creation of a dramatic

step reduction from t to	 between the two sections of pile as illustrated in Figure 2.14.

2.4.3 Randolph, Doiwin & Beck (1994)

This procedure expands on the Toolan et al. (1990) Beta approach, using the concept of t,, at

the pile toe and t, further along the shaft. Lehane's ICP measurements at Labenne suggested

an exponential reduction in t along the pile length which could be used to replace the unrealistic

step reduction (Figure 2.14).

In order to estimate tm,,1, the Labenne equalisation data plotted in Figure 2.3 was compared to

backligured a' values2 taken from the shear stress profiles evaluated by Vesió (1970) at

Ogeechee River as shown in Figure 2.15 It may be recalled that Vesi's shear stress

distributions on Figure 2.8 appear uncorrected for residual stress effects and the actual shear

stresses at the pile toes may have been higher. However, this was not recognised and Randolph

et al. argued that a', m,,/q 0.02 is reasonable at the pile tip.

As before, for open-ended piles 0.813 is recommended.

2 Assuming Sf 4 -5°, i.e. S= 25° for the short pile (HI 1) and 830° for all others.
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Figure 2.15 Randolph et al. (1994), derivation of Tmu

Vesió (1970) derived the following relationship between pile base and average shaft resistances

based on the results of driven pile tests at various sites:

1q=Ol1 
(1o)W

Randolph et al. requoted this as:

tmLI / q	 0.1 exp (-3tan mix)

and used this format to propose a new expression for a'mu:

= 2 exp (-7tan 4)

Note that 4 is substituted for 4, the average shaft resistance used by Vesié has been replaced

by the maximum value at the toe, and new coefficients are suggested based on comparisons of

the predicted shear stress profiles with measurements from strain-gauged pile tests.

The new expression results in values of a', 0.056 to 0.02 1 for 427° and 330

respectively which are in reasonable agreement with the inferred results of Vesió. However,

where available the authors recommend the use of CPT friction sleeve measurements to estimate

t, which assumes a continuum failure mechanism where the pile diameter does not effect shaft

resistance. This contradicts Lehane's analysis and the results from model pile tests which

showed that dilation effects during loading are strongly dependent on pile diameter (Section

2.2.5(b) and Figure 2.6).
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Remote from the pile toe, t and a', are thought to be linked to the active earth pressure

coefficient, K1. An exponential decay between a' 	 and a', is proposed in terms of earth

pressure coefficients so that tf at any point can be evaluated:

t/(a',0 tan 8) = K = + (K_ - K) exp[-ihID]

The parameter, i, controlling the stress decay is expected to vary with soil compressibility (or

crushability), pile roughness, incremental driving energy and effective displacement ratio. A

value of 0.05 is suggested.

The differences between shaft capacity in tension and compression are thought to arise from

elastic Poisson-type deformatit,ns of the pile shaft. Under compressive loading, "barrelling" of

the shaft would cause an increase in a', and under tension loading the opposite effect would

result in a', reductions. De Nicola & Randolph (1993) related this theoretically to the relative

pile compressibility and slenderness ratio leading to the following expression relating shaft

capacities in tension and compression:

-	 - 0.2 lo io())(1 - 8'i + 2512)

where the non-dimensional pile compressibility parameter lr u tan 8 (L/D)/(E/G), u and E

axe the pile's Poisson ratio and Youngs modulus and G is the average soil shear modulus over

the pile length. Although Lehane's observation of the effects of the rotation of principal stress

directions (Section 2.2.5b) was acknowledged, no attempt was made to account for this

phenomenon.

The design proposals were tested on a database of ten sites. A statistical analysis of the

compression tests showed that shaft capacity was underpredicted with the ratio of calculated to

measured load, Q/Q, = 0.84 and COY = 0.36. The authors attribute the discrepancies to errors

in the test measurements, particularly the effects of uncorrected residual loads, highlighting the

improved accuracy when total pile load (shaft and base) was considered. However, the predicted

capacities of the 14 tension tests were not provided to corroborate this argument. Notably, the

method gave a 22% underprediction of shaft capacity in the Labenne ICP test, where residual

loads were measured accurately.
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Thougt the basic concept of a' reducing exponentially from the pile tip and being directly

related to q is an improvement on Toolan et al.'s Beta approach, the coefficients in the a',/q

expression and the exponential decay coefficient, t, appear to have been chosen through curve

fitting from the database shear stress profiles, many of which were based on uncorrected strain-

gauge readings. The large number of design parameters and relatively complex calculation

procedure make the method susceptible to errors. No corrections were proposed to account for

the differences between open and closed-ended piles. The analysis presented in Section 9.4 of

this Thesis shows that this omission results in gross overpredictions in open-ended pile

capacities.

2.4.4 Correlations with in situ tests

A common drawback in the foregoing methods is that they rely heavily on the engineer's

interpretation of relative sand density, D. Since D1 is usually estimated from in situ tests, it

seems appropriate that pile design correlations should be derived directly from these

measurements. Hossain & Briaud (1993) found that in situ tests, in particular the CPT, gave the

best indication of sand density and led to better predictions of pile capacity, corroborating

previous studies by Briaud & Tucker (1988) and Robertson Ct al. (1988).

The Laboratoire des Ponts et Chaussées (LPC) cone method developed by Bustamante &

Gianeselli (1982) uses factored values of q to estimate local shear stress as shown in Table 2.2.

Soil type	 t (kPa)	 Limiting r1

Concrete	 Steel	 (kPa)

Silt and loose sand	 qj60	 qJ120	 35

Medium dense sand and gravel 	 qII00	 qI200	 80

Dense to very dense sand and gravel	 qJ150	 q/200	 120

Table 2.2	 CPT coefficients in the LPC cone method

The Dutch cone method (de Ruiter & Beringen, 1979) uses more conservative coefficients for

long open-ended offshore piles of qJ300 in compression and qj400 in tension. Limiting values

of l2OkPa or the local CPT sleeve friction are imposed.

The Canadian Geotechnical Engineering Society and Japanese Associations (e.g. OCDI, l99fl

use factored SPT blowcounts [t1 (kPa) = 2N]. Skempton (1986) demonstrated that N values are
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prone to variations due to operator technique, hammer trip mechanism, energy losses, overburden

pressure and piping in the open borehole.

Correlations with pressuremeter tests were proposed by Baguelin et at. (1986). However,

pressuremeter tests are rarely performed in offshore site investigations, therefore this is not

considered a practical parameter for offshore pile design.

The in situ test design methods are empirical and have been used successfully in onshore

situations. However, as with the API procedure, the factors were derived from average shaft

friction measurements and their application in an incremental style to local shaft resistance may

not be valid. In addition, no account is taken of the strong h/R effects discussed in the previous

sections, so that the approach is biased with respect to pile length. Extrapolation to pile sizes

and soil conditions outside the database should be undertaken with caution.

2.5 BASE CAPACITY OF CLOSED-ENDED PILES

Relatively little attention was focused on base capacity in the previous ICP investigations by

Bond (1989) and Lehane (1992). However, the contribution of base load can be sizeable in

sands and the reviews by Coyle & Castello (1981) and Hossain & Briaud (1993) show that

current empirical and theoretical design methods are all relatively unreliable. This Section

reviews base capacity theories and examines some of the trends revealed by previous researchers

which may account for some of the variations.

2.5.1 Conventional bearing capacity theory

The bearing capacity of deep piled foundations is usually expressed as:

q = a',c Nq

where a' is the vertical effective stress at the pile toe and N is a bearing capacity factor which

is considered to vary with the soil's internal angle of friction, 4', the pile shape, confining

pressure and sand compressibility. Numerous failure mechanisms have been proposed leading

to the Nq values shown on Figure 2.16. Note that N q is plotted on a logarithmic scale which

masks the diversity; for example, N q for a sand with 4'=35° can range between 13 and 380. In

addition, Nq calculated using any one method is sensitive to small changes in 4' (Poulos, 1989).
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The base resistances of pile field tests' corrected for residual loads by Coyle & Castello (1981),

are superimposed on Figure 2.16. No single solution exhibits good agreement with all of the

measurements. A similar degree of scatter around the same theories was found by Neely (1990)

in a thorough study into the bearing capacity of expanded-base Franki piles from 73 sites.

API recommendations

API RP2A (1993) recommends N q values varying with sand density and grain size as listed in

Table 2.1. These lie approximately midway between Terzhagi's (1943) local and general shear

solutions on Figure 2.16. As with shaft resistance, the "critical depth" concept is adopted and

limiting qb values are suggested.

The Nq values can be seen to be conservative in comparison to the data of Coyle & Castello and

Neely. Hossain & Briaud (1993) updated the original API sand database compiled by Dennis

& Olsen (1983) and showed that Qb was typically underpredicted by a factor of 2.

Coyle & Castello and Hossain & Briaud found that q, increases at a reducing rate with relative

pile depth (Figure 2.17) and Nq reduces, while Neely related the same trend to a' at the 'pile

base. The field data did not prove the existence of the critical depth for bearing capacity.

2.5.2 Cavity expansion theory

The use of spherical cavity expansion theory to model bearing capacity failure was first proposed

by Skempton, Yassin & Gibson (1953). This assumes a deep contained failure mechanism as

illustrated on Figure 2.18 with a rigid cone of soil beneath the pile base, surrounded by soil at

the pressure required to expand a spherical cavity, p,. Base resistance can be expressed by:

qb = 1jl+ta1$tana)	 Eqn2.3

where $' is the internal angle of friction and a defines the angle of the cone and can be taken

as (45 + 4.J2).

Vesió (1965) introduced a rigidity index to account for soil compressibility and expressed q,, in

chart form in terms of Nq. Kulhawy (1984) extended this further, taking into account the

Failure was defined after a pile head displacement of DuO.
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Figure 2.18 Cavity expansion model for base resistance

increase in soil modulus with ia' and the curvature of the failure envelope at high stress

levels 1 . This results in q, slowly increasing at depth following the observations of Coyle &

Castello.

Randolph, Doiwin & Beck (1994) proposed the use of Equation 2.3 with 4)' = 4 and p

evaluated using expressions proposed by Carter, Booker & Yeung (1986) or Yu & Houlsby

(1991). These require the following input parameters:

•	 in situ mean effective stress (p'o);

•	 4)' and the dilation angle, i

Randolph et al. suggest using mean 4)' 0.5(4),,, + 4) and tj =

and calculating 4),, and	 from the relationships with relative density (D 1) and P'o

proposed by Bolton (1986, 1987);

Shear modulus (G)

Lo Presti's (1987) correlation is recommended: G/P 1 = S exp (c1 D1) (ji'/P

where P1 is atmospheric pressure and S, c 1 and n are coefficients.

Suggested values of S range between 75 and 400 depending on silt content and

compressibility (where 400 is for clean silica sand). c 1 0.7 and n=0.5.

Poisson's ratio of the soil (u) which the authors state has little effect.

Note that G varies with strain level. Porovic & Jardine (1994) showed that G values
developed at given strains are proportional to mean effective stress raised to an exponent
n, (p7, where n increases towards unity with increasing strain level.
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The adoption of an operational linear shear stiffness from La Presti's expression for G is not

ideal since cavity expansion at the base involves a very wide range in strains from extreme

values at the cavity wall to infinitesimally small strains in the far field. The continuum failure

mechanism assumed does not account for the formation of shear bands or any resulting scale

effects.

The design curves given by Randolph et a!. appear to follow the trends observed in the field

tests. However, when tested by the authors against pile tests from ten sites a tendency to

overpredict (QJQ. 1.76) and "significant scatter" were observed (COV=O.53). The authors

attributed this to unreliable pile test data (uncorrected for residual loads and tenninated

prematurely after insufficient displacement) and, for support, point to the similar scatter in

This implies that they would have expected q1,/q,"l, irrespective of pile diameter and possible

scale effects. Section 2.5.4 describes cases where qb'q1

Theoretical evaluation of bearing capacity at depth is complex since the parameters required are

governed by numerous uncertainties:

The sand's deformation characteristics (e.g. shear modulus, G) vary with sand density,

strain level, stress state, loading history, ageing, disturbance during pile installation and

anisotropy.

The sand's strength properties are also affected by many of the above.

Failure may not develop in a process analogous to the continuous cavity expansion

model, but could involve the formation of shear bands.

The dilation characteristics of the sand are difficult to ascertain.

Strain levels, stress states, principal stress directions and the degree of sand disturbance during

pile installation vary with radial and vertical distance from the pile tip. Sophisticated numerical

models are required to model this with accuracy.

2.5.3 Correlations with in situ tests

Hossain & Briaud (1993) showed that a major weakness in the API method is the use of relative

density (1),) as the basic soil parameter, demonstrating with examples from the literature that

different interpretations can lead to large variations in the calculation of base resistance.

Naturally, more complex approaches, such as that of Randolph Ct al. (1994) which uses D, in

the calculation of 4?, v and 0, are susceptible to even greater variability and higher risks of

calculation errors.
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Figure 2.19 Variation of CPT q with vertical effective stress and relative density

(Robertson & Campanella, 1983)

Of all the in situ tests, the cone penetration test is the most popular for estimating pile base

resistance since it is similar in shape to a closed-ended pile and is installed in a comparable

manner causing comparable soil displacements and stress paths. Laboratory chamber tests have

shown similar trends between q, D 1, a', a' 0 and soil compressibility to those observed for q,.

For example, compare the chamber calibration tests for q on Figure 2.19 with the q, trends

identified from field tests on Figure 2.17.

Design methods

The LPC method (Bustamante & Gianeselli, 1982), takes the average q value for 1.5 pile

diameters above and below the founding level, applying reduction factors of 0.4 (dense sand)

or 0.5 (medium dense to loose sand and silt) to calculate q for driven piles (Figure 2.20). The

authors noted that this may not be applicable to those open-ended piles which do not plug.

In contrast, the Dutch cone method (de Ruiter & Beringen, 1979) does not factor q but takes

the average over the region 4 diameters below and 8 diameters above the founding level, giving

more weight to the minimum values. However, Neely's (1990) field tests showed that the

presence of soft compressible deposits a few diameters above the founding level had no effect

on bearing capacity.

0
0
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Kraft (1990) suggests reduction factors of 0.5 to 0.6 (dense and loose sand) to account for local

variations in site conditions.

The Canadian Geotechnical Engineering Society advocates the use of factored SPT blowcounts

for design, recommending qb (kPa) = 400N for driven piles. A commonly used correlation

between CPT and SPT measurements is q (kPa) 400N, hence, this is equivalent to assuming

qg. Fleming et al. (1985) suggest varying the q/N factor according to sand grain size as

evaluated for qjN by Robertson & Campanella (1983). In Japan, q, (kPa) = 300N is generally

recommended (Technical Committee on Pile Driving, 1989; OCDI, 1991).

D

a=iD

O.7 q ca	 jt3qa

ca

Figure 2.20 LPC cone method for averaging q for pile base resistance

(Bustamante & Gianeselli, 1982)

2.5.4 Field and laboratory observations

Dc Beer (1965) noted that the bearing capacity of surface footings on sand are strongly

dependent on diameter. A similar scale effect was observed in laboratory tests on 30mm and

133mm diameter model piles in sand by Tejchman & Gwizdala (1979) as shown on Figure 2.21.

Scale effects were also detected by Meyerhof (1983) who analysed published field test data,

concluding that scale effects were only visible for piles greater than 0.5m diameter and were the

same for bored and driven piles. q reduction factors were proposed based on diameter and sand

density as shown on Figure 2.22. The vast majority of the data was derived from non-

instrumented piles and closer inspection of the instrumented tests reveals scale effects at smaller

diameters and differences between driven and bored piles:
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Figure 2.21 Variation of base resistance with diameter In model pile tests

(Tejchman & Gwizdala, 1979)
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Figure 2.22 q reduction factors for base resistance (Meyerhof, 1983)

The BCP Committee (1971) showed a diameter effect between 200mm diameter steel

closed-ended piles and 44mm CPT tests' with q, 0.6q and the smallest discrepancies

in zones of low q.

Kérisel (1961) showed that CPT q reduced as the diameter was increased from 45mm

to 320mm.

Standard CPT's are 36mm in diameter.
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Dc Beer (1979) conducted a thorough research programme using different diameter

CPT's and Franki piles, revealing that base resistance' reduced with increasing diameter,

particularly between the 36 and 250mm cones where a 40% reduction in q, was

measured.

Bustamante & Gianeselli (1982) and Jamiolkowski & Lancellotta (1985) recommended

lower q factors for bored piles.

Interestingly, none of the conventional design methods or cavity expansion approaches consider

the effects of scale on base capacity.

2.6 OPEN-ENDED PiLES AND PLUG BEHAVIOUR

2.6.1 Introduction

The static capacity of open-ended piles in compression comprises three components as shown

on Figure 2.23(a):

(a)	 external shear stress, Q = 2itR,,. f t0 dz

(b) end bearing on the pile annulus, Q = 	 - R2 ) q

where q,, is the base resistance over the annular steel;

(c) internal shear stress from the soil plug2, 	 = 2itR., I t, dz

where H is the height of the plug.

If the internal shear stresses involved in (c) are high, the plug capacity can exceed the base

capacity of the full cross-sectional area:

-	 Qpiug> Qb where Qb = 1 R2 q

Measured at a pile head displacement of DuO.

2 Note that the soil column is commonly referred to as the "pile plug", regardless of
whether "plugging" actually takes place.
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Figure 2.23 Components of capacity In open-ended piles

In this case "plugging" will occur, i.e. after some initial plug compression to mobilise the

internal shear stress, the plug moves in synchrony with the pile, resisting the influx of new

material at the base and ultimately transforming it into a closed-ended pile. Bearing capacity

failure takes place before the full plug load is mobilised. Figure 2.23(b) illustrates the apparent

external forces acting at failure. Note that the base resistance, q,, consists of q on the pile

annulus and t, along the inner pile wall. Strain-gauges fixed to the pile wall would measure

the sum of the internal and external shear stresses. The potential contribution of plug resistance

to the capacity of piles in sand is greater than that for clays due to the higher bearing capacity

of sand. However, large displacements may be required to mobilise Q1 8 and the volume

changes during shearing and arching mechanisms during loading make the evaluation of t,,,,,

difficult.

This Section reviews previous investigations into the differences between open and closed-ended

piles, plug behaviour and existing design procedures. The observations are used later in Chapter
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9 where Lehane's design approach is extended to open-ended piles and the base capacity of

open-ended piles is examined.

The experimental work can be divided into three categories:

(i) laboratory tests where model piles are driven into tanks or pressurised chambers;

(ii) field tests;

(iii) experiments on pile plugs. Useful results have been obtained by raining sand into a

tubular pile to form an artificial plug and simulating the mobilisation of plug capacity

by pushing a horizontal base platen up into the pile. in this manner plug capacity and

the distribution of shear stress inside the pile can be determined.

Some of the limitations in these testing methods should be considered in the interpretation of

the data:

Lehane (1992) found that dilation on the external pile shaft is highly influenced by pile

diameter, as suggested by cavity expansion theory (see Section 2.2.5). The same is

likely to be true for internal friction, hence the dilation effects measured in small model

pile tests are probably much greater than those developed with full-scale piles.

Laboratory chamber tests are subject to boundary effects. Parkin & Lunne (1982)

suggest that the ratio of pile to chamber diameter should exceed —20 in loose sands and

between 50-100 in dense sands. Few experiments in dense sands satisfy this criterion.

Artificial formation of a sand plug inside a tubular pile does not model the installation

process which involves sand densification and high stresses at the pile toe and cycling

along the pile shaft. This could be considered analogous to performing experiments on

buried piles and assuming that the behaviour is the same as for driven piles. Also, the

stiff horizontal base platen does not create the same stress distribution across the

diameter as an open-ended pile during loading (Figure 2.23(b)).

Therefore, the results from the investigations are highly dependent on the sand type, pile

dimensions and testing method. These details are summarised in Table 2.3 for the major

references quoted.

(Th
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2.6.2 Formation of the pile plug during driving

Plug height can be expressed in tenns of the final plug length ratio, PLR = HJD, T, or the

incremental pile filling rati&, = dl-I.,/dL. The mode of filling changes with penetration:

I	 Initially full coring takes place where the height of the plug equals or exceeds the depth

penetrated (y^l).

II	 With further driving, sand compaction and partial plugging occur with the incremental

increases in plug height smaller than the increases in penetration (y<1).

ifi	 If full plugging occurs the plug moves in unison with the pile causing full soil

displacement and behaviour similar to a closed-ended pile (y=O).

The mechanisms cotroIling the filling ratio are complex, influenced by pile diameter, pile

surface roughness, sand density, sand compressibility and driving energy (e.g. Kishida, 1967;

Brucy et al., 1991a; Raines et at., 1992). Field experience on large-scale piles has shown that

full plugging rarely occurs during driving. This is due to the high acceleration of the soil plug

(2O0g) and the velocity of the stress waves which propagate through the steel causing localised

shaft failure (Paikowsky & Whitman, 1990). However, piles which were partially displacing

during installation can be fully plugged during static loading (Brucy et al., 1991a; Matsumoto

& Takei, 1991; Paik & Lee, 1993). Paikowsky Ct al. (1989) and Paik & Lee (1993) demonstrate

that the likelihood of plugging during static loading is better assessed through incremental filling

ratio than PLR.

Investigations into the density of sand plugs by Szechy (1961) and Kishida (1967) suggest that

compaction takes place in loose and medium dense sands, resulting in higher densities inside the

plug. In dense sands loosening may occur.

2.6.3 Differences between open and closed-ended piles

Nauroy & Le Tirant (1983) performed chamber tests on open and closed-ended piles, measuring

the radial stress changes during installation at a point 2.5D away from the pile centre-line as

illustrated in Figure 2.24. This shows that for a silica sand, "Sand S", the highest values of a

are measured as the pile tip approaches the sensor level, and both the jacked and driven closed-

ended piles create larger stress changes than the open-ended pile. The calcareous sand, C 2, only

registers a increases during closed-ended pile penetration. The smaller increases in a involved

Also known as the specific recovery ratio.
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Figure 2.24 Changes in radial stress during the installation of open and closed-

ended piles (Nauroy & Le Tirant, 1983)
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in open-ended installation presumably result from the smaller volumes of soil displacement

involved. Similar results were found by Foray et al. (1993) who also noted that the driving

resistance of open piles was lower (Figure 2.25). The latter was confirmed in large-scale field

tests by Mello & Galgoul (1992).

In the same experiments Nauroy & Le Tirant and Foray et al. found that open-ended piles only

developed 60 to 70% of the shaft capacities of closed-ended piles. This suggests that the lower

radial stress increases in the soil mass and along the pile shaft are responsible for lower values

of t	 at failure.

Strain Path Method (SPM) analyses of undrained pile installation are described in Section 3.4.3

and show that the radial extent of the zone of plastic soil deformation is proportional to pile

displacement ratio,' inferring that the stress changes are similarly affected.

Field pile tests at Hoogzand by Beringen et al. (1979) showed that open-ended piles developed

80% of the shaft resistance of closed-ended piles. Figure 2.26(a) compares the measured shear

stress distributions. In compression, the piles were fully plugged but only developed 80% of the

base resistance measured on closed-ended piles and displayed softer load-displacement

characteristics (Figure 2.26(b)). Grouting to ensure complete fixity of the plug did not improve

the performance. Lower base stifThess would be expected since (a) some plug displacement is

required to mobilise the plug capacity and (b) the density and stiffness of the sand beneath the

base is not as high as that beneath a closed-ended pile due to the smaller degree of sand

compaction ahead of the advancing pile tip. Although effect (1,) also contributes to a lower

ultimate bearing capacity, the reduced stiffness probably plays a greater part in controlling the

magnitude at failure2. This is supported by the behaviour at larger displacements where the base

load continued to increase at a faster rate than for the closed-ended pile.

2.6.4 Internal shear stresses and plugging during loading

During static loading, the plug resistance is mobilised progressively from the toe upwards as soil

is forced in through the base (Hight et al., 1996). The factors which promote plugging are

similar to those influencing the incremental filling ratio (Section 2.6.2), i.e. small diameter,

Pile displacement ratio, p = (R2 , - R2)fR2

2 Failure is defined after a pile head displacement of one tenth the diameter, DuO.
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rough interface, dense sand with high stiffliess. Pile roughness and high sand density induce

sand dilation, causing an increase in a' . The magnitude of cr'r and the likelihood of

arching are controlled by the radial stiffness of the sand core and pile diameter (the latter reflects

the sand volume and the degree of confinement). Kishida & Isemoto (1977) illustrated the

effects of pile diameter on plug capacity using laboratory tests, as shown on Figure 2.27.

In the event of plugging, Kishida & Isemoto and many others have shown that plug capacity is

derived from high internal shear stresses, t,, concentrated typically within 2D of the pile toe.

The plug can be considered to have a lower active "wedged" or "rigidly arching" section and an

upper "unwedged" or "unarched" length which only adds surcharge to the lower zone.

Laboratory tests, where sand is rained into the pile, demonstrate that the height of the unwedged

length has a large influence on plug capacity (e.g. Kishida & Isemoto, Figure 2.27, and Hight

et al., 1996). However, this observation was not supported by large-scale data collected by

Tomlmson (1994), possibly due to the different modes of plug formation in the laboratory and

field. The concentration of t1 in a short wedged length was confirmed in large and small-

scale field tests by Brucy et al. (1991a) at four different sand sites, where the piles remained

plugged and the base resistance undiminished alIer the plugs were cored down to one diameter

of the pile base.

Paik & Lee (1993) used a double skinned strain-gauged pile to measure 	 and t0 separately.

The Author's interpretation of the results are plotted on Figure 2.28. 	 was concentrated over

a length of approximately two diameters close to the pile tip and was 10 times greater than

the average outer shaft friction, 	 . Residual stresses were not measured in this study

suggesting that even higher stresses may have existed at the pile toe.

One dimensional analysis of the pile plug was first performed by Stefanoff and Boshinov (1977)

who used the force equilibrium conditions of thin horizontal discs to compute plug capacity and

this approach was continued by Murff et al. (1990), Randolph et al. (1991) and Paik & Lee

(1993). The estimation of t is the main difficulty with different authors proposing active,

passive or I( stress conditions or empirical correlations with PLR. The analysis does not

account for dilatancy along the pile wall.
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FIgure 2.27 Effect of pile diameter and plug length on plug resistance

(Kishida & Isemoto, 1977)
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Figure 2.28 Internal and external shear stresses measured on a double skinned

model pile (Paik & Lee, 1993)
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Finite element analyses by Hight et al. (1996) using an elasto-plastic model showed that shearing

was concentrated in a thin band next to the pile wall and plug resistance was mobilised

progressively from the base upwards with increasing pile displacement as illustrated on Figure

2.29. Dilation dominated the process and a limiting value to the volumetric strains in the shear

zone had to be imposed using the Nova-Wood model (where dilation is related to strain level)

to allow the attainment of definable ultimate plug resistances.

A further consideration which has not been investigated is the three dimensional interaction of

stresses developed beneath the pile annulus due to local bearing capacity failure under the steel

pile walls. Stuart & Hanna (1961) investigated pile interaction effects in the laboratory with two

deep strip footings pushed into loose sand. Although this is a plane strain model it can be

considered analogous to the axisymmetric pile wall condition. Photographic studies revealed

interference between the footings during loading, causing the distorted bearing capacity

mechanisms sketched on Figure 2.30. The capacity of the two footings was more than twice that

of the single footing and increased with smaller spacings, foundation roughness and overburden

pressure, with a 10% increase at the maximum spacing of 10 breadths. The diameter to wall

thickness ratio of offshore piles is about four times greater (typically D/t=40; Paikowsky &

Whitman, 1990) but the three dimensional axisymmetric condition and higher sand densities

would probably increase the interaction effects.

The difficulties in estimating the stresses inside the pile, the dilatancy at the pile interface and

the three dimensional stress interaction effects beneath the pile annulus, make plug behaviour

a complex problem. At present it is difficult to predict the onset of plugging in full-scale piles.

(a)	 Rough foundation	 (b)	 Smooth foundation

Figure 2.30 Plane strain bearing capacity failure between deep strip foundations

(Stuart & Hanna, 1961)
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2.6.5 Design recommendations

The API RP2A (1993) recommendations state that the eaxth pressure coefficient K, should be

reduced from 1.0 to 0.8 in the calculation of t for open-ended piles. The likelihood of

plugging is assessed by assuming t = t for the complete pile length and comparing the

computed plug capacity and base bearing capacity, Q and Qb. as described in Section 2.6.1.

The maximum base capacity beneath open-ended piles, Qb. is assumed to equal that for closed-

ended piles The concentration of high t_,,, at the pile base, progressive mobilisation of plug

capacity, t,/t>1 and the dependence of plugging on pile diameter, roughness and sand

compressibility are not considered.

Toolan & Horsnell (1992) state that many confidential proprietary pile tests have been

conducted, all indicating that maximum end bearing can be mobilised by substantially shorter

plug lengths than those suggested by the API guidelines. In some cases the actual base

capacities were twice the calculated values.

From field evidence, the Japanese National codes (e.g. OCDI, 1992) consider all piles with

diameters smaller than 0.6m to be fully plugged during static loading, developing the same base

resistance as closed-ended piles (calculated from SPT correlations, Section 2.5.3). Unplugged

piles are expected to have between 60 to 80% of the base resistance of equivalent closed-ended

piles.

Analysis of a database of 34 load tests on full-scale, predominantly uninstrumented piles ( 85%

originating from Japan) led Hight et al. (1996) to similar conclusions. A trend of reducing

bearing capacity factor, Nq, with increasing diameter was observed as shown on Figure 2.31.

Plugging and bearing capacity failure similar to closed-ended piles were suggested for diameters

smaller than 0.7m. Larger piles were expected to fail through plug failure, or more probably

through excessive displacement in the sand plug. A computer programme was devised to

calculate plug capacity, modelling the plug as a series of thin elastic discs which compress like

friaxial specimens with simple shear occurring in an annular zone next to the pile wall.

Compatibility of radial strains in the sand core and the shearing annulus was imposed and a

limiting stress level at which dilation ceased was also specified. The simplified model reflected

the trends in behaviour observed in the field and laboratory investigations.



26

( IC)

2,

'5)

1.0 W

-I

27

('7)

a
0

p 0.5 50

U

a
0
U

V
45 _________

Dionitiir (mm)

36

(20)

7

• 31
(66)

30
•C70)

6	 34

7)	 (76)

36

33

32	 10

(i.․)	 (IC)

•39Lood Test N!
(623 — RIative Density 01 Tip (.1.)

'7

(se	 o
(62)	 461(60)

	

,,	 :SS,(62,	 46

50l(62).52 g('1)	 ('67)
-421(71) 49

	

(16,f(6T)	 p61)	 .S5!('lO)

$5)	
.53654
('62)

61

(''5)

Nq*

2.5 1-250

2 0 1-200

4

(p65)

1 5 J-. 150
	

* based onY':lO tiN/rn3

Figure 2.31 Ultimate N q against open-ended pile diameter (Hight et al., 1996)



62

2.7 CHANGES IN PILE CAPACITY WiTH TIME

2.7.1 Introduction

Changes in pile capacity immediately after driving due to the rapid changes in pore pressure

have been widely observed in clays (e.g. Morrison, 1984, Bond, 1989 and Lehane, 1992). In

high permeability sands, pore pressure equalisation is expected to occur within a matter of

minutes or hours and subsequent pile tests are assumed to measure long-term pile capacity.

However, the increasing use of dynamic testing has shown that long-term changes in capacity

are possible. The Author's static load tests on full-scale piles, five years after driving into dense

Dunkirk sand, revealed significant gains in shaft capacity, as described in Chapter 8. Increases

in capacity with time are commonly referred to as "set-up" or "freeze" and reductions as

"relaxation". This Section reviews case histories from the literature and other unpublished

archives and Table 2.4 lists the details from the major references.

2.7.2 Pile relaxation

Cases of short-term pile relaxation have been reported by Parsons (1966) and Yang (1970),

where lower blowcounts were recorded after intermissions in driving. Möller & Bergdahl (1981)

investigated this effect of "false refusal" in laboratory model tests, showing that pile driving in

fine sands can cause a momentary reduction in pore water pressure due to dilation. The

corresponding increase in effective stress can lead to high dynamic resistance.

Thompson & Thompson (1985) described dynamic tests at eight sites showing that lower

blowcounts and "apparent" relaxation during redriving can result from variations in hammer

efficiency. Real relaxation was only detected at two sites, both in the same area, where the piles

were founded on shale bedrock. George et al. (1976) and Samson & Authier (1986) describe

further cases of relaxation in piles founded on rock. Dynamic analyses identified the cause as

being reductions in base capacities.

Relaxation has also been found in piles installed in closely spaced pile groups (Davie & Bell,

1991 and York et al., 1994). This may be due to reductions in radial stresses or pile heave

during the installation of adjacent piles (Cole, 1972) as discussed in Section 2.8.
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Reference	 Location	 Soil Type	 Pile Type	 Statjcl Max. no.	 Results
Dynamic days after

__________ _______ __________ ______ teslmg driving _____________

Parsons (1966)	 New York,	 Sand & silt	 dc steel	 D	 105	 Reduction in blow-counts
USA	 after driving

Yang (1970)	 Various	 Claycy silt;	 Thnbcr &	 D	 41	 Changes in blow-counts
_______________ __________ dense, fine sand 	 steel	 after driving

Tavenas & Audy St. Charles	 M. dense, fine sand; Concrete	 S	 56	 Pile capacity increased
(19fl)	 River,	 k 10m/s	 70% in 20 days

Qu ___________

Thompson &	 S. Canada & $ sites,	 Steel H &	 D	 ?	 Real & apparent
Thompson (1985) NE. USA 	 glacial deposits	 c/c	 relaxation

Visser, van der 	 2 sites hi	 M. to y, dense sand o/e steel	 D	 1	 260% increase in
Zwaag &	 Dutch Sector with clay layers 	 1)-I 2m	 dynamic shaft resistance
Plumigraaff (1985) of N. Sea	 L-44m	 in 24 hours at one site

Samson & Autluer Jasper & 	 3 new sites: sand & Steel H;	 D & S	 51	 Set-up in sand; relaxation
(1986)	 Quebec,	 gravel; clay & till 	 steel c/c	 in piles founded on shale

Canada	 over shale

Ng, Briaud &	 Hunters	 Mediini dense sand Concrete 	 S	 100	 Increase 'in a, between
Tucker (1988)	 Point, San	 hydraulic fill	 load tests

Francisco

Skov & Denver 	 Denmark &	 4 sites:	 Concrete & D & S	 184	 Set-up at all sites,
(1988)	 Hamburg	 sand; clay; chalk	 steel	 _______ _______ particularly in chalk

Scidel, Haustorfer Barwon 	 V. loose - v.dense	 Concrete	 D & S	 535	 80% increase in capacity
& Plesiotis (1988) Bridge,	 fine to gravelly	 with tapered

Australia	 alluvial sand over	 toe
limestone

Wong (1988)	 Kuaia	 Soft clay over m. to Concrete 	 D & S	 262	 Large increases in shaft
Lwnpur	 dense sand & stiff	 capacity 'in clay and sand.

________________ ____________ clay layers 	 __________ _______ ________ ______________________

Fellenius, Edde & Hull, Quebec Clay, clayey silt, 	 c/c steel	 D & S	 45	 Set-up from pore pressure
Beriault (1992)	 dense sand & tilt 	 ______ dissipation.

HoIm (1992)	 Sweden	 27 friction piles in Concrete 	 D & S	 300	 Average - 54% set-up
silt & sand	 over 200 days

Astedt, Weiner & Orsa Sweden Loose - dense, fine - Concrete	 D	 64	 90% set-up. CAPWAP
HoIm (1992)	 medium sand	 10:1	 dynamic analyses. Grain

inclined	 studies.

York, Brusey,	 JFK mt	 M. dense, m-fme	 Mono-tube, D & S	 224	 -50% set-up after 20
Ckmente&Law Airport,NY, sandwithalayerof timber& 	 days,highermnhigh
(1994)	 USA	 clay & peat	 steel	 density sands. Relaxation

'in groups

Svinkin, Morgano Various sites Clay, saturated & 	 Concrete	 D & S	 132	 300% increase over 2
& Moevant (1994)	 unsaturated sand	 steel H &	 weeks hi unsat. sands,

c/c	 smaller for sat sands.

Bullock & Sch-	 USA	 4 sites.	 Concrete	 S	 270	 Shaft capacity increases.
merlmann(1995) ________ Sand, silt & clay _______ _____ _____ _______________

TOnIJInSOn (1996) Jamwia	 Loose-medium	 Concrete.	 D & S	 86	 Shaft capacity increases,
Bridge,	 dense, silty, medium One steel	 particularly on concrete
Bangladesh	 fine, micaceous sand tubular	 S	 270	 piles (-350% increase in

50 days).

Notes: c/c = closed-ended; ole = open ended.

Table 2.4	 Changes in pile capacity with time - case histories
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The implications of pile relaxation in the field are severe. Fortunately, only a small handful of

cases have been reported and these are limited to either (a) short-term relaxation due to pore

pressure effects, (b) piles founded on rock or (c) closely spaced pile groups. This suggests that

long-term reductions in the capacity of driven offshore piles in sand would not be normally be

expected'. However, the data does highlight the potential dangers in relying on driving

blowcounts to gauge pile performance.

2.7.3 Pile set-up

Cases of pile set-up in sands are more numerous and can be subdivided according to short-term

effects taking place immediately after driving (<24 hours), medium-term, occurring between I

to 100 days after driving and long-term set-up, extending over years.

Several cases of short-term increases in dynamic pile capacity after (or during intermissions in)

driving due to pore pressure dissipation have been reported, e.g. Visser et a!. (1985). The first

account of medium-term set-up was given by Tavenas & Audy (1972) for static load tests on

concrete piles installed in high permeability alluvial sand. An average increase of 70% was

measured during the first 20 days after driving, whereupon the trend became asymptotic as

shown in Figure 2.32(a). Similar rapid increases were recorded by York et al. (1994) and

Svinkin et al. (1994) for piles in saturated sand deposits, Figures 2.32(b) & (c).

Skov & Denver (1988) proposed a logarithmic relationship between rise in capacity and time,

suggesting coefficients for sand, clay and calcareous soils. However, the additional influences

of pile size, sand density and saturation have also been demonstrated by Svinkin et al. (1994)

and York et al. (1994). Svinkin et al. found a more pronounced and linear set-up effect for piles

in unsaturated sands, with a threefold increase in capacity over two weeks. HoIm & Astedt

(1995) confirmed set-up for piles above the water table but of similar magnitudes to piles

installed below the water table.

27 cases of long-term set-up were collected by Holm (1992) from dynamic testing records on

friction piles from around Sweden2. The average rise was 54% over 200 days (Figure 2.33).

Where piles are not subjected to cyclic loading or other extreme loading conditions.

2 The piles were driven, concrete, 235 or 270mm square, installed above and below the
water table, in deposits with insignificant carbonate contents and the results were
confirmed by 15 static load tests with agreement to ±25% (HoIm & Astedt,1995).
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The most recent case of long-term set-up was reported by Tomlinson (1996) for trial piles at the

Jamuna Bridge site. These were open-ended, steel, 762mm in diameter and 78m long, driven

into loose to medium dense micaceous sand. Tension and compression tests were performed 3

to 10 days after driving, revealing extremely low shaft capacities, around 30% of those expected

from CPT design methods. A tension test conducted nine months later showed that shaft

capacity had increased by a factor of 2.7 due to long-term ageing. Static compression load tests

were conducted on precast concrete piles for the approach road bridges to investigate the rates

of set-up. These indicated larger increases of 3.5 in 50 days, though shaft capacities were

deduced indirectly using Chin's (1970) method of analysis and are not as reliable as data from

tension tests. When asked, Tomlinson freely admitted that the strong long-term set-up effect was

unexpected and he was unsure as to the reasons behind it.

Like the Jamuna Bridge piles, most of the evidence points towards increases in shaft capacity

rather than base resistance:

• CAP WAP dynamic analyses (Goble & Rausche, 1980) show increases in shaft friction,

usually along the lower part of the pile (Astedt et al., 1992; Skov & Denver, 1988;

Samson & Authier, 1986).

•	 Bullock & Schmertmann (1995) measured shaft capacity increases in static load tests on

instrumented concrete piles installed at different sites with loose and dense sands, clays

and silts (Figure 2.34).

Ng et al. (1988) measured the radial stresses against a concrete pile installed in medium

dense sand, finding continuous increases in a'r between load tests, particularly at the

sensor closest to the pile toe (Figure 2.35).

Bearing Capacity (kN)

103

2000

1500

1000

0I_
0	 50	 100	 iSO	 200	 1K)

Time (days)

Figure 2.33 Long-term increases in pile capacity (HoIm, 1992)
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Several of the researchers postulated that set-up was caused by sand ageing effects with

references to the recent studies conducted by Mitchell & Solymar (1984), Mesri et al. (1990) and

Schmertmann (1991). Mitchell & Solymar noted that CPT resistances increased with time in

freshly densified hydraulic fills, postulating that this was due to the formation of silica acid gel

at the particle contacts creating a cementing effect. Earlier research by Denisov & Reltov (1961)

showed that this can occur over a few days. Mesri et al. and Schmertmann argued that the

effects of secondary compression or creep are greater, causing increased micro-interlocking

between particles and resulting in higher friction angles and stronger dilation on shearing. Over

geological timescales sandstones display a noticeable reduction in porosity and gain in strength

as the sand grains become flatter and increased interlocking takes place (Vaughan, 1993).

Investigations into the effect of ageing on interface shearing resistance of Dunkirk sand are

described in Section 5.3.7.

Until now, Astedt et al. (1992) appear to have been the only group to investigate the occurrence

of these effects, conducting preliminary studies on sand samples adjacent to "aged" piles. No

link between set-up and particle angularity was found and there were no indications of pressure

solutions or silica reprecipitation, though the authors noted that the latter may have been

destroyed during sampling and handling. They suggested that a change in the stress regimes

surrounding the piles could also explain the increases in shaft capacities but did not offer any

evidence to support this. No major study has drawn together all of the case histories reported,

or undertaken systematic trials or experiments into the effects of sand ageing around

displacement piles. Most piling experts still envisage that pile capacities in sand remain constant

after the dissipation of excess pore pressures a few days after driving. However, an 85%

increase in shaft capacity was measured between six months and five years after installation in

full-scale pile tests at Dunkirk, as described in Chapter 8.

2.8 INTERACTION EFFECTS DURING THE INSTALLATION OF PILE GROUPS

2.8.1 Background

The differences in behaviour between single piles and piles in a group arise from two sources:

(a) alteration of stress states, densities and sand grading during group installation and (b)

superposition of strains and changes in failure patterns due to the simultaneous loading of more

than one pile (O'Neill, 1983). Kezdi (1957) first demonstrated that pile groups in sand can
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possess a higher ultimate load than the sum of the individual piles (efficiency'>1) as illustrated

on Figure 2.36. Laboratory studies have been carried out on groups of small model piles to

examine the effects of sand density, spacing and group configuration on load capacity and

settlement (Fleming, 1958; Hanna, 1963 and Vesi#, 1974) but little attention has been directed

towards effect (a) and the influence of driving order. Some of the laboratory studies repressed

this by installing all of the piles simultaneously as one complete structure.

Increasing driving resistance during the field installation of a 24 pile group was noted by Kishida

(1967). However, the effect of the installation process on the static capacity of the first pile was

not measured.

The tendency of soil displacement during driving to cause pile uplift and lateral movements in

cohesive deposits has been well documented (e.g. Cooke, Price & Tarr, 1979; Hagerty & Peck,

1971 and Bell, 1984). Chow & Teh (1990) and Poulos (1994) attempt to model this using

cavity expansion and strain path techniques. The compaction of granular deposits results in

much lower and less harmful soil and pile movements (Hagerty & Peck, 1971) and these are not

considered to cause "detrimental effects" (Tomlinson 1994). However the potential changes in

stress regimes should not be overlooked.

The ICP experiments in dense Dunkirk sand described in Section 7.5 investigated the stress

changes induced during the installation of a neighbouring pile. The results may be compared

to the three notable pieces of research described in the following sections.

2.8.2 Walker (1964)

Laboratory tests were performed at the Building Research Establishment using 6.3 5mm diameter

model piles, which were strain gauged to measure pile head and base loads. Square groups of

16 or 24 piles, typically at a 4D spacing, were formed and the effect of installation order was

investigated. The results showed:

The residual pile base load reduced as subsequent piles were installed (Figure 2.37),

showing similarities to the later BRE field tests in London Clay (Cooke, Price & Tarr,

1979).

During group loading, individual pile behaviour was governed by base performance and

was strongly related to the order of installation. The piles installed first displayed a

softer load-displacement response and attracted a smaller proportion of the group load.

Efficiency (ultimate load of pile group)/(sum of individual pile loads).
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2.8.3 Cole (1972)

Cole documented experiences from five UK sites, involving predominantly cohesive deposits,

where driven, cast in situ piles with enlarged bases were constructed. The general findings were

also repeated in London where piles of O.5m diameter, = 6m long, were installed at 3D spacings

and founded in Terrace Gravel:

A trial pile was uplifted by between 3 and 9mm during the construction of four adjacent

piles. This mainly occurred during driving of the lining tubes as opposed to formation

of the enlarged bases or shafts. The magnitude of the uplift was related to pile spacing

and was measured on piles 6.5 diameters away. There was no apparent "masking effect"

due to other piles which had already been placed.

The uplifted pile displayed poor behaviour during static loading with softer load-

displacement characteristics and larger permanent displacements after unloading.

To reduce uplift effects a "Multitube installation system" was devised, whereby all tubes

within eight diameters of any particular tube were installed before the plug was driven

out to form the base. As observed earlier, base and shaft formation caused little

movement, therefore the uplift of constructed piles was reduced to less than 3mm with

significant improvements to loading behaviour.

A contract pile installed using this system exhibited "exceptionally good performance"

in static loading. Cole postulated that this could have been due to "the tightening up of

the gravel stratum by the forming of the piles".

2.8.4 Briaud, Tucker & Ng (1989)

Field load tests were performed on a single pile and a five pile group in medium dense sand at

Hunters Point, San Francisco. The piles were steel, driven and closed ended, 273mm in

diameter and 9.15m long. The group was installed at a 3D spacing and local strain gauges

provided the load distribution along the pile length. The measurements revealed the following:

•	 The average residual base load' after complete installation of the group was I OkN,

compared to 6lkN on the single pile (84% reduction).

During static loading the group displayed a high shaft efficiency of 1.83 but a low base

efficiency of 0.67. The overall group efficiency was 0.99.

The average base stiffness of piles in the group was lower than that of the single pile

and depended on order of driving (Figure 2.38).

Residual load was measured directly without rezeroing the strain-gauges.
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The results suggest that soil displacement and compaction during group installation resulted in

higher radial stresses and increases in shaft capacity. The authors attribute the low base

efficiency to "loosening of the prestressing under driven piles due to the driving of a new pile".

TEP	 VI? IIi.

(a)	 Base resistance

-. --
C	 .1	 .1	 .1	 .4	 .1

	

P114	 T ft.,.1

(b)	 Shaft resistance

Figure 2.38 Base and shaft resistances during the loading of a single pile and

pile group (Ng et aL, 1988)

2.8.5 Final notes

The three studies show that group installation can alter the stress states of pre-installed piles.

Driving order and pile uplift can affect base and shaft capacities of individual piles, influence

load-displacement behaviour and alter the distribution of loads within a pile group. The

resulting variation in stress conditions should be taken into account in pile design and numerical

analyses where interaction effects during loading are studied using strain superposition.
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However, relatively little research has been directed towards these effects and, at present, the

changes in stress conditions due to group installation can not be predicted.

2.9 CONCLUSIONS

This Chapter has described the fmdings of Lehane (1992) and shown how the instrumented pile

measurements at Labenne contradict many of the assumptions made in traditional pile design

methods. Chapters 7 and 8 describe the experimental investigations into pile behaviour in dense

marine sand at Dunkirk which examine:

•	 single pile behaviour,

•	 interaction effects during the installation of pile groups;

•	 the effects of time on pile capacity;

•	 plug behaviour and the development of base capacity in open-ended piles.

Chapter 9 assimilates the new results, developing improved design approaches for base and shaft

capacity in sand. Their applicability is validated for a new large database of high quality field

tests and their performance is compared to some of the traditional methods described in this

Chapter.
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CHAPTER 3

ASSESSING THE AXIAL CAPACITY OF PILES IN CLAY

3.1 INTRODUCTION

Most common design methods for the shaft capacity of piles in clay use simple empirical

correlations relating shear stress with soil parameters such as undrained shear strength, s,,, or

effective overburden pressure, a':

tf = cx s

= 3 avO

These are developed from the results of relatively small onshore pile tests and may not be

applicable when extrapolated to the very large piles used offshore. Research into the effective

stress conditions affecting shaft capacity has shown that shaft resistance is sensitive to factors

such as pile length, pile material, soil overconsolidation, clay sensitivity, interface angle of

friction and direction of pile loa.ding. The "a" and "ta" approaches are unable to account for all

of these parameters and, not surprisingly, independent studies have shown that their reliability

is relatively low (e.g. Briaud & Tucker, 1988; Tang et a!., 1990).

The Imperial College instrumented Pile (ICP) has been successfully tested at three clay sites in

the UK, allowing a clearer insight into the factors controlling soil behaviour during the phases

of pile installation, equalisation and testing. Soil types range between normally and heavily

overconsolidated deposits and high and low clay plasticities. This Chapter summarises the

results to date and describes the effective stress design approach developed by Lehane (1992)

on the basis of this new data. Bond's (1989) research at Canons Park included a trial pit

investigation to examine the effects of pile installation on the surrounding clay fabric. These

results and data from other clay fabric studies are described.

Lehane (1992) and Bond (1989) also assessed the applicability of numerical methods such as the

cavity expansion and strain path techniques for predicting pile shaft capacity. Their conclusions,

together with a brief account of the approaches, are summarised. Recent advances in the strain

path method are also described, concentrating on models which examine the differences between

open and closed-ended piles.
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The current empirical methods commonly used in the calculation of shaft and base capacities of

piles in clay are reviewed.

The Chapter concludes with a brief description of recent experiments conducted for (i) the Large

Diameter Pile Joint Industry Project and (ii) by the Norwegian Geotechnical Institute. These

involved a large number of high quality tests on large-scale, open and closed-ended, driven steel

piles in a variety of soil conditions. The ICP tests described in Chapter 6 were conducted in a

lightly overconsolidated low plasticity clay-silt at the Pentre site in Shropshire which was

common to both the LDP and NGI programmes. The new investigation allowed unresolved

aspects of pile behaviour at this site to be re-examined and the results from the three research

programmes to be linked.

3.2 iMPERIAL COLLEGE PILE TESTS

3.2.1 Background

Experiments with the ICP were undertaken by Bond (1989) and Lehane (1992) at the Canons

Park, Cowden and Bothkennar sites listed in Table 1.1 and located in Figure 1.4. The pile was

essentially the same as that described in Chapter 4, capable of measuring axial load, pore

pressure, radial total stress, local shear stress and temperature at different points along the pile

shaft. Notable differences include the use of only three instrument clusters (a fourth cluster was

added in the current series of experiments), a maximum installation depth of 6.5m and the

execution of undrained load tests with pile failure being reached in less than two hours.2

Comprehensive site investigations and laboratory testing studies were carried out at each site.

The following sections describe the trends observed during pile installation, equalisation and load

testing. Section 3.2.5 gives details of additional studies at Canons Park including an examination

of the differences between driven and jacked piles and the resulting changes in soil fabric.

Further clay fabric studies are described in Section 3.2.6.

Four clusters were also initially used in Jardine's pilot test at Canons Park.

2 Except at Bothkennar where a drained load test BK2(2)IL2C was conducted over 24
hours.
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3.2.2 Installation

(a)	 Shear and radial total stresses

Showing striking similarities to the results from ICP tests in Labenne sand (Section 2.2), the

installation radial total stresses (a r) and local shear stresses (tJ measured at the three clay sites

displayed a dependence on:

(i) Soil consistency: the a, and t measurements reflected the profiles of CPT end

resistance (q), undrained shear strength (s e) and pressuremeter limit values (Pi,m)•

(ii) Relative location of the pile tip (h'R): the greatest values of a, and t at any particular

soil horizon were measured close to the pile tip and reduced with increasing pile

penetration.

These trends are summarised on Figure 3.1 where a is normalised by qb, the pile end resistance

during installation (comparable to qj, and plotted against hJR, the normalised height above the

pile tip. A clear reduction of afl/q with increasing h/R can be observed. At the pile tip the

steady undrained penetration of a closed-ended pile can be considered analogous to an expanding

spherical cavity with	 q. Behind the tip the normalised stresses reduce rapidly so that

Pi,rn at h/R 3, where p1m is the stress required to expand a cylindrical cavity. Smaller

reductions, dependent on the soil type, continue along the pile so that at h/R=50, a is 3 to 10

times lower than q,. At Labenne the ratios of afl/q were much smaller due to very high q,

measurements in the free draining particulate sand.

The local shear stress, t,, measured during installation at Cowden and Canons Park exhibited

marked dependence on the rate of jacking, reducing by over 40% as the rate was reduced from

500 to 80mm/mm. In contrast, jacking rate had no noticeable effect on the radial total stresses

and rate effects at Bothkennar were minimal.

(b)	 Pore pressures

In general, the local pore pressure changes during installation echoed the trends in a 17 , being

related to the local soil consistency and reducing with increasing h/R.

During each jack stroke pore pressures reduced, regardless of whether the clay was dilatant

(Cowden till and London Clay) or contractant (Bothkennar clay). As the jack force was

removed and the pile came to rest, pore pressures rose rapidly to positive excess values. The

inferred values of radial effective stress during pile movement were high and the corresponding
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Figure 3.1	 Mean variations in normalised radial total stress with normalised

height (Lehane, 1992)

inferred angles of friction, E, = tan' (t 1/'), were low. The latter were anomalously lower than

those measured during pile load tests or in ring shear interface tests. Lehane (1992) concluded

that the unusual pore pressure measurements were attributable to the location of the shear band

a short distance from the pile shaft and that the measurements were not representative of

conditions at the shear surface.

Pore pressure changes may be considered in terms of excess pore pressures where these are

compared to ambient conditions, u, = u , - u0 . Lehane (1992) showed that the undrained

response consists of the sum of three components:

= Ills + U1 , +

where u. is the increase in total stress due to pile penetration, Ush is the shear induced change

in pore pressure (negative for dilatant soils and positive for contractant soils) and u is the

cumulation of pore pressures due to successive shearing cycles.
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(c) Radial effective stress

Local radial effective stresses during installation, a',,, were found to valy with soil type. At

Bothkennar, the installation earth pressure coefficient K, (=a'1a',) was always lower than initial

free field K0, i.e. pile installation in this normally consolidated sensitive soil caused a highly

contractant response. In contrast, the overconsolidated Cowden till and London Clay gave

K,>K0.

(d) The hIR effect

As described in Section 2.2.2, reductions in local radial and shear stresses and pore pressures

along the pile shaft were evident in the ICP tests in sand. This feature recurs in clays, appearing

in the fully equalised and load testing results as well as the installation measurements described

earlier. Stress-wave analyses of large-scale open-ended pile driving data by Randolph (1993a)

revealed a similar degradation of local shear stresses along the pile length as shown later in

Section 3.6 and Figure 3.26. Strain Path Method (SPM) modelling of deep, steady, undrained

pile installation (see Section 3.4.2) suggests that the stresses decay as a function of the

normalised height above the pile tip, or h/R, where h is the height and R is the pile radius. For

this reason, Bond & Jardine (1991) termed this the "hIR effect".

The reduction in average shaft resistance with increasing pile length is widely recognised as

described in Sections 3.5 and 2.3 and this characteristic probably results from the decay in local

stresses along the pile shaft. Four possible explanations for the local reductions in K are

illustrated schematically on Figure 3.2:

(a) Free surface effects causing a reduction in stress levels at the ground surface:

Instrumented field tests in London Clay by Cooke et al. (1979) showed that at pile

penetrations of less than 40R, the volumes of clay displaced by the pile tip were

accommodated by vertical soil heave. At greater penetrations displacements became

predominantly radial. This change in the mode of soil displacement may affect the

magnitude of the stresses developed at different locations along the pile shaft. However,

most of the ICP tests were installed from the base of starter boreholes, around 2m deep

(40R), and the piles were typically installed to 6m (120R), rendering free-surface effects

minimal.

(b) Lateral pile movements or pile "whip" at the pile head creating an enlarged hole and

the loss ofpile-soil contact (also known as "gapping': Tomlinson (1970) reported the

formation of an enlarged hole around the upper O.7m (8R) of a pile driven into London

Clay. Trial pits revealed a discontinuous gap, up to 2mm wide, which would hae
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Figure 3.2	 Possible reasons for the local decay In stresses along the pile length
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reduced the local stresses developed in this region. However, gaps were not detected

in the trial pits excavated at Canons Park by Bond (1989) where piles were driven and

jacked into London Clay from the base of 2m deep starter boreholes. The smooth

jacking process involved in the installation of the ICP piles involves minimal lateral

movements and hence less likelihood of hole enlargement. In addition, the local stress

measurements show that the stress decay follows a power law relationship of the form

h/Re (where n is a constant dependent on soil type), with the greatest rates of stress

decay (dcs',/dh) occurring close to the pile tip.

(c) The soil's stress history as it is displaced around the region of high stresses at the

penetrating pile tip: Laboratory model pile tests in sand by Nauroy & Le Tirant (1983)

showed that at a short radial distance from the pile the highest radial stresses are

experienced just before the pile tip passes that particular soil horizon, and as the pile

descends further, the stresses reduce (see Section 2.6.3 and Figure 2.24). Similar stress

changes were measured in the Author's field interaction studies at Dunkirk (Chapter 7).

The h/R dependence was also predicted in SPM analyses, though notably not in the

Cavity Expansion Method (CEM) models (see Section 3.4). The process of pile

installation involves a stress controlled boundary at the pile tip, but a displacement

controlled boundary along the pile shaft. Once the tip has passed, the soil elements

become passive, with the pile supplying the stress required to prevent the soil from

collapsing inwards. These observations suggest that explanation (c) is the most likely

cause of the h/R effect. However, the stress reductions measured in the ICP field tests

were greater than those predicted by the SPM analyses, suggesting that load cycling

experienced during practical pile installation (described below) may add to the stress

decay.

(d) Cyclic stress decay due to the successive loading cycles experienced by a particular soil

element during pile installation: Figure 3.3 shows typical effective stress paths followed

by single soil elements at Cowden and Bothkennar where successive undrained shearing

cycles during jacking caused progressive reductions in local radial effective stress and

peak shear stress.' The free-draining Labenne sand displayed a similar response and a

stronger reduction in stresses along the pile shaft (Figure 2.3) with the h/R exponent n=

-0.33 compared to n -0.2 for undrained installation. The cyclic stress decay may result

from the shear and normal stress changes developed during each jacking or driving

The measurements have been corrected for the anomalous pore pressure measurements
recorded during fast jacking.
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Figure 3.3	 Effective stress paths measured by the ICP during installation

cycle. Factors that may contribute include (I) partial drainage during pile installation

(although the ICP pore pressure measurements indicated practically undrained

installations in the cohesive deposits); (ii) destruction of the natural soil fabric in

sensitive clays; (iii) a tendency for the soil structure to collapse as the major principal

stress directions are rotated cyclically as demonstrated in hollow cylinder experiments

by Symes et al. (1988) (see also Section 2.2.5(b)).

The factors affecting the hJR effect were investigated as part of the ICP research programme at

Pentre, described in Chapter 6.
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3.2.3 Equalisation

(a) Radial total stress

Simple plane strain analyses involving linear-elastic isotropic soil models suggest that radial total

stresses should not change as pore pressures equalise after pile installation. However, radial total

stresses reduced at all three sites, with the largest proportional reductions occurring at

Bothkennar. This is due to the plastic yielding zone around the pile shaft which interacts with

the surrounding zone of higher stilThess material.

(b) Pore pressures

The following pore pressure changes were noted during equalisation:

At Cowden and Bothkennar a very sharp increase in pore pressure was measured

immediately after installation, followed by a steady decay. The initial rise was attributed

to low pore pressures at the pile wall and the location of the shear surface a short

distance away.

•	 The rate of pore pressure dissipation varied along the pile shaft and was greatest close

to the pile tip where spherical as opposed to radial pore water flow can take place.

No readings of pore pressure were taken remote from the pile wall. However, the

degree of pore pressure dissipation was well matched by strain path analyses (described

in Section 3.4.2), inferring accurate predictions of initial excess pore pressure

distributions. These were similar for the two sites, despite the differences in soil

overconsolidation and stiffness, indicating that excess pore pressures extended to 20R.

Curve matching with published solutions allowed estimates to be made of the operational

average values of permeability (kh) and radial coefficient of consolidation (c1h).

(c) Radial effective stress

Changes in radial effective stress can be studied in terms of the set-up coefficient KJK = (a'r/a')

as shown on Figure 3.4. The following trends were noted:

At Cowden a dramatic short-term minimum in a' was measured, followed by a large

long-term increase. Short-term static pile load tests at Cowden confirmed that the

reductions in a'1 corresponded to lower shaft capacities. A similar but much smaller

reduction was measured at Bothkennar.
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Figure 3.4	 Changes in radial effective stress during equalisation

• Final equalised radial stresses (a'rc) at Bothkennar were about three times higher than

those immediately after installation, indicating a large positive overall set-up. At

Cowden and Canons Park the changes were smaller and variable with some instruments

indicating set-up and others, relaxation.

• showed similar trends to a,,, being dependent on soil consistency and h/R. The

relaxation coefficient.' KC/HI, was surprisingly constant for all instrument locations,

being 0.75±0.1 at Cowden and 0.44±0.04 at Bothkennar.

•	 K was greater than K.0 at all hfR values in all three cases, with the differences increasing

systematically with YSR.2

KJH, = (a-u)/(a,,-u0)

2 Yield stress ratio is the ratio of vertical effective yield stress to in situ vertical effective
stress (YSR = a',Ja') and is often referred to as the apparent overconsolidation ratio.
Ageing and chemical weathering can result in a' measured in oedometer tests exceeding

mix experienced during mechanical loading and indicated by its geological history.
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3.2.4 Load testing

(a) Mobilisation of shear stress

Figure 3.5 shows how the normalised local shear stress (t,J mix) developed with local shaft

displacement. Bothkennar showed the softest and most non-linear response, reaching a peak

after 4mm, compared to only 1mm at Cowden.

The London Clay displayed highly brittle behaviour and large post-peak reductions in strength

with important implications for piles which fail in a progressive manner. Figure 3.6 displays

the effect of progressive failure for long compressible piles which undergo large elastic shaft

deformations near the pile head before the local stresses close to the pile base are fully

mobilised. In brittle soils such as London Clay, the large displacements are accompanied by

reductions in local shear stress and the average shaft resistance reduces with pile length (Kraft,

1981; Randolph, 1983).

At Cowden and Bothkennar the pile responses were softer in tension than in compression tests,

probably due to the anisotropic soil fabric created during pile installation. No such difference

was observed in the London Clay.

(b) Effective stress paths

Normalised effective stress paths for a soil element adjacent to the pile wall during loading are

displayed in Figure 3.7 where the local shear stress (t,) and local radial effective stress (a'1) are

normalised by a', the radial effective stress at the end of equalisation. This shows:

•	 Local shaft failure obeys the Coulomb failure criterion: r = a' tan ö1

•	 The peak interface angle of friction at failure (ö) varies widely with soil type, ranging

from 12° in London Clay to 29° in Bothkennar clay. This showed good agreement with

laboratory interface ring shear tests where the stress levels, pile interface roughness,

shearing histories and shearing rates experienced in the field were imitated.

At all three sites a', reduced during loading, generally reaching minima at peak r.

The relative reduction in radial effective stress during loading, expressed as K/}(1

(=a',/a',3, was not significantly influenced by soil type, falling between 0.8 and 1.0 in

all cases. A slow drained load test at Bothkennar gave the same result showing no

variation due to drainage.

•	 Larger reductions in a', were seen in tension loading, probably as a result of the

anisotropic soil conditions produced during pile installation.
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Figure 3.7	 Normalised effective stress paths during loading

Large post-peak reductions in t were observed in London Clay due to the reduction

in interface shearing angle towards residual values. Trial pits confirmed the formation

of shear surfaces possessing a high degree of particle alignment.

3.2.5 Additional studies

Comparative tests between driven piles and piles installed by jacking at different rates were

conducted at Canons Park yielding the following results:

• There was no difference in the shaft capacities of driven and jacked piles where both

were installed at a displacement rate of 500mm/mm. Following these results, this was

adopted as the standard rate of jacking for all IC? installation.

• Slow jacking at 80mm/mm reduced the static shaft resistance by 54%. The pile

instruments measured a lower peak interface angle of friction at failure of 6=8°

compared to 6 130 for the standard-jacked pile. These values reflected those from

laboratory ring shear interface tests at the same rates of shearing. A trial pit confirmed

a smooth, highly polished shear surface 1mm from the pile shaft.
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•	 A trial pit excavated next to the driven pile revealed more turbulent deformation and a

discontinuous shear surface.

Samples were taken from the trial pit to measure the radial variations in water content, shear

strength and soil suctions.' Some of the samples were impregnated with carbowax and thin

sections were prepared, enabling the soil fabric to be studied.

The zone of disturbed clay extended to 4 radii from the pile centreline. Contrary to Karlsrud

& Haugen's (1985) interpretation of Haga clay, 2 the clay was not severely remoulded but

showed systematic distortion with strong particle orientation and near vertical potential shear

surfaces at the pile wall, reducing to a horizontally aligned fabric remote from the pile.

No clear variations in water content or pocket penetrometer shear strength values were found

but the mean effective stress (p') at the pile wall was four times greater than the in situ free-field

value (p'0) and reduced in the radial direction. Bond & Jardine (1991) showed that this only

corresponded to 30-40% of the critical state values, indicating that the London Clay was still in

an overconsolidated state after equalisation. The slow -jacked and driven piles gave the same p'

measurements, indicating that the stress regimes were independent of installation method which

only influences the magnitude of .

A study into the ring shear behaviour of North Sea soils and other UK clays has enabled the

proposal of tentative trends between interface friction angle and clay plasticity index (P1) as

shown on Figure 3.8 (Jardine & Ridley, 1992; Bond et al., 1992). Note, however, that

Bothkennar clay with PF=20% (after the removal of the organic content) gave far higher angles

than those anticipated. This was attributed to the large proportion of rock flour in the clay

(Lehane & Jardine, 1992) and demonstrates the importance of conducting site-specific ring shear

tests using the appropriate interfaces, stress levels, shearing history and rates of displacement,

rather than relying on the inferred trends.

Soil suction measurements allowed the mean effective stresses around the piles to be
determined.

2 Examination of the Haga data b) Bond & Jardine (1991) showed that in fact the Haga
clay was systematically distorted and showed the same features as the Canons Park
samples.
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3.2.6 Clay fabric studies

The investigations into the clay fabric carried out by Bond (1989) were, in part, spurred by the

previous studies at Imperial College by Martins (1983) and Kitching (1983). Martins obtained

thin sections from the clay surrounding laboratory model pile tests, revealing a large number of

discontinuous parallel vertical shear surfaces around driven piles (installed at 1000mm/mm)

compared to a single continuous principal displacement shear around a very slow-jacked pile

(4mm/mm) as shown in Figure 3.9. The shear distortion reduced with radial distance from the

pile, extending to r/R=2, where r is the radial distance from the centre of the pile. Both piles

indicated that shearing occurred in the soil mass, a short distance from the pile surface. Smaller,

discontinuous Riedel shears were observed, inclined at 1O150 to the vertical. Finite element

modelling of the pile tests indicated that the stress characteristics around the pile shaft were

orientated in similar directions, leading Martins to the conclusion that the Riedel structures were

coincident with the stress characteristics.

In the analysis of shear box tests, Skempton & Petley (1967) showed that Riedel shears are

formed at, or just before peak shear resistance and lie en echelon to the shearing direction. Post

peak, a point is reached where the shear displacement can not be accommodated by slip along

the Riedel shears causing the development of "displacement shears" parallel or subparallel to the
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direction of shearing. These eventually connect to form one undulating principal displacement

shea?' which flattens with further shearing. Pany & Swain (1977) used this mechanism to

describe the formation of a displacement shear adjacent to a pile as illustrated on Figure 3.10.

This is based on the assumption that such a shear surface does not form during pile installation.

The ICP tests at Bothkennar and Pentre (the latter described in Chapter 6) also suggested

shearing in the soil mass, with the extracted piles covered with a layer of strongly adhering clay.

The occurrence of similar adhering clay layers have been reported widely by, amongst others,

Koizumi & Ito (1967), Tomlinson (1970) and Reese (1990).

Details from case histories reported in the literature documenting the formation of adhering clay

layers or trial pit investigations have been collated by the Author and are summarised in Table

3.1. These suggest that soft, normally or lightly overconsolidated clays are more likely to form

a principal displacement shear some distance from the pile shaft.

3.3 DEVELOPMENT OF THE IC APPROACH FOR SHAFI CAPACITY 1T CLAYS

The insight into pile behaviour provided by the ICP tests allowed Lehane (1992) to develop a

new tentative effective stress design method for the shaft capacity of closed-ended piles in low

permeability clays. The pile tests at Pentre, described later in this Thesis, investigate the

applicability of this method to piles installed in relatively permeable, laminated clay-silt where

strong partial dissipation occurs during installation. Examination of the stresses developed on

the larger diameter LDP and NGI piles allow the effects of scale, end condition and driving to

be assessed, enabling the ICP results to be applied to the full-scale offshore condition.

3.3.1 Framework for design

Following the effective stress path behaviour displayed in pile load tests, the Coulomb failure

criterion was adopted:

tf	 tan 8
	

Equ 3.1

can be measured in ring shear interface tests where the appropriate stress levels, interface

characteristics and shearing history are modelled. The ICP tests showed that local 8 reduces to
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its ultimate value after local pile-soil displacements of 5mm or less. The capacity of short rigid

piles is dominated by 6, while long compressible piles fail in a progressive manner,

mobilising 8 over most of their length. In the latter case can be adjusted to account for

these changes using t-z or finite element analyses to assess the degree of progressive failure.

The O',f term in Equation 3.1 may be expanded to show the stress changes taking place during

the various phases of pile installation and testing:

(a-u)	 0 rc	 °Tf—ataflôf
a	 (a-u) o

1K1 IKfl
= 

[Hi] [-i] [ij 
° vO tan8f	 Eqn 3.2

Since a' is known and the ICP tests showed a lower bound of K/I(=O.8, only the terms H1 and

K/H1 require further investigation.

3.3.2 Correlations for radial effective stress changes

In order to develop correlations for these parameters, Lehane (1992) supplemented the ICP

results from Canons Park, Cowden and Bothkennar with those gathered from instrumented

displacement pile tests at nine other sites. Full details of the pile tests and soil conditions are

given by Lehane and are summarised in Table 3.2 below.

(a)	 Normalised radial total stress after installation, H1

The ICP tests indicated that H1 is dependent on clay overconsolidation ratio or yield stress ratio

(YSR) and h/R and this was confirmed by the additional data as shown in Figure 3.11. The

following correlation was found for 3^hIR^95 (with a correlation coefficient r2 = 0.86 for 110

datapoints):

1-1 3.92 YSR° 42 (JTO2	 Eqn 3.3



h/R ' 20

U

97

Clay	 L	 D	 P1	 LL	 LI Apparent s,, Reference
(m) (mm) (%) (%) (%)	 YSR (kPa)

Cowden	 6.4	 102	 19	 38	 -0.2	 10	 110 Lehane (1992)

Bothkennar	 6.0	 102	 40	 65	 0.7	 1.7	 17 Lehane (1992)

London	 6.0	 102	 45	 75	 0.0	 30	 100 Bond (1989)

Boston blue	 40	 38	 22	 43	 1.0	 1.5	 45 Morrison (1984)

Empire	 75	 38	 52	 80	 0.3	 1.6	 80 Azzouz & Lutz (1986)

Gault	 9	 80	 48	 75	 0.0	 20	 135 Coop (1987)

Huntspill	 9	 80	 35	 65	 1.0	 1.6	 30 Coop (1987)

Gt.Yarmouth	 9	 80	 28	 51	 1.0	 1.7	 25 Coop(1987)

St. Alban	 7.6	 219	 18	 42	 3.2	 2.2	 25 Roy et al. (1981)

Haga	 5.2	 153	 15	 40	 1.0	 5	 65 Karlsrud & Haugen (1985)

Tokyo	 5.6	 300	 55	 100	 1.0	 6	 30 Koizumi & Ito (1967)

Rio de Janeiro 6.7	 220	 60	 125	 1.6	 1.8	 8	 Soares & Dias (1990)

Table 3.2	 Pile types and soil conditions from Lehane's database
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Figure 3.11 Correlation of H with YSR
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(b)	 Relaxation coefficient, KjH1

No variations in KC/HI were observed along the length of the ICP, though very different values

were measured at different sites with similar YSR values. Analytical studies suggested that this

was due to differences in clay sensitivity. Lehane considered that sensitivity could be expressed

most satisfactorily using Burland's (1990) framework for intrinsic clay properties, described

below and in Section 5.2.5.

intrinsic void index

Burland noted the differences in natural intact and reconstituted clay behaviour which arise from

the effects of soil structure. He showed that the compression curves of reconstituted clays of

different plasticity can be normalised to a single Intrinsic Compression Line (ICL) through the

use of a void index,' I*:

=	 - e*,j/C* = Intrinsic void index

where	 e* = intrinsic void ratio

e* 100 = intrinsic void ratio at a', = lOOkPa

= intrinsic compression index

This may be determined through oedometer tests on soil reconstituted from a slurry at a water

content of 1 .25 times the liquid limit. Alternatively, correlations with the clay's liquid limit are

offered as described in Section 5.2.5(b).

The in situ void index of the intact natural material may also be evaluated: 1 c = [e0 -

Soil sensitivity in one dimensional compression can then be estimated by comparing the in situ

(l,) and intrinsic ( I,) void indices at a,0.

= 1 - I * = [e0 - eo*/C*vO	 1v0 1v0

log (S/YSR) at low YSR's

Figure 3.12 plots the in situ void indices, 1, in relation to the ICL for the clays listed in Table

3.2. Soils which lie above the ICL are classified as sensitive, and will undergo a reduction in

void ratio when disturbed. In contrast, samples existing below the ICL are usually

Following Burland's notation, asterisks denote the intrinsic property of the reconstituted
soil. Note that this differs from the notation used by Lehane (1992), where IV*=IV_[l,],CL.
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overconsolidated and relatively insensitive. This framework enables unusual cases to be

identified. For example, Haga is an overconsolidated but sensitive, leached Norwegian Clay and

plots above the ICL with the normally consolidated clays.

A clear trend for Kg/H, to reduce with increasing 4M was observed as shown on Figure 3.13.

The following correlation was derived:

K/H = 0.53 - 0.16 A1	 Eqn 3.4

(c)	 Equalised radial effective stress coefficient,

Equations 3.3 and 3.4 can be combined to produce the following correlation for K,:

K, = H, [K,/H,] = 3.9 YSR° 42 (hfR)° [0.53 - 0.16 AI]	 Eqn 3.5

Figure 3.14 illustrates the dependence of K, on YSR and clay sensitivity. Equations 3.3 and 3.4

may be substituted into Equation 3.2 to complete the expression for tf.
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3.3.3 Pore pressures

The pile tests also showed interesting trends for the pore pressure changes. Figure 3.15 shows

that the maximum excess pore pressures developed shortly after installation increase with YSR

and are higher close to the pile tip at small hIR. Lehane showed that the maximum excess pore

pressures developed shortly after installation in clays with YSR^1 0 could be described:

iU1	 / vO = 3.1 YSR° 5 (h/R)° 2	Eqn 3.6

Figure 3.16 shows that a log-log relationship exists between t, the time required for 90% pore

pressure dissipation, and pile diameter. Only instrument readings from hIR^12 are plotted

because of the strong three dimensional consolidation characteristics at the pile tip. Lines of

constant ci,, (coefficient of horizontal consolidation) were constructed adopting a time factor of

T=130 at t, as predicted by linear consolidation analyses for closed-ended piles.' c,, falls

within the narrow range of 0.3 to 3.Omm 2/s (10 to 100m2/yr) for all of the materials in the

database.

By Levadoux & Baligh (1980) and Houlsby & Teh (1988) using initial pore pressures
calculated from SPM analyses. T = 4cth t'D2.
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Figure 3.16 Time for 90% pore pressure dissipation

3.4 NUMERICAL PREDICTIONS

The ICP tests have shown that the local shaft resistance developed during pile loading is

dependent on the stress changes induced during pile installation. Therefore, a primary objective

of any numerical analysis of pile behaviour should be the accurate prediction of the stress

regimes at the end of installation and equalisation. Pile installation is difficult to model and

beyond the capabilities of most finite element methods due to the intense stress gradients, large

strains and rapidly changing boundary conditions involved. Two approximate theoretical

approaches, the Cavity Expansion Method (CEM) and Strain Path Method (SPM), have been

developed to simulate this process for closed-ended piles.

Modelling the installation of open-ended piles presents further problems due to the uncertainties

in plug behaviour. This is highly dependent on the shearing characteristics at the pile-soil

interface and the dynamic response under driving, neither of which are taken into account in the

CEM or SPM models.

This Section gives a brief description of the CEM and SPM methods and the conclusions of

Bond (1989) and Lehane (1992) who compared the predictions with ICP measurements. The

comparative analyses of open and closed-ended pile behaviour are reviewed.
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3.4.1 Cavity Eipansion Method

Just as the penetration of a pile tip can be compared to the expansion of a spherical cavity, the

installation of the pile shaft, away from the influence of the pile tip or ground surface, has been

considered analogous to an expanding cylindrical cavity (Butterfield & Bannerjee, 1970).

Hence, the radial stresses developed during pile installation, a,, p, the pressure required to

expand a cylindrical cavity. The latter can be predicted using closed-form solutions, finite

element solutions or in situ pressuremeter tests which measure p directly.

Pressuremeter tests were conducted at all three ICP clay sites and measured values of p are

normalised by pile base resistance (q,,) and compared with the ICP a', measurements in Figure

3.1. Only the stresses at hIR 3 are matched, with the p11w values greatly overpredicting the

stresses remote from the pile tip, particularly in the highly overconsolidated London Clay where

the stress degradation is most pronounced. Excess pore pressures after installation were also

overpredicted. As shown in the next Section, the soil experiences complex strain paths as it

flows around the pile tip. The one dimensional monotonic expansion assumed in CEM theories

provides a poor analogy to real pile installation.

3.4.2 Strain Path Method

The SPM was developed by Baligh (1985) who observed that laboratory simulations of deep pile

installation displayed similar soil deformations, regardless of soil type. Therefore, estimates of

soil deformation could be made independently of the shearing characteristics of the soil.

The deep undrained penetration of a simple pile in clay can be modelled using a stationary point

source at the tip which steadily discharges an incompressible material into a field of upward

flowing soil. The soil is modelled as an ideal, incompressible, inviscid, irrotational fluid, which

flows around the point source. Potential theory is used to calculate the streamlines which can

be used to determine the strain paths of the soil. These can be converted to the corresponding

stress changes with the application of a suitable constitutive soil model. The MIT-E3 model

(Whittle, 1987) accounts for many of the factors affecting pile installation such as anisotropic

hardening, brittleness, small strain non-linearity and plastic strains pie-yield.
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Figure 3.17 Strain paths followed by soil elements during the penetration of a

simple pile (Baligh, 1985)

The simple pile has a ovoid tip but cones of different acuteness can be studied by superimposing

further sources and sinks. A simple open-ended pile or sample tube can be modelled using an

annular ring source.

Figure 3. 7 displays the strain paths for soil elements at different radial distances from the

centreline of a simple pile. SPM predicts that:

•	 The maximum vertical strains are experienced while the soil element is directly beneath

the pile tip.

•	 Large cylindrical expansion occurs as the pile shoulder passes the soil element.

•	 Vertical and simple shear strains are not monotonic but reverse after the pile tip has

passed.
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Some limitations of the SPMIMJT-E3 calculations are listed below:

The predicted strain fields are estimates only; the assumption that soil strains are fully

independent of the shearing characteristics of the soil results in the violation of some of

the requirements for stress equilibrium. A particular problem is developed close to the

pile wall where the condition of irrotationality for ideal fluid flow implies that the pile

is perfectly smooth.'

The SPM assumes that the pile is installed in one continuous undrained action whereas

in reality pile installation is a cyclic process. Partial equalisation may also occur in

more permeable soils.

The MIT-E3 soil model does not account for the soil's strain rate dependence, sensitivity

or the possible formation of residual shear surfaces. 15 soil parameters are required,

three times as many as the simplest Modified Cam Clay model, and selection of these

requires sophisticated laboratory tests and some skill.

SPMIMIT-E3 analyses were conducted to predict ICP behaviour in the low YSR clay at

Bothkennar. The results revealed the following:

(i) The predicted stresses were very sensitive to the soil parameters chosen. Pile behaviour

was poorly predicted using the results from triaxial tests on intact samples whereas

better agreement was achieved using parameters for partially destructured clay derived

from samples consolidated to 1.75 times their initial yield stress following the

SHANSEP procedure of Ladd & Foott (1974).

(ii) As shown on Figure 3.1, the analyses did model the very large reduction in a, measured

within the lower =5 radii of the pile tip. However, beyond h/R>5 the predicted decay

in was smaller than that measured and practically ceased at h/R 15. In contrast, the

ICP measurements indicated stress reductions continuing to the highest instrument

location at hIR=60.

(iii) The soil parameters from the SHANSEP tests resulted in a 20% underprediction of the

installation stresses (H,) remote from the pile tip (h/R^30).2

Three strategies have been suggested to overcome this problem: (i) only use the results
for the regions where the equilibrium errors are small (ii) apply algorithms which reduce
the errors or (iii) eliminate the errors by using the SPM solutions as the initial conditions
for finite element analyses (see Sagaseta et al., 1995).

2 This contrasts with Figure 3.1 which shows that the predictions for normalised a,,/q are
greater than the ICP measurements, implying that %, (or a at hIRO) was
underpredicted.
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(iv) The coupled consolidation analyses were reported to give good predictions for the decay

of pore pressures and total stresses during the equalisation period.

(v) The predicted degree of stress relaxation (H/H 1) during equalisation was slightly less

than that measured, compensating for the I-I, underprediction in (iii) and resulting in

good agreement with K.

(vi) Loading behaviour was not well modelled. The MIT "simple shear" analyses predicted

strong pre-peak reductions in a', which continued after local shaft failure; no allowance

was made for the development of a principal displacement shear at, or near, the pile

wall. This resulted in a 30% underprediction of peak shear stress.

Despite the above comments, the Strain Path Method offers a very useful tool for exploring the

factors affecting the stresses developed during pile installation. A parametric study by Lehane

(1992) using SPM!MIT-E3 analyses for five clays of varying YSR identified the same trends in

K and K/H1 exhibited by the instrumented field tests (Section 3.3.2). However, the SPM does

not yet offer a reliable tool for practical pile design.

3.4.3 Differences between open and closed-ended piles from SPM analyses

Very lit-tie is known about the differences in the effective Stress regimes created around open and

closed-ended piles and this was one aspect of the research described in this Thesis. SPM

analyses allowed the differences to be examined theoretically.

Chin (1986) and Baligh et al. (1987) examined the strains induced due to the penetration of a

simple sampling tube. The modelled sampler had a diameter to wall thickness ratio, D/2w = 40

where w is half the wall thickness. This is in good agreement with the typical dimensions of

open-ended offshore piles (Paikowsk> & Whitman, 1990) and corresponds to a pile displacement

ratio' (pr) of 10%.

= (R0,,-
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Figure 3.18 Strain contours around open-ended piles (Baligh et a!., 1987)

(a) Radial strain, e (b) Tangential strain, e (C) Meridional shear

strain, e (d) Vertical strain, E

Unfortunately, it is not possible, from the available reports, to compare the radial and shear

stresses predicted for the external walls of the open and closed-ended piles.' However, the

published strain contours provide some indication of the probable differences in stress regimes.

Figure 3.18 shows the strain distributions around the open-ended pile while Figure 3.19

compares the contours of octahedral shear strain 2 (y,) around closed and open-ended piles.

can be used as an indicator of the degree of shearing in an isotropic clay and Baligh (1985)

suggested taking the y0=2% contour as the boundary separating plastic and elastic

deformations.3

The figures reveal the following features:

(i)	 The steel pile volume tends to displace soil outside the pile, rather than into the plug.

This is evident from field plug measurements where the plug height seldom exceeds the

embedded pile length (i.e. FL?^L).

Baligh et al. (1987) studied the stress paths of soil elements on the tube centreline and
ignored the stress changes at the pile wall, presumably due to the errors associated with
neglecting pile roughness. Sagaseta et al. (1995) investigated ground surface heae
inside and outside large diameter caissons with no reference to stress changes.

2	 = 1/V2 (E 1 2 + E22 + E32)' where E, = c, E2 = (c - c%)/V3, E3 = 2c,,JV'3

y=2% may be a reasonable threshold value for the onset of failure in triaxial extension
and simple shear, but in triaxial compression this may occur at much smaller strains.
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(ii) The internal stress conditions are completely different to those predicted externally, with

and c,, reducing above the pile tip to much lower values than their external

counterparts. This is due to the approximations in fluid flow around a simple tube

which result in an "inherent clearance" inside the pile, similar to that for a pile fitted

with an internal shoe or a sampler with high internal clearance.' This raises doubts over

the applicability of design methods such as API RP2A (1993) which assume that the

internal and external stress conditions are identical, regardless of whether the pile

possesses a pile shoe.

(iii) The open-ended pile displays a zone of high radial strain, c,, on the external pile wall

close to the pile tip (Figure 3.18(a)) and this is reflected in the y, strain contours in

Figure 3.19(b). This is caused by the displacement of soil outside the pile, creating a

localised region of intense shearing which decays rapidly away from the pile tip. In

contrast, the closed-ended pile shows more gradual changes along the pile length.

(iv) Outside the tube and away from the influence of the pile tip, the general shape of the

strain contours appears similar to those around the equivalent closed-ended pile.

Table 3.3 compares the approximate radial extent and volumes of the zones of plastic

shearing (r.? and v) for a closed-ended pile and two open-ended piles of different aspect

ratios, assuming that the boundary between "plastic" and "elastic" shearing coincides

with y,=2%. The radius of the plastic zone is almost proportional to the pile

displacement ratio, 2 ps,, as illustrated on Figure 3.20. This relationship was also argued

by Carter et al. (1980) who suggested that p, also influences the magnitude of the excess

pore pressures and stresses generated by pile installation.

An extension of the last argument suggests that an open-ended pile could create similar far-field

strain regimes to a closed-ended pile of a different radius, provided that they had the same solid

volume. This assumption leads to the open-ended pile with external radius R and p = 0.10,

shown in Figure 3.19(b), corresponding to a closed-ended pile of equivalent radius R* = O.32R

where R* = The validity of this argument was examined by the Author through

an analysis of the strain contours in Figures 3.19(a) and (b), leading to the

results shown on Figure 3.21. The strain contours at moderate radial distances and remote from

Baligh et al. (1987) indicate that this is equivalent to a pile shoe adding 38% to the
vall thickness along the lower 0.1D close to the pile toe.

2	 p,, = (R20., - R2	 •I / R20 ,,,Inner,
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Simple closed-	 Simple open-ended pile

	

ended pile	
RJw=l0	 RJw=40

Pile displacement ratio p,	 1.00	 0.40	 0.10

Volume of pile per unit length, V 1	7ER2	 4Oitw2	 l6Oitw2

Radius of plastic zone from the pile 	 4.5R	 2.40R	 l.43R
centreline, r	 =24w	 =57w

Volume of plastic zone per unit length, 	 19.3itR2	 4.87tR2	 l.OirR2
V P	 = 480itw2	= 16727tw2

vp/Vp,,e	19	 -	 12	 11

Table 33	 Radial extent of the plastic strain region remote from the pile tip around
open and closed-ended piles

the pile tip display reasonable agreement, with the y0 	 2%, 1% and 0.5% contours

approximately coincident.
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In the Author's view, the SPM numerical analyses indicate the following:

Soil beneath the annulus of a fully coring pile is generally displaced outside the pile

rather than into the plug, producing high radial strains (and hence stresses) on the

external pile wall which decay rapidly away from the pile tip.

The radial extent of the zone of plastic shearing and hence radial stresses is proportional

to the pile displacement ratio.

At moderate radial distances the soil strains around an open-ended pile are similar to

those around a closed-ended pile displacing the same soil volume. The open-ended pile

may be compared to an equivalent closed-ended pile whose radius R= (R2-R2,).

3.4.4 Application of the Strain Path Method to sands

The SPM was originally developed for undrained pile penetration in saturated clays. To extend

the approach to model drained penetration in sands the method must be modified to account for

the potential volume changes associated with sand compressibility and dilation or contraction

during shearing. An appropriate constitutive model is also required. Pestana & Whittle (1995)

describe a new framework for modelling the one dimensional compression of sand and Whittle

(1992) presented preliminary SPM predictions for pile installation in sands demonstrating the

importance of modelling sand compressibility. However, the full development of the approach

has yet to be completed (Whittle, 1996).

3.5 EXISTING DESIGN METHODS FOR SHAFT AND BASE CAPACITIES

This Section reviews the design methods for shaft and base capacities commonly used for

offshore pile design in clay.

3.5.1 American Petroleum Institute recommendations

(a)	 Shaft capacity

Most offshore piles are designed according to the American Petroleum Institute API RP2A

(1993) criteria. This uses the empirical correlation between shaft resistance (r) and the

undrained shear strength measured in unconsolidated undrained (UU) triaxial compression tests
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Figure 3.22 API (1986) recommendations for the variation in a with undrained

shear strength

(s 0) . 1 There has been no overwhelming evidence for different shaft resistances to be developed

on open and closed-ended piles and the API recommendations do not distinguish between them:

tf = a s,0

Until 1986, cx. was related directly to s as shown on Figure 3.22, where a equalled unity for

very soft clays and reduced to 0.5 for stiff clays. Superimposed are the trends recommended

by other authors and the pile load test results from Dennis & Olsen's (1983) database of driven

steel pipe piles in cohesive soils. The disparity in trend lines and scatter in test data reflect the

weaknesses in this approach.2

Dennis & Olsen recognised that some of the scatter was due to the different sample sizes and

methods used to measure s,, and corrections were applied to resolve the data to 5O values from

Note that the subscript "0" in s 0 has been added to distinguish IJU triaxial compression
tests on high quality thin-wall piston samples of diameters greater than 75mm from
measurements using other tests.

2 The compressive shaft capacity of many of the piles in Dennis & Olsen's database was
deduced assuming a bearing capacity factor N=9. N values between 5 and 20 have
been measured in instrumented field tests, as described in Part (b) of this Section.
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UU triaxial compression strengths on "high quality" samples. The dependence of undrained

strength on the mode of shearing and sample quality is well known and can lead to a wide range

of results as illustrated in Table 3.4 for Bothkennar clay. Similar wide variations were found

for Pentre clay-silt, described in Section 5.2.7.

Test	 Sample type	 Average strength 	 Proportion of s0
between 2-6m_(kPa) __________________

UU	 Piston D=lOOmm	 17.5	 1.0

UIJ	 Laval	 25.0	 1.4

CK0UC	 Laval	 22.5	 1.3

CKOUE	 Laval	 8.8	 0.5

CKOUC	 Sherbrooke	 26.0	 1.5

CKUE	 Sherbrooke	 10.5	 0.6

DSS	 Lava!	 16.3	 0.9

DSS	 Sherbrooke	 18.0	 1.0

Field vane	 25.0	 1.4

CPT (N,, = 12.5)	 17.5	 1.0

Table 3.4	 Mean undrained peak strengths of Bothkennar clay

Semple & Rigden (1984) and Randolph & Murphy (1985) improved the correlations further,

taking into account stress history by relating a to the undrained strength ratio, s/c',0, which

indicates the soil's overconsolidation or yield stress ratio.' The API (1987)2 recommendations

were revised accordingly as shown on Figure 3.23 and expressed below:

a = 0.5 (s 0/a'° 5 ^ I	 for s 0/a' ^ I
.025a = 0.5 (s 0/ )	 for s/'> I

For low YSR, young clays under in situ conditions, s/a' = 0.3±0.05 YSR°' (Hight,
Jardine & Gens, 1987). However, this relationship is affected by sampling disturbance
and breaks down at higher YSR values and in plastic clays that can form residual micro-
fabric.

2 Essentially unchanged in the current 1993 edition.
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Figure 3.23 Recommendations for the variation in a with undrained strength

ratio

Although values for a have been derived from a database of average shear stress

measurements, the design method is often applied incrementally along the pile length, i.e. the

backfigured values of average a, from average s,0 and CT' conditions, are assumed to correspond

to local values. The ICP tests have shown that this is rarely the case, with large non-linear

variations arising from the decay of local stresses along the pile length.

These reductions in stresses along the pile length (described in Section 3.2.2(d)) go some way

to explaining length effects noted by Kraft et al. (1981), whereby longer piles tend to have lower

shaft resistances. The ICP tests also highlighted the potential effects of progressive failure on

long flexible piles, with local shear stress in the London Clay displaying marked brittleness.

Taking into account the effects of progressive failure, Randolph and Murphy (1985) devised a

pile flexibility ratio, K, which considers the pile's elastic compressibility and the amount of
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relative displacement required to reach residual soil strength. These K values were used to

develop reduction factors, R, for longer piles, as displayed in Figure 3.23(b). API RP2A (1993)

warns of length effects but does not give any specific advice as to how they should be assessed,

directing the designer instead to four references given in the literature. Recently, Kolk & van

der Velde (1996) performed a statistical analysis on high quality pile test data suggesting that

a varies as a function of (LJD)°2.

The changes from the 1986 to 1987 recommendations resulted in dramatic increases in the

predicted shaft capacities in some normally consolidated clays, with the a coefficient rising from

0.5 to 1.0. This raised serious debate:

Lacasse & Boisard (1994) canvassed the opinions of pile design specialists, revealing

that the original 1986 recommendations were widely viewed as being highly

conservative, whereas those of 1987 were thought to be slightly unconservalive, but

closer to reality. Lacasse & Boisard recommended the use of the new 1987

recommendations with a 15-20% reduction factor to allow for the effects of pile length,

strain softening and cyclic loading. The potential effects of clay plasticity as raised by

Karlsrud et al. (1992) and described later in Section 3.6.3 were also highlighted.

Hobbs (1993a), reviewing the results of the Large Diameter Pile research programme

(see Section 3.6), also found the 1987 recommendations unconservative (without

corrections for length effects) and advised use of the original 1986 procedure which was

retained in the commentary as "API Method 2".

The continuing discussion over the applicability of the new recommendations reflects the

uncertainties inherent in this total stress design method which fails to account for variables such

as pile length and material, soil shearing characteristics and sensitivity. The ICP results

described earlier have proven that all of these factors profoundly affect shaft capacity and their

neglection can lead to significant errors in design. In addition, the omission of specific

guidelines to account for length effects leads to variations and confusion between different

designers and encourages the disregard of length effects altogether.

(b)	 Base capacity

As with shaft resistance, the standard calculations for the base resistance of closed-ended piles

in clay rely on linear correlations between q, and 5u0 (measured in UU triaxial compression

tests):

q = N s,,,
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The bearing capacity factor, N, is usually taken as 9, though values varying between 5 and 20

have been measured for large and small diameter piles, respectively (Jardine & Christoulas,

1991).

The likelihood of plugging in open-ended piles is assessed by comparing plug capacity with full

end bearing using the static equilibrium procedure recommended for sands. This compares the

base load developed over the plug area with the potential internal shaft capacity developed by

the soil plug and adds the lesser of the two to the end bearing beneath the pile annulus. The

plug base resistance is calculated taking N=9 and internal shear stresses are assumed to be

identical to those acting on the external pile wall, regardless of shoe conditions.

Generally the base capacity of long piles in clay is relatively low, contributing to less than 10%

of the total capacity of piles with slenderness ratio LID>30 (Fleming et al., 1992).

3.5.2 "Beta" Method

The total stress approach used in the alpha method has many drawbacks, relying purely on an

empirical correlation and with the s 0 parameter sensitive to sample disturbance. Burland (1973)

suggested moving towards an effective stress approach and adopting a' as the soil parameter

for correlation:

tf	 a'1..tan

=	 K1 tan ö

13 0vO

where 13 K1 tan	 and K1 =

By taking a lower bound estimate and assuming l<. f ìç and 8f = 4 in normally consolidated

soils, Burland proposed the following expression for 13:

= (1 - sin 4') tan

Meyerhof (1976) estimated that K = (1.5 ± 0.5)I( for piles in overconsolidated clay, leading

to.

= (1.5 ±0.5) 13 YSR
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Figure 3.24 Variation in p with pile length in lightly overconsolidated clays

(Meyerhof, 1976)

Using these expressions, Meyerhof backfigured 13 values from pile tests in normally and lightly

overconsolidated materials, producing the plot shown on Figure 3.24. 13 reduces with depth

demonstrating a clear length effect. Ignoring the tapered piles and negative skin friction results,

the scatter is approximately 13 ±0.1 (or around ±30%), approximately the same as that in the a

correlation. Greater variation was found for piles in heavily overconsolidated deposits, mainly

due to the uncertainties in estimating K0. When applying the 13 approach, open and closed-ended

piles are assumed to behave in the same manner.

3.5.3 Correlations with cone penetrometer measurements

Bustamante & Gianeselli (1982) gave the following recommendations for the calculation of local

peak shear stress, tf, based on CPT end resistance, q, and a coefficient, a1.:

117

I

= q / a ^ (tf)hm
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Soil type	 q	 Concrete	 Steel	 (Ti)i,m

_______________________	 (MPa)	 ac	 aCPT	 (kPa)

Soft clay	 <1	 30	 30	 150	 0.5

Moderately firm clay	 1-5	 40	 80	 35	 0.45

Firm to stiff clay	 >5	 60	 120	 35	 0.55

Table 3.5	 LPC CPT coefficients for driven piles in clay

Since s = qfN and Nk typically varies between 15 and 20 for North Sea clays (te Kamp, 1977),

this corresponds to an a-se correlation with a between 0.67 and 0.13, i.e. the CPT approach is

much more conservative than either versions of API RP2A.

Base capacity is calculated by applying a reduction factor, k, to q, where the recommended

values for k are listed in Table 3.5 and q is averaged over 1.5 pile diameters above and belov.

the founding level. This amounts to N values between 6 and 11:

q = k,

The Dutch cone method (de Ruiter & Beringen, 1979) recommends using the original API

(1986) a approach for calculating shaft resistance in clay with the CPT q values used to

evaluate s.

3.5.4 Limitations of empirical design methods

Although the empirical design methods are much simpler than Lehane's tentative effective stress

approach, they fail to account for many of the factors influencing pile capacity. In particular

they do not explicitly consider the effects of:

•	 pile length and progressive failure;

•	 variability in ; ICP tests have measured values beteen 28 and 80;

•	 clay sensitivity;

•	 the two dimensional nature of pile installation (shown by the SPM to be complex) and

the variation of K with h/R;

•	 pile material (timber, concrete, steel);

•	 pile end condition (open or closed);

•	 method of installation (driving or jacking);
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loading direction, history or rate;

changes in pile capacity with time.

In addition, the correlations were derived using the results of average shaft friction from onshore

load tests. In order to account for variations in soil consistency the correlations are often applied

incrementally to evaluate local shaft friction. This assumes that average and local shear stresses

are equivalent whereas the ICP tests have demonstrated that the decay in local shear stress

follows a power law relationship with h/R. This assumption can lead to unsafe predictions for

long offshore piles.

3.6 RECENT PILE TESTING PROGRAMMES

A comprehensive list of earlier research programmes into the behaviour of displacement piles

in clay has been compiled by Bond (1989). Lehane (1992) selected the twelve highest quality

investigations where effective stress measurements were made and analysed the results.

In 1992 the results from the recent Joint industry' Large Diameter Pile (LDP) Testing Programme

were released at the Conference on Recent Large-Scale Fully Instrumented Pile Tests in Clay'

and this coincided with the publication of several of the Norwegian Geotechnical Institute's

(NGI) field studies into pile behaviour. The Author was also given access to the original LDP

site investigation and pile testing reports (McClelland, 1987 to 1988c) by Mr. J. Clarke of BP

Ltd. and the NGI pile testing reports (NGI, 1988a to 1991) by Dr. K. Karlsrud.

This Section gives a critical review of the results obtained by the two independent groups at the

Pentre, Tilbrook, Onsøy and Lierstranda sites and highlights points of interest discussed during

the Conference. A more detailed analysis and discussion of the results is provided by Chow

(1992). The ICP tests described in Chapter 6 were also conducted at Pentre, hence the results

gathered at this site are of particular relevance to the work described later in this Thesis. Shear

stress and radial stress measurements are compared with predictions in Chapter 10 and Appendix

E.

The proceedings, "Large-scale pile tests in clay", were published in 1993.
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Figure 3.25 Instrument layout on the LDP Pentre pile (Cox et al., 1993)

3.6.1 LDP Pentre test

The Pentre test site in Shropshire was chosen for its thick sequence of lightly overconsolidated,

low plasticity, glacial lake deposits which were thought to provide a good analogy for typical

North Sea clays. However despite having the plasticity of a siity clay, the grading consisted

of predominantly silt-sized particles due to the presence of large clay flakes and aggregates.

This resulted in a porous, highly permeable fabric which gave unusual in situ test results and

variable residual interface angles of friction (due to transitional clay and silt shearing) that fell

between 9 and 18° (Lambson et al., 1993).
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A 0.762m diameter, open-ended steel pile was fabricated and instrumented as shown on Figure

3.25 with a large number of strain-gauges, strain modules, accelerometers, total earth pressure

cells, pore pressure cells and temperature sensors. The pile was driven from the base of a I 5m

cased borehole to 55m depth and left for an equalisation period of 44 days, during which

complete pore pressure dissipation took place. A compression load test was conducted at a

constant rate of penetration of 1mm/mm; the data gathered were reported by Gibbs et al. (1993)

and discussed by various researchers at a conference held in London in 1992.

Key results are summarised below:

(i) Randolph's (1993a) analysis of the stress-wave data indicated very low shear stresses

during driving which decayed further as the relative pile tip position (h) increased,

following a similar trend to the closed-ended ICP tests (Figure 3.26(a)).

(ii) Driving resulted in the generation of very high pore pressures which equalled or

exceeded the measured radial total stresses, implying low or negative radial effective

stresses. Most instruments indicated that 90% dissipation was achieved rapidly, after 1.5

to 5.7 hours, except in the clayey layer at 43m where 100 hours was required.

(iii) During equalisation the radial effective stresses increased, though the final values were

very low with most of the measurements remaining below a 'hO (and one set inferring

negative effective stresses), implying that the radial stresses acting on the pile shaft after

full equalisation were less than the initial free-field horizontal stresses. Mirza (1993)

commented that the a readings were anomalous, possibly suffering from cell action

effects, high cross sensitivity to axial load or drift.' In his view, only the instruments

at 43m could be considered reliable.

(iv) The pile failed at a total load of 6.O3MN with a 14% contribution from the base after

a pile head displacement of 36mm. Brittle failure was exhibited, with shaft capacity

reducing by 18% at ultimate conditions after a displacement of 97mm.

(v) Peak shear stresses were low along the upper lOm of pile shaft where the local failure

was ductile. The local shaft friction was brittle for points below this level. The local

shear stress profile was not measured between 40 and 53m due to instrument failures,

and a constant distribution was assumed.

Calibrations showed that the radial stress cells were extremely sensitive to axial loads,
with instrument zeros changing by 27 to 64 kPa/MN. Cross-sensitivity corrections were
only applied to the loading results. No estimates of cell action effects were quoted.
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(vi) Reasonable radial stress measurements were only obtained from the cells at 43m. These

inferred 6, 24° and	 170 which were in approximate agreement with the ring shear

interface results.

(vii) Hobbs (1993a) showed that the API RP2A (1991) recommendations without the

application of length effect reductions, overpredicted shaft capacity by 54%. In contrast,

the 1986 approach correlating a with s,,, (as opposed to s.,Ia') underpredicted capacity

by 12%. The lower than anticipated shaft capacity raised worries over safety of the

current API guidelines for lightly overconsolidated low plasticity clays and Hobbs

advocated use of the 1986 recommendations.

3.6.2 LDP Tilbrook pile tests

The Tilbrook Grange test site, located in Cambridgeshire, contains around I 8m of hard silty

Lowestoft till over 23m+ of hard, fissured Oxford Clay, with YSR reducing from around 60 at

4m depth to 10 at 24m, after which it remains approximately constant.

Two piles of 0.762m diameter were driven from ground level to 30m penetration. The first

"trial pile" was used to test the driving conditions, while the second was fully instrumented and

tested in compression after an equalisation period of 130 days. Pore pressure measurements

indicated full equalisation in the Lowestofi till but only 80% dissipation in the Oxford Clay.

The trial pile was tested in tension one and a half years after driving, to examine whether full

consolidation would give rise to a large increase in shaft capacity. Strain-gauges were added

to this pile after driving and the unmeasured residual stresses were assumed to be identical to

those in the instrumented pile. The results are reported by Gibbs et al. (1993) and Clarke et al.

(1993).

The main conclusions include the following:

(i) Randolph's (1993a) analysis of the stress wave data showed that the local shear stresses

during installation displayed a distinct h/R effect similar to that found at Pentre and the

ICP tests (see Figure 3.26(b)).

(ii) The excess pore pressures generated during driving dissipated during the equalisation

period, resulting in increases in radial effective stresses, with the final K measurements

ranging between 1.2 and 3.5 and generally exceeding the initial K0 values.
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(iii) The compression test failed under a total load of 16.1 MN after a pile head displacement

of 28mm. The base contributed 9% and failure was slightly brittle with shaft capacity

reducing by 11% after 93mm displacement.

(iv) In tension, the peak shaft capacity was 13% higher than in compression, though a 50%

greater pile head displacement of 42mm was required to mobilise this. Shaft capacity

reduced by 8% post-peak.

(v) In compression, the peak shear stress profile was unusual with very low stresses

developing along the upper lOm of pile shaft and pronounced peaks at 14m and 27m.

In contrast, the tension test displayed much higher stresses at the top of the pile and

lower stresses towards the pile tip. Randolph (1993b) pointed out that the strain-gauge

zeros underwent very large drifts during driving, probably due to the release of strains

created during pile fabrication.' The shape of the compression test distribution was a

direct reflection of the residual stresses measured before loading. Strain-gauge drift,

leading to the incorrect deduction residual stresses, could explain the disparities with the

tension data.

(vi) Apparent angles of friction at peak ranged between 18 and 23° which was in

approximate agreement with the interface ring shear tests which indicated = 22° and

21° in the Lowestoft till and Oxford Clay respectively. The measurements at ultimate

load were anomalous suggesting increases in S, probably due to pile bending problems.

(vii) Poskitt et al. (1993) attributed the very low measured stresses along the upper 1 Om of

pile shaft in the compression test to lateral pile whip during driving and the creation of

an enlarged hole. Stroud (1993) questioned this and Randolph (1993c) strongly refuted

its occurrence, arguing that (i) in general, static lateral load tests at moderate

displacements show no stress reductions beyond 4m depth, (ii) under dynamic driving,

soil inertia would localise these effects even further and (iii) the piles were reasonably

well restrained during driving. Instead, he suggested that two-way cycling along the

upper part of the pile provided a more reasonable explanation.

(viii) Hobbs (1993) showed that the API RP2A recommendations gave marginally

conservative predictions underpredicting peak shaft capacity by 7%, whereas the 1986

version, perhaps fortuitously, gave an exact prediction (no length effect reductions were

applied). He recommended that the latter should be used for design, with the added

The strain-gauge drifts were of the same order of magnitude as the measured residual
loads and were not taken into account in the analysis.
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safeguard of assuming passive earth pressures provide an upperbound limit to the radial

stresses developed near the ground surface to allow for lateral loading or pile whip.

3.6.3 NGI pile tests

-	 The Norwegian Geotechnical Institute performed pile tests at the two LDP sites, Pentre and

Tilbrook, and three sites in Norway, Haga, Onsøy and Lierstranda. The Haga tests have been

described by Lehane (1992) and Bond (1989) and will not be discussed here. Soil conditions

at Onsøy and Lierstranda respectively consist of (a) normally consolidated, sensitive (but not

leached), plastic (P1=30-50%), marine clay, the upper 8-9m of which has been desiccated and

(b) soft, sensitive (but not leached), under-consolidated, very low plasticity (P1=10-20%), silty

marine clay

A number of tension load tests were conducted at each site, the majority on 0.219m diameter

closed-ended instrumented piles driven from the base of starter boreholes to final embedded

lengths of I Om. Open-ended piles with various diameters were installed at all of the sites apart

from Pentre. On-pile instrumentation consisted of vibrating wire axial load cells, radial stress

cells, pore pressure cells and temperature sensors. No details were available on the calibrations

performed or whether the effects of cross-sensitivity to axial load or cell action effects were

assessed.

Interesting features are described below:

(i)	 The radial stress measurements were consistently low in the normally consolidated clays,

implying that the equalised radial effective stresses on the pile shaft, a'rc, were lower

than the initial free-field horizontal effective stress, a'hO. Karlsrud et al. (1993a and b)

attributed this to large volume changes in the remoulded zone around the pile and

cylindrical arching effects in the silt, similar to that seen in sand, but this explanation

can not apply to the plastic Onsøy clay. At Pentre, these measurements inferred peak

angles of friction at failure of ö =37 to 42° which are anomalously higher than 5.,, = 26°

from ring shear interface tests or 4,,' =30° from triaxial compression (CK 0U) tests. This

discrepancy recurred at Onsøy and Lierstranda indicating unreliable effective stress

measurements. Under-registration of a 7 is probable, with the readings either suffering

from cell action effects, loss of contact 'cith the surrounding soil' or cross-sensitivity

The earth pressure sensors have a small diameter of 40mm.
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with axial load.' Refer to Sections 4.2 and 4.6.2 for a general discussion on instrument

calibrations and cell action effects.

(ii) Reasonable 8 angles were inferred in the overconsolidated clay at Tilbrook, where

problems of radial stress under-registration were not apparent.

(iii) Tension tests on Pile A5 at Pentre and all of the Lierstranda piles revealed extremely

low shaft capacities. Karisrud et al. (1993b) hypothesised that this was due to the very

low clay plasticities and cylindrical arching effects along the pile shaft sustained by the

siltier material. Modifications to the API guidelines for low plasticity clays were

suggested as indicated on Figure 3.27. Note that a values as low as 0.2 are

recommended in materials with P1=10%. Interestingly, these trends directly contradict

Flaate's (1968) suggestions for the effects of clay plasticity as shown on Figure 3.22.

Hobbs (1993b) and Kolk (1996) reported that no such trend with P1 was visible in the

existing API database.

(iv) Pile A5 at Pentre was installed over two days with an overnight pause. The effect of

partial dissipation during this pause was also cited as a possible reason for the low shaft

capacity during static loading. The same two-stage driving process was carried out on

Pile CI at Onsøy and this also displayed a lower shaft capacity in comparison to an

identical pile installed without pauses. Instrument readings suggest that Pile Cl

developed lower radial effective stresses after consolidation.

(v) The NGI borehole casings at Pentre were driven to their target penetration before being

cleaned out (NGI, 1988c). The final plug surfaces within the casings were

approximately I Om below ground level indicating that partial plugging had taken place

during driving, presumably causing high ground disturbance around the base of the

boreholes. Karisrud et al. (1993a) noted that the final 3.5 and 8.5m of "liquid material"

could not be augered out of the boreholes for A5 and A6 respectively, suggesting the

occurrence of base heave which was encountered by the Author during the drilling of

the ICP starter boreholes (see Section 4.4.1). The combination of ground disturbance

and base heave in this sensitive soil would have reduced the earth pressures beneath the

boreholes, 2 possibly explaining the low pile shaft capacities.

The low measurements at the end of equalisation when axial loads are small indicates
that this is unlikely.

2 The Author's measurements at Pentre (described in Chapter 6) suggest that disturbance
may extend to a depth equal to three times the borehole diameter. This corresponds to
0.8m, assuming a borehole diameter of O.273m (based on the dimensions of Pile D at
Tilbrook which was also used as a borehole).
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(vi) The collation of results from a large number of Norwegian timber pile tests confirmed

the trend of low shaft capacities in low plasticity clays and revealed a striking time

effect as shown on Figure 3.28. a appears to increase by 0.2 between one month and

3 months after installation. Karlsrud et al. (1993b) argued that pore pressure effects

were minor and the greatest percentage increases were displayed by the low plasticity

clays, suggesting a gradual breakdown of arching mechanisms and restoration of the

initial free-field horizontal stresses. Similar increases of 10-45% were measured over

a few days on the Onsey, Lierstranda and Haga piles, though no increase was detected

at Pentre. Other cases of long-term pile set-up in clays have been reported by Flaate

(1972), Cooke Ct al. (1979) and Berghdahl & Hult (1981).

(vii) The Tilbrook shaft capacities agreed with predictions from the API (1986) approach.

(viii) Comparison of open and closed-ended piles at Onsøy and Lierstranda revealed no

reductions in shaft capacity due to end condition though the open-ended piles were four

times larger in diameter (and therefore had lower values of L/D). At Tilbrook, the shaft

capacity of an open-ended pile was 24% lower than the closed-ended, though the former

was also used as a borehole casing and may have been disturbed during the installation

and testing of a closed-ended pile through the borehole (Karisrud et al. I 993a).

3.6.4 Conclusions and questions raised from the recent testing programmes

The large quantities of valuable data generated by the LDP and NGI pile testing programmes

have provided new insights into displacement pile behaviour in clays. However, numerous

questions have been raised with important implications for the design of offshore piles, such as:

•	 Are the glacial lake deposits at Pentre representative of soil conditions in the North Sea?

• Are the low LDP and NGI shaft capacities at Pentre typical for piles in lightly

overconsolidated, low plasticity clays and are the current API RP2A (1993)

recommendations unsafe in these soil conditions?

•	 Does partial dissipation during pile installation adversely affect shaft capacity as

suggested by the two NGI piles installed with overnight pauses at Pentre and Onsøy?

•	 How does pile capacity vary with time? Do steel piles in low plasticity clays follow the

same long-term shaft capacity set-up trends e%hibited by Norwegian timber piles?

•	 Do open and closed-ended piles develop different shaft capacities? Conflicting data was

collected at Tilbrook, Onsøy and Lierstranda.

The investigations described later in this Thesis attempt to address these issues.
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CHAPTER 4

THE IMPERIAL COLLEGE INSTRUMENTED PILE

4.1 INTRODUCTION

This Chapter gives details of the Imperial College instrumented pile (ICP) and testing procedures

used in the field experiments at Pentre and Dunkirk, described in Chapters 6 and 7. The second

aspect of experimental work described in this Thesis involves large-scale pile tests at Dunkirk.

These CLAROM piles and test methods are described together with the results in Chapter 8.

4.2 THE INSTRUMENTED PILE

The first version of the instrumented pile used by Imperial College researchers was originally

developed at Southampton University to examine the effects of electro-osmosis on pile capacity

(Johnston, 1972; Butterfield & Johnston, 1973). Jardine (1985) brought the pile to Imperial

College where he renovated and increased the number of load cells and added pore pressure

sensors. A pilot test in London Clay at Canons Park, North London, gave encouraging results

but the quality of the measurements clearly needed to be enhanced. This was achieved by Bond

(1989) through a complete review and redesign of all of the instruments. His PhD thesis'

describes the criteria behind the design process and the options considered in the development

of what is now known as the "Imperial College Pile" or "ICP".

Bond conducted four ICP tests at Canon's Park and Lehane (1992) performed a total of 11

installations at Labenne, Cowden and Bothkennar. The results throughout have been consistent

and reliable, reflecting the high quality of the instrument designs.

Although the piles tested at Pentre and Dunkirk utilise essentially the same instruments the

following five modifications were made:

(i)	 The previous length of the ICP was 6m. However, one of the main aims of the Pentre

tests was to compare the ICP measurements with those from the previous pile testing

Also described by Bond, Jardine & Dalton (1991).
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programmes by the LDP and NGI which both used piles installed from the base of 15m deep

boreholes (see Section 3.6). A target penetration of 1 9m was set for the ICP tests at Pentre in

order that common strata could be tested by all three pile types. This trebling in length required

the manufacture of new extension casings and couplers and complete recabling of all the

instruments.

(ii) During recabling, the opportunity was taken to add an extra fourth cluster of instruments

to the pile to provide more data on the distribution of stresses along the pile length.

Although more instruments would have been desirable, this was the maximum possible,
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given the number of instrument cables which could fit through the small surface stress

transducer cable ducts.

(iii)	 Higher axial loads exceeding the capacity of the existing axial load cells were envisaged

in the dense sand at Dunkirk and new high capacity instruments were designed and

manufactured. The predicted radial and shear stresses were within the measurement

range of the surface stress transducers and no alterations were made.'

(iv) A new longer jack was utilised in the second phase of pile tests at Pentre where the

effect of jack stroke length was investigated.

(v) Unlike the previous ICP testing locations, neither Pentre nor Dunkirk were permanent

test bed sites and neither was equipped with site facilities such as accommodation or

power supplies. Single and three phase generators were purchased, a storage container

was fitted out with office and workshop areas and power distribution systems were

arranged.

4.3 PILE CONFIGURATION AND INSTRUMENTS

4.3.1 Pile configuration

The pile has an outer diameter of 0.1016m (or 4"), wall thickness of =9.5mm and is closed-

ended with a 600 conical tip. The majority of the pile, including the interconnecting casings,

was manufactured from molybdenum steel with the exception of the surface stress transducers

which were machined from stainless steel.

The pile instruments are concentrated in four clusters, approximately one metre apart and

separated by uninstrumented casings as shown in Figure 4.1. The clusters are named leading,

following, trailing and lagging, in order of increasing distance from the pile tip and this distance

is also quantified in terms of the non-dimensional parameter "h/R", where "h" is the height above

the tip and "R" is the pile radius.

The asymmetrical design of the surface stress transducers means that they are prone to
bending under high axial loads. This potential problem was considered prior to the
Dunkirk tests but the only viable solution was to manufacture a new larger diameter pile
which could accommodate symmetrical transducers that were less susceptible to bending.
This course of action was prohibitively expensive.
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Each cluster contains:

one axial load cell (ALC) measuring the axial load transmitted through the pile;

two pore pressure probes (PPP) located on diametrically opposite sides of the pile and

measuring pore water pressure (u);

one surface stress transducer (SST) measuring radial total stress (a 1), local shear stress

and temperature.

Figure 4.2 shows a photograph of the leading instrument cluster and the pile tip.

One final, last ALC was also connected approximately lOm from the pile tip at Pentre to record

the axial load at the base of the borehole. During load tests these readings were compared with

those from an independent top load cell at the pile head to monitor any load that might be lost

through friction in the borehole.

The ICP's great advantage over other similar instrumented piles is that the surface stress

transducer can measure the local radial and shear stresses at a point, enabling the soil's stress

path to be followed during testing. However, the accurate measurement of these stresses is not

simple. In addition to providing some redundancy, the large number of instruments allow

different measurements to be cross-checked. This is particularly useful for the local shear stress

readings (ç) which may be compared to the average shear stresses acting on the pile casings

between instrument clusters (f) deduced from adjacent ALC measurements as shown in Figure

4.1. The pile casings are named lead-follow, follow-trail, trail-lag and lag-ground surface,

according to the adjacent instrument clusters.

4.3.2 General instrument design and calibration

The instruments are all strain-gauged with electrical resistance-type gauges which are attached

to a particular element of the instrument body and energised with a 5 volt input. As the

instrument is loaded the element deforms causing a change in gauge resistance and hence the

output voltage. The change in ratio of output to input voltages is calibrated against known

forces in the laboratory.

All of the pile instruments were fully calibrated before each phase of site testing but the

calibration coefficients generally remained practically unchanged throughout the research

programme. New or repaired instruments were thoroughly exercised and checked for signal
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stability before calibration. The entry of water into the axial load cells and surface stress

transducers can cause signal loss and corrosion and great efforts were made during instrument

assembly to ensure full water-tightness.

The instrument components and methods of preparation and calibration are briefly described in

the following sections. Full details are given by Bond (1989).

4.3.3 Axial load cells

Figure 4.3 illustrates the axial load cell which connects to the pore pressure unit. The axial load

passes though a strain-gauged thinned-wall section. The gauges are arranged in a Poisson bridge

configuration with 4 gauges in the axial direction and 4 in the circumferential direction. One

electrical signal, the average of the four pairs of strain-gauges, is produced.

Five new high-capacity load cells were designed and manufactured for the tests at Dunkirk.

Modifications were made to Bond's original design incorporating a thicker and longer thinned-

wall section to withstand the higher loads and reduce the effects of bending moments at the ends

of the thinned element. In both designs the dimensions of the wall were such that yielding

would occur before buckling.' New pore pressure units were also manufactured to ensure

perfect compatibility between the two sections and an extra 0-ring groove was included as an

additional safeguard against water ingress. The dimensions of the two designs are compared in

Table 4.1.

Original design	 High-capacity
load cells

Nominal capacity at 0.2% axial strain (kN)	 209	 405

Thinned-wall, length (mm)	 7	 14

Thinned-wall, thickness (mm)	 2.25	 4.25

Pile shaft length of ALC-PPU section (mm)	 0.168	 0.175

Table 4.1	 Axial load cell details

Using the formulae given by Chages (1985).
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Figure 4.3	 Axial load cell and pore pressure unit

Cal ibrat ion

The load cells were calibrated in tension and compression using an Amsler loading machine with

a resolution of 0.lkN. The new high-capacity instruments were thoroughly exercised under 100

load-unload cycles in tension and in compression and checked for signal stability and water-

tightness before being calibrated.

4.3.4 Pore pressure probes

The pore pressure unit (PPU) shown on Figure 4.3 contains two circular portholes into which

the pore pressure probes (PPP) shown on Figure 4.4 are located. The outer face of the probes

Consists of an acetyl co-polymer mounting block (43 mm diameter) which is turned to lie flush

with the curved pile surface. A sintered stainless steel porous disc (12.7mm diameter, 3.18mm

thick), is fixed into the centre of the block. Pressures are measured using a Druck PDCR 81

semi-conductor transducer which is housed in a titanium holder and clamped to the underside

of the mounting block with a thrust ring. A small 0-ring seal creates a small enclosed volume

between the porous stone and the transducer (291mm 3) which, with the porous stone, is saturated
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with silicone oil.' Oil is used in preference to water as its high viscosity allows a faster recovery

after cavitation (Lunne et al., 1986) and the extremely small volume of oil makes the probe fast-

acting. However, the response time can be adversely affected if the probe is not completely de-

aired or if air diffuses though the stone during the field test.2

Preparation

The pore pressure probe is assembled in two stages; firstly the porous stone is saturated with

silicone oil and then the pressure transducer is inserted. The original method of saturation

described by Bond (1989) and Lehane (1992) proved to be time consuming and an improved

method was developed following discussions with Dr. Andrew Ridley at Imperial College. This

involved the use of cycles of positive pressurisation at 300kPa and depressurisation to vacuum

to expel trapped air. Depressurisation caused a rapid release of air bubbles similar to that seen

when a lemonade bottle is opened and the cycling process could be repeated until the air release

was negligible. The procedure is described below in greater detail:

(i) A mounting block fitted with a porous stone is bolted into a sealed brass chamber. This

is connected through two valves, one on either side of the porous stone, to a reservoir

of dc-aired silicone oil at +300kPa and a vacuum. Both valves are initially closed.

(ii) The exit valve is opened, subjecting the chamber to a vacuum for around 30 minutes.

Dow Corning 200 fluid with a viscosity 25 times higher than water.

2 The combination of the porous stone and silicone oil give an air entry value of 1 6kPa.
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(iii) The input valve is then also opened, forcing a steady stream of silicone oil through the

chamber.

(iv) After around two minutes the exit valve is closed allowing the chamber to become

charged with silicone oil under +300kPa and forcing some of the remaining air bubbles

into solution.

(v) Five minutes later the silicone oil input valve is closed and the vacuum exit valve re-

opened. The -400kPa pressure differential leads to a sudden expulsion of air bubbles

from the chamber.

(vi) The pressurisation and depressurisation cycles in Steps (iv) and (v) are repeated until the

release of air bubbles is low.

Following saturation of the porous stone and mounting block, one side of the brass chamber is

opened and a bath of de-aired silicone oil is attached. The pressure transducer and small 0-ring

were clamped behind the porous stone with the thrust block, taking care not to trap any air

bubbles. Before fixing, the screw thread on the thrust block was wrapped in PTFE tape to

ensure a tight fit and reduce the possibility of lateral movement or loosening.

Calibration

The valve on the remaining chamber cover was connected to a Budenberg dead weight tester for

calibration. The probes were transported to site inside the chambers where they were retained

until time for mounting on the pile.

4.3.5 Surface stress transducers

The surface stress transducer or SST is both the most complex and most useful instrument on

the ICP. Figure 4.5 shows the four main components. Loads are measured through a "window

pane" (97.5mm x 77.5mm) which is fixed to a Cambridge load cell. The "window pane" sits

within an external "window frame" but is free to move vertically and radially, only restrained

by a flexible hot-bonded rubber seal (2.5mm wide) around its perimeter. Movements are

transferred into deflections of the load cell's four radial and four shear webs (typically 1mm

thick and 10mm long). These are strain-gauged on both sides and connected in three

Wheatstone bridge arrangements giving two radial compression circuits and one shear Circuit.

Temperature is measured through an integrated circuit device fixed to the base of the load cell.

The cell is securely seated on a flat raised platform, flanked on each side by stiffeners which
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Figure 4.5	 Surface stress transducer

increase the resistance of the cell to bending. The window frame is bolted securely to the main

housing and sealed with one large 0-ring.

Calibration

The SSTs were subjected to three different calibrations:

(a) Sensitivity to radial and shear loads: The main calibration took place in a specially

fabricated rig (described by Bond, 1989) in which the SST was laid horizontally with

the window pane uppermost. Radial compression and shear loads were applied

simultaneously through systems of dead weights on hangers. Different combinations of

radial and shear loads were applied to measure the small cross-sensitivity between the

circuits.

(b) Temperature sensitivity: The radial stress circuits are arranged in a half Wheatstone

bridge without "balancing" inactive gauges to compensate for temperature changes.

Laboratory tests by Lehane (1992) showed that rises in temperature led to an expansion

in the radial strain webs resulting in a reduction in the radial stress reading, amounting

to around =-2kPa per +1°C. The changes were linear and repeatable. On site, the

largest temperature change occurred as the pile passed from the warm air (in Summer)

into the cool ground and the calibrations were useful in adjusting the initial zero

readings. However, large temperature increases of 5°C were also experienced by the
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leading SST at Dunkirk due to frictional heating during penetration of the dense sand.

The instrument cooled during pauses in jacking. In this case the temperature calibrations

were applied automatically to the SST readings in the data reduction programme.'

(c)	 Sensitivity to axial load: The SST is asymmetric along its axis, hence the application

of axial load can cause deformation of the main housing and Cambridge load cell. This

results in changes to the radial stress and shear stress readings. To measure the effect

of axial load the SST's were calibrated in an Amsler machine which was also used in

the calibration of the axial load cells. The axial load cell and pore pressure units were

attached during calibration to replicate the end conditions during pile testing. Radial

compression and shear loads of the magnitudes exerted in the field could not be applied

simultaneously, hence only the changes in instrument zeros were measured. 2 Before

calibrating for the Dunkirk tests, the instruments were exercised under the higher axial

loads anticipated.

The tests showed that the radial stress circuits suffered the greatest changes (-9OkPa for 300kN)

whilst negligible changes were measured for the shear stress circuits (-2kPa for 300kN). The

changes were non-linear, hysteretic and varied between instruments. A bi-linear response was

approximated for each instrument and appropriate corrections were applied to the readings in the

data reduction program. These were only significant for the measurements taken in the dense

sand at Dunkirk where the application of very high axial loads, averaging at 8OkN required

average a1 corrections of 3OkPa (2O%). The axial load distribution along the pile resulted in

the highest corrections being applied to the lagging instrument and the smallest to the leading

instrument next to the pile tip. Despite these corrections, the SST shear stress measurements at

Dunkirk were still significantly lower than the average shear stresses measured between adjacent

ALC's. This is discussed later in Section 4.6.2 and Appendix A.

4.3.6 Pile assembly and preparation

After calibration, the instrumented pile length was assembled in the laboratory. The screw

thread joints between instrument units and casings were made water-tight with 0-rings and

The shear stress circuits, ALC's and PPP's were relatively insensitive to temperature as
the compensating strain-gauges in their Wheatstone bridge configurations were fully
effective.

2 The instrument zero reading is the voltage output under zero load.
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Hylomar gasket sealant. However, leakage did occur during the first phase of testing at Pentre

and subsequently PTFE tape was also wrapped around the threads to provide a third level of

protection.

Lehane showed that slight variations in pile roughness could cause large differences in the

interface angle of friction at failure. Therefore, before each phase of testing the pile was

shotblasted to a centre-line surface roughness of 10 microns, to ensure a uniform roughness

along the complete length, similar to that for full-scale industrial piles (Tika-Vassilikos, 1991).

Shotblasting was a particular requirement for the new high-capacity axial load cells which had

been machined to an extremely smooth finish and for the new extension casings which were

initially covered with mill-scale.

On site, the instruments were energised for 24 hours prior to installation. Protruding 0 rings

between the ALC and PPU's were ground down to lie flush with the pile surface and recesses

along the pile shaft such as bolt and lug holes were infilled with local clay or clayey sand.

4.3.7 Data acquisition and reduction

All instruments were monitored continuously during the entire duration of installation,

equalisation and load testing. The instruments were connected to a Schlumberger 3535D

"Scorpio" datalogger or a 353 ID "Orion" back-up, which recorded the digital voltage signals and

stored them on floppy disc or as a hard-copy printout. Some initial problems were experienced

with the new floppy disc recording system on the "Scorpio" datalogger, though in most cases

the printed output limited data losses to a minimum.

The datalogger could be programmed to record instrument readings at any frequency. These

were specified according to the expected rate of change of readings and varied between a set of

readings every 3 seconds during installation, to once per hour during long-term monitoring.

40 megabytes of raw data was collected from the two sites and this was transferred from floppy

disc to the Imperial College computer network. Data reduction was carried out on a PC system

using Fortran programs written by Dr. B. Lehane and modified by the Author (refer to Cho'v,

1996, for a full description and the computer listings). Commercial spreadsheet, file-editing and

graphics packages were used for data processing. After processing, the entire quantity of data

had increased to 200MB.
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4.4 SITE ARRANGEMENTS

4.4.1 Starter boreholes

Four 250mm diameter starter boreholes were drilled to depths between 7.5 and 12m at Pentre

to (a) bypass the uppermost stiff alluvial stratum and (b) reduce the shaft resistance arid total pile

capacity to manageable levels. Drilling was conducted by Strata Investigation Ltd using a shell

and auger rig arid supervised by the Author. As the required depth was approached the borehole

casing was advanced and cleaned out at intervals of Im. During cleaning it was apparent that

base heave or "boiling" was occurring due to a combination of low soil strength and the presence

of thin silt layers and seams which easily cavitated under suction. Efforts to limit this were

made by (a) ensuring the borehole was always filled with water to provide a pressure balance,

(b) withdrawing the shell tool slowly to reduce suction effects and (c) not exceeding the target

depth. In cases where heave was suspected, drilling was terminated early before the target depth

was reached. Despite these efforts, the pile base resistances and stress measurements during

installation indicated that the zone of disturbed ground extended up to 0.7m (3 borehole

diameters) below the base of the borehole.'

An 200mm disposable plastic liner with external spacing blocks was lowered into the completed

borehole and the steel casing was carefully withdrawn. The annular space left between the

plastic casing and walls of the borehole was filled with sand.

4.4.2 Pile loading frames

Pentre

The pile loading rig belonging to the Building Research Establishment (BRE) and previously

used at Canons Park, Cowden and Bothkennar was re-employed at Pentre (see Bond, 1989, for

full details). Figure 4.6 shows a photograph of the arrangement consisting of two parallel beams

resting on mats of timber sleepers and pinned down with steel kentledge at either end. The

beams supported a moveable "A" frame tower with an adjustable crosshead with a hydraulic jack

located directly below. The pile was positioned below the jack, passing between the beams,

Note that the diameters of the starter boreholes used in the LDP and NGI tests at Pentre
(see Section 3.6) were 0.914m and 0.273m, respectively. If these created similar zones
of disturbed ground extending to 3D BH, reduced shaft resistances would be expected
along the upper 3m and 0.8m of these piles.
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Figure 4.8	 Schematic of Dunkirk rig for ICP tests

through a circular "spider clamp" 1 positioned on the ground surface and into the ground. The

moveable tower allowed two pile installations to be made at each rig location and a chain hoist

attached to the top of the tower was used to lift the crosshead or the pile. No major alterations

were necessary for the longer I .Sin stroke jack introduced in these experiments.

The spider clamp formed a ring around the pile and three chocks could be inserted into
the annular gap, wedging the pile into place. Its main purpose was to hold the pile
while it was being lowered or lifted through the starter borehole. It was also applied
when the jack vas being reset to prevent lateral pile movements.
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Dunkirk

The axial loads anticipated at Dunkirk were much greater than those experienced at the previous

ICP sites and far beyond the capacity of the BRE loading frame. Therefore, a new test beam

arrangement was devised using two 12m long, 2m high, 14 tonne beams belonging to the pile

testing contractor, Precision Monitoring and Control Ltd (PMC).

Figure 4.7 shows photographs of the test beams and pile and Figure 4.8 illustrates the

arrangement schematically. The system followed the same principles as the Pentre rig with two

parallel beams, supported by sleepers and timber footings bearing on the ground surface and

loaded with concrete kentledge blocks at either end. The pile passed through the 250mm gap

between the beams, through the spider clamp, and was pushed into the ground with a hydraulic

jack positioned above the pile head. A Dywidag bar and yoke system connected the jack to the

beams to provide the necessary reaction. Two scaffold towers were erected on either side of the

beams to enable a chain hoist to be fitted above the pile. A platform spanning between the

scaffold towers and resting on top of the beams provided a safe working area. One rig location

was used for the four pile installations with the scaffold towers moved laterally with each new

pile position. Except in the case of the interaction experiments at Dunkirk, all of the Pentre and

Dunkirk piles were installed at a minimum spacing of lm (20 radii).

The surcharging effects of the piling rig and reaction load on the ground around the piles was

considered. The deep starter boreholes at Pentre reduced this to negligible levels. At Dunkirk

the piles were installed no closer than 3m from the edge of the timber mats (2m wide and 6m

long) to avoid the non-uniform stress-fields and prevent large turning moments. The reaction

load on the ground was greatest during tension loading since compression loading provided an

upward force to the beam. Elastic Bousinnesq calculations indicate that the piling rig and

reaction load would have had insignificant effects on pile shaft capacity at this spacing.'

Taking a worst case scenario and assuming that the reaction force and rig weight were
concentrated in the middle third of the timber mat (i.e. a 2m square): at a spacing of 3m
the increase in vertical stress, is less than 0.05q, where q is the footing bearing
pressure. Rig weight 440kN, maximum tension load = 208kN (DK1/L3T), q,,. =
94kPa, iZ5kPa.
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4.4.3 Sources of power

The Pentre and Dunkirk sites were remote from shelter or power supplies, hence mobile units

were constructed. A 6m long steel storage container, which could be lifted and transported by

cranes and lorries, was converted into office, workshop and storage space with electrical lighting,

heating and power sockets. A small timber shed served as an outhouse for the generators.

A three phase generator was required for the hydraulic jack power pack and a separate single

phase generator was used to supply the pile instruments, datalogger and storage container. An

external petrol reservoir was manufactured from a 12 gallon car petrol tank to enable the single

phase generator to run for 3 days, enabling continuous instrument readings. During the long-

term ageing test at Pentre the reservoir was only refilled once every two weeks.

The power supply system was fitted with circuit breakers and earthed with two remote, deeply

buried, copper rods. While this proved effective for the ICP tests at Pentre and Dunkirk, the

supply voltage did undergo some unusual fluctuations during the large-scale, I im deep

CLAROM pile load tests. The reason for this remains unexplained though the site was located

in the proximity of a nuclear power station and close to electrified rail tracks and buried

pipelines which may have allowed stray electrical currents to leak into the ground.

A 5 volt DC supply was used to energise the instruments and initial fears over fluctuations in

the supply voltage and the occurrence of potentially harmful spurious peaks led to the attachment

of a "Topaz" uninterruptible power and filter system. However, these were not suited to site

conditions and caused numerous problems. After the stability of the supply voltage had been

proven, these systems were disconnected.

4.5 TESTING PROCEDURES

4.5.1 InstalLation

At both sites pile installation was conducted using a hydraulic jack. At Pentre, this proceeded

from the base of the water-filled starter borehole, whereas at Dunkirk jacking began from the

ground surface. Due to the large target depths required at Pentre, two tests were conducted in
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most boreholes, the first (compression) test at I 4m followed by further jacking to 	 I 9m

where the second test was performed.

The effect of jack stroke length was investigated at Pentre using:

(i) A O.25m stroke jack belonging to BRE and used in the previous JCP tests. This

delivered average jack stroke lengths of around O.20m (referred to as 'standard").

(ii) A new I .5m long jack, also provided by BRE. This was used to simulate installation

with long jack strokes averaging between 0.5 and O.8m, and short strokes of 0.025m (the

long jack was preferred for the latter since it required fewer pauses for resetting and

installation was much easier and faster). Unfortunately the new jack proved to be more

difficult to regulate: its advancement rate varied from the intended 500mm/mm to

between 1200mm/mm and 250mm/mm.

Only the standard jack was employed at Dunkirk but this was connected to a hydraulic power

pack provided by the pile testing contractor, PMC. A standard rate of installation of 600mm/rn in

was used.

Pile penetration was measured using graduations drawn on the pile surface with marker pen and

penetration rates were calculated using stop-watch readings.

Between jack strokes there were short pause periods while the crosshead and jack were reset or

new lengths of tubing added. Resetting was usually achieved in less than 5 minutes at Pentre,

and less than half this time at Dunkirk where the Dywidag bar system only required winding

down two reaction bolts. Tube additions took up to 45 minutes as the casings were threaded

along the cables,' screw threads and 0-rings were cleaned and 1-lylomar sealant and PTFE tape

applied.

The jacking cycles for the 0.025m short strokes imitated the "standard" ratio of moving periods

to stationary pauses, with jacking lasting =2 seconds and pauses, = 10 seconds. In this case,

stroke distances were judged by the jack operator viewing the graduations marked on the surface

of the pile.

Before pile installation all of the casings and couplers were laid out in sequence and the
instrument cables were threaded through and connected to the datalogger to remove the
necessity for disconnections during the test period.
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4.5.2 Equalisation

The instruments were monitored at progressively longer intervals as equalisation progressed.

Piles were load tested after the radial effective stresses had reached stable, hilly equalised values.

Overnight periods of around 15 hours were sufficient in the relatively high permeability

materials at both Pentre and Dunkirk.

4.5.3 Loading

Slow, drained,' first-time load tests were conducted in the relatively free-draining materials at

Pentre and Dunkirk, with pore pressures remaining within ±lOkPa of ambient conditions prior

to failure. Loading was conducted in tension and compression with failure achieved in around

5 hours at Pentre and 2 hours at Dunkirk. Subsequent reload tests, one-way cycling and

interaction experiments were performed on selected piles. During loading all of the pile

instruments were monitored at intervals of 10 seconds.

Loadin g arrangements

Compression loads were applied using the same arrangement used during installation. In tension

loading and extraction, the jacking force was applied through a steel tension bar which was

connected to the pile head at its lower end, passed through a hole in the centre of the standard

jack and fitted with a horizontal reaction plate at its upper end. Expansion of the jack against

the horizontal plate lifted the pile out of the ground.

An independent commercially bought axial load cell was used to measure the loads at the pile

head. Pile displacements were measured with three displacement transducers positioned

circumferentially around the pile and mounted on a steel frame fixed to a reference beam. The

transducers rested on horizontal glass plates glued onto G-clamps fixed to the pile shaft as shown

in Figure 4.9. The Pentre reference beam was a 3.5m long box section whereas at Dunkirk a

6m long ladder beam was used. These were simply supported on driven stakes at either end and

shaded from the sun with canvas covers. Backup displacement readings were from a dial gauge.

During this phase of testing the jack was controlled manually using a hand pump with a digital

display relaying the axial load cell readings to the jack operator.

Note that at previous ICP clay test sites the load tests were all undrained except BK3
(2)/LIC at Bothkennar which lasted 24 hours.
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Loading procedure

The loading procedure adopted was a slower version of that used at previous ICP sites by

Lehane and Bond and a variant of the Laboratoire des Ponts et Chaussées method (Bustamante,

1982). Loads were applied in increments of 5 to 10% of the expected maximum load and

maintained for a holding period of around 20 minutes at Pentre and 10 minutes at Dunkirk. The

creep rates observed during the holding periods gave an indication of the proximity to failure

and as these increased, the load increments were reduced and the holding periods prolonged,

enabling the failure load to be defined accurately. Failure was reached when the rate of pile

movement increased with time and, at this point, attempts were made to maintain the maximum

load by continuous pumping of the jack or, if this was not possible, loading was continued at

a controlled rate of plunging. After achieving their peak capacities, some piles were subjected

to load-unload loops and variations in the rate of displacement.

The loading procedure led to the following test characteristics:

The average rate of displacement in first-time tests at Pentre was 0.02mm/mm

(1.2mm/hour). 	 At Dunkirk the displacement rate in compression tests was

0.04mm/min. The softer response in tension load tests led to higher rates of

displacement, typically 0.06mm/mm.

The creep rates at both sites were very low, reaching around 0.02mm/mm just before

failure.

Rates of plunging post-peak were restricted to 5mm/mm or less. Post-peak pore

pressure changes at Pentre indicated that this stage of loading was not drained. "Stick-

slip" post-peak behaviour was exhibited at Dunkirk with sudden settlements of 2mm

resulting in saw-tooth shaped load-displacement characteristics. This is discussed in

more detail in Section 7.4.1.

Notation

The large number of first-time and subsequent reload tests are distinguished using the notation

system described in Table 4.2 which follows that established by Bond and Lehane,

differentiating between the different test sites, pile installations, rates of installation, number and

type of load test.
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Figure 4.9	 Arrangement of displacement transducers during load testing
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PT4lf/LIC

PT	 4	 I	 f	 LI	 C

Site	 Pile	 Jack stroke	 Jack stroke rate	 Load test	 Load test
number	 length	 number	 direction

P1': Pentre	 I: long (0.5-	 f: fast (900+	 1: first-time	 C: compression
I .Om)	 mm/mm)	 load test

DK: Dunkirk	 T: tension
sh: short	 s: slow
(0.025m)	 (80mmlmin, not 	 CYC: cyclic

used in these	 compression
Omitted for	 tests)
standard	 CYT: cyclic
strokes of	 Omitted for	 tension
0.2m	 standard rates

between 250 and 	 FEX: extraction
500mm/mm

Table 4.2	 Notation used in the ICP load tests

4.6 INSTRUMENT PERFORMANCE

Appendix A gives full details of instrument behaviour during the testing programmes including

individual instrument drifts. Overall, the instruments proved to be robust, only experiencing the

minor problems described in the following Section. However, interpretation of the results

revealed anomalies in some of the SST measurements which are discussed in Section 4.6.2.

4.6.1 General

The rate of instrument survival at both sites was excellent (around 97%) with only minor

instrument failures as listed below and detailed in Appendix A. In most cases the degree of

redundancy provided by the large number of instruments meant that data loss was minimal.

PT2: Water leaked into the pile causing the failure of one PPP and one temperature sensor

during equalisation. More instruments failed during pile extraction.

PT3: Failure of one PPP during installation.

PT7sh: One SST failed during the 2.5 month long-term monitoring period. The top load cell

malfunctioned during the second load test but the readings from the last ALC (located

in the borehole) were used in their place.
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DKI: The first attempt at pile installation failed after a penetration of im due to poor seating

of the jack on the pile head. The pile head swung sideways, striking the side of the

beam and overstressing the lagging SST and ALC. These instruments were replaced

with spares and the installation was restarted. Due to the lack of instruments, no axial

load readings were taken at the pile head during the final 3.4m of penetration.

DK2: As for DKI, there was no last ALC fitted at the pile head and the total shaft resistance

during the final 2.Om of penetration was not measured.

DK3: During DK3IL3CYC and the overnight rest period between tests DK3/L4C and

DK3IL5C there were intermittent problems with all four SST's when the readings

suddenly jumped to non-sensical values. This is thought to be due to the development

of temporary short circuits in the signal relaying system. These readings were not

important and have been edited out of the data.

Table 4.3 compares the magnitude of the instrument measurements at the two sites with those

taken previously. Note that the average axial loads applied at Dunkirk were three times greater

than those previously experienced and pore pressures at Pentre were nearly four times higher due

to the very large depths tested. Also listed in Table 4.3 are the mean instrument drifts at Pentre

and Dunkirk which in 96% of cases were less than 2% of the instrument's full scale output. The

remaining 4% of cases all occurred at Pentre and were either associated with water ingress or

the 2.5 month long-term ageing period in test PT7sh. The PPP's generally performed very well,

though some desaturated during extraction at Dunkirk and the final instrument zeros could not

be measured.
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Instrument	 SST	 ALC	 PPP

Measurement	 a,	 Q (kN)	 u

______________________	 (kPa)	 (kPa)	 I	 II	 (kPa)

Design range	 0-870	 ±262	 ±209	 ±405	 [-50 to +1000]

Mima measured

Canons Park	 1000	 120	 125	 -	 [-100 to +500]

Labenne	 110	 50	 100	 -	 30

Cowden	 800	 250	 250	 -	 [-100 to +600]

Bothkennar	 190	 25	 30	 -	 200

Pentre	 800	 130	 140	 -	 660

Dunkirk	 1050'	 -275'	 -	 270	 40

Average measurements during load tests

Canons Park	 550	 100	 30	 -	 [-100 to +100]

Labenne	 50	 30	 25	 -	 15

Cowden	 400	 60	 30	 -	 [-50 to +75]

Bothkennar	 60	 18	 10	 -	 40

Pentre	 150	 40	 30	 -	 150

Dunkirk	 150	 70	 -	 80	 15

Mean instrument zero drifts during a pile zesr

Canons Park	 ±8.4	 ±7.3	 ±2.1	 -	 ±8.2

Labenne	 ±3.0	 ±0.4	 ±0.6	 -	 ±3.5

Cowden	 ±4.0	 ±1.0	 ±0.5	 -	 ±4.0

Bothkennar	 ±4.0	 ±0.8	 ±0.7	 -	 ±3.0

Pentre	 ±9.2	 ±1.3	 ±0.7	 -	 ±6.3

Dunkirk	 ±3.5	 ±1.6	 -	 ±2.5	 ±7.3

	

Notes: I	 During the interaction experiment.

	

2	 During two tests at Pentre where these were conducted in a single borehole.

Table 4.3	 Magnitudes of instrument measurements and observed drifts
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4.6.2 Under-registration of local stresses

A major advantage of the ICP is that the large number of instruments offers some redundancy

and allows measurements to be cross-checked for consistency. This is particularly useful for the

SST readings, as accurate local stress measurements are notoriously difficult to obtain.

(a)	 Cell action effects

In the design of the SST's Bond (1989) paid particular attention to minimising cell action

effects. Most sensors measure radial stress through some deflection of a loading platen or

membrane.' This movement, however small, causes a reduction in the earth pressure around the

cell and hence under-registration of the radial stress, a, on the rigid pile shaft. This is

particularly significant in stiff soils where a very stiff transducer is required to minimise errors

(e.g. Clayton & Bica, 1993). Loading platens which occupy a large proportion of the pile

circumference (i.e. subtend a large plan angle) are better able to provide representative readings

and are less susceptible to soil arching effects. The SST's on the ICP occupy 26% of the pile

circumference, subtend ing an angle of 95°.

The magnitude of cell action effects is difficult to measure in calibration tests but may be

estimated by assessing the relative transducer and soil stiffness (see Appendix A). Features of

test results which prove obvious stress under-registration include the apparent measurement of

negative radial effective stresses and absurdly high inferred angles of interface friction at failure

(6 = tan' (t/&,)). Other features which indicate whether cell action plays a smaller but still

significant role include the shape of the local effective stress paths during loading and

compatibility between local and average shear stress measurements (r and f).

The analyses of Jardine (1985), Bond, (1989) and that of Lehane (1992) described in Appendix

A, demonstrate that the stiffness of the SST load cell is such that any under-registration in t,

is approximately twice that in Cr. The accuracy of the t,2 measurements may be assessed from

comparisons with the average shear stresses, f, acting on the pile casings between instrument

clusters and deduced from adjacent ALC measurements (Figure 4.1). The f values are very

reliable since the ALC design is simple and unaffected by cell action effects.

Notable exceptions include dilatometer-type cells and the piezo-lateral stress cell
(Morrison, 1984) which measure changes in fluid pressure inside a steel membrane.
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(b)	 Measurements at Dunkirk

The Dunkirk data showed large differences between the f and t,1 values during both pile

installation and compression loading, indicating that the SST's were under-registering t by as

much as 7OkPa ( 50%). The size of this discrepancy was much greater than that previously

encountered at previous ICP sites and disp'ayed a clear trend with h/R, being greatest at the

lagging instruments near the top of the pile and minimal at the leading instrument at the pile tip.

No significant enors were found in measurements taken during tension loading or the

equalisation period. This suggested that the errors were related to the compressive axial load

exerted on the instruments which were on average three times higher than at previous sites.

The under-registration is thought to be caused by the asymmetric design of the SST cell which

results in bending under high axial loads. Bending may result in (a) a change in the calibration

coefficients for ç and ,' or (b) a slight movement of the window pane away from the soil,

causing a reduction in contact radial stress and hence shear stress.

A correction for the under-registration in t was developed by comparing the f measurements

during loading. A correlation was formed with axial load and q,, the pile end resistance for the

depth concerned and an indicator of local sand density. Full details are provided in Appendix

A. Careful analyses showed that no correction was necessary if the local axial loads fell below

a threshold value of +6OkN (compression), i.e. readings taken during pauses in jacking,

equalisation and tension loading did not require correction. 2 A second correction was developed

for the under-registration of ar.

The corrections were applied to the installation and compression load test data and rigorously

checked for validity. The shapes of the resulting stress paths during loading appeared

reasonable, showing good agreement with those from tension tests and the measurements in

loose to medium dense sand at Labenne. The lagging SST which sustained the highest axial

The SST calibration for axial load described in Section 4.3.5 only measured the changes
in instrument zeros. Radial and shear stresses could not be applied at the same time as
axial load, hence this cross sensitivity was not measured.

2 The threshold load explains why stress under-registration was not a major problem at
the previous ICP sites, though the relatively small discrepancies noted by Lehane (1992)
at Cowden (attributed to differences in surface textures of the SST's and casings)
showed many of the trends displayed at Dunkirk suggesting the occurrence of similar
bending phenomena.
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loads suffered the largest errors and is considered the least reliable of all the instruments.

Conversely, the leading instrument near the pile tip was subjected to low loads, requiring only

minor corrections and so giving the most reliable data.







165

CHAPTER 5

SOIL CONDITIONS

5.1 INTRODUCTION

This Chapter gives descriptions of the soil conditions encountered at the Pentre and Dunkirk sites

where the field experiments described later in this Thesis were conducted. Site investigations

had already been performed in both cases, but the opportunity was taken to conduct additional

studies in collaboration with the Building Research Establishment (BRE). These involved soil

sampling at Pentre and further in situ testing and advanced laboratory experiments at both sites.

The latter were performed by fellow researchers at Imperial College in conjunction with parallel

PhD projects and include triaxial stress path, resonant column torsional shear, bender element,

oedometer compression and ring shear tests. Although much of the laboratory research extends

beyond the scope of this Thesis, the new results have allowed a fresh review of the soil

properties at the two sites and provide insights into new aspects of soil behaviour. The data will

also be valuable for any future numerical modelling requiring high quality soil input parameters.

5.2 PENTRE

Pentre was chosen as one of the two LDP test sites after an extensive search across the UK for

a deep deposit of normally consolidated, low plasticity clay, representative of North Sea

conditions (Thomas, 1990). The result of the search was an 80m thick glacial lake deposit

beneath the village of Pentre, nine miles northwest of Shrewsbury in Shropshire as shown on

Figure 5.1(a). Figure 5.1(b) shows the layout of the farmer's field and the locations of the IC,

LDP and NGI pile testing areas. The horizontal distance between the IC and LDP areas is less

than 30m. Figure 5.2 shows the IC test area in greater detail, indicating the positions of pile

tests, boreholes and in situ tests.

The data described in this Section has been obtained from three main sources:

(i)	 A preliminary reconnaissance of the general area described by Thomas (1990).
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(ii) The intensive site investigation conducted in the LDP test area as part of the LDP

programme (Lambson et al., 1992). This included the drilling of three boreholes using

standard offshore techniques to a maximum depth of 60m and the retrieval and

laboratory testing of 76mm thin-walled piston samples. In situ tests such as piezocone,

field vane, axial load-displacement t-z probe, pressuremeter, gamma logging and seismic

surveys were conducted.

(iii) Supplementary site investigations conducted in the IC test area. Three' boreholes were

drilled by BRE to a maximum depth of 30 metres and thin-wall 102mm diameter

ELE/Geonor piston samples were retrieved for oedometer, triaxial stress path, resonant

column torsional shear and bender element research at Imperial College. BRE also

conducted a large number of in situ tests involving piezocones, dilatometers, spade cells,

seismic cone and a Rayleigh wave survey.

Surprisingly low pile capacities were developed in the LDP and NGI tests at Pentre (see Section

3.6), raising serious doubts as to whether the deposit is representative of typical low plasticity,

lightly overconsolidated, northern North Sea clays (refer to discussions at the Large Diameter

Pile Conference, e.g. Semple & Clare, 1993). Through the existence of large platy clay minerals

and aggregates, the material combines the grading and permeability characteristics of a silt, the

index properties of a lean clay and the residual strength behaviour of a far more plastic clay.2

Partial drainage occurred during many of the in situ field tests, causing unusual results. Queries

were also raised over the valjdit, of the in situ cross-hole seismic measurements and triaxial

stress path data.

The new IC site investigation vas designed to achieve the following aims:

Verify that the soil conditions in the IC pile testing area are the same as those in the

vicinity of the LDP tests.

Perform high quality in situ tests using the latest state-of-the-art equipment and testing

procedures.

Obtain higher quality, larger diameter piston samples and perform research-standard

laboratory tests which were not included in the original site investigation.

Investigate the anomalous field and laboratory data with new independent tests.

One additional 25m deep borehole was drilled in a subsequent sampling operation
described by Connolly (1995).

2 In this study the material is referred to as "Pentre clay-silt".
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PILE TEST BOREHOLES
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__________	 SAMPLE BOREHOLES

01 23 45	 ICBH1, iBm, Piston sampLes & spade cell
metres	 ICBH2, 6m, Spade cell installation

1CBH3, 264m, Piston samples

Figure 5.2	 Plan of the IC testing area

Review the behaviour of the Pentre material and investigate whether it is representative

of northern North Sea clays.

The following Sections describe the results, drawing comparisons between the different sources

and other data where necessary.
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5.2.1 Geology

Pentre lies in the Severn Trench, a broad trough following the present-day River Severn and its

tributaries. Bedrock consists of Carboniferous and Triassic sandstones and mans and this has

been overlain by up to 80m of glacial lake sediments, originating from the upper Severn Valley

and mainly deposited during the late Devensian age (18,000-10,000 years BP). At this time the

site lay within a large glacial lake, Lake Lapworth, the most famous relic feature of which is the

deep Ironstone Gorge, formed by escaping meitwater. Overlying the glacial deposits is 3-4m

of Holocene or recent alluvium.

5.2.2 Site profile and in situ tests

Table 5.1 summarises the general soil profile and Figure 5.3 shows the borehole log from

BHIO1 of the LDP investigation which was both the deepest borehole and the closest to the LDP

pile test. The IC boreholes verified the general stratigraphy and macro-fabric, highlighting a

more clayey zone between 11 and 15m with more silty and laminated material below iSm as

indicated by the clay content profile on Figure 5.3. Bands of siltstone gravel were found

between 24 and 30m and are thought to result from dropstone activity from floating ice.

Stratum	 Depth below	 Soil description
________________ 	 ground level (m)

Recent alluvium	 0 - 3.5	 Stiff to very stiff, yellowish brown and grey
mottled, silty CLAY

Glacial clay-silt	 3.5 - 60.9+	 Soft to very stiff, grey, very silty CLAY

Table 5.1	 Pentre stratigraphy

Lambson et al. reported artesian groundwater pressures in the sandstone aquifer producing a head

up to Sm above ground level. Piezometer measurements in the clay indicated a greater than

hydrostatic pore pressure profile with a water table approximately 0.8m below ground level and

no significant seasonal fluctuations. This was confirmed by the ICP pore pressure

measurements.
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Figure 5.4	 BRE piezocone profiles

The envelopes of cone end resistance (q), pore pressure and friction ratio from the BRE tests'

are given in Figure 5.4 and the individual traces are contained in Chow (1994). The results

show good agreement with the previous tests conducted in the LDP investigation. Figure 5.5

shows BRE's Marchetti dilatometer (DMT) profiles from three tests where Po and p 1 are the gas

pressures for membrane "lift-off" and 1mm displacement, respectively. The corresponding

values of material index, horizontal stress index and dilatometer modulus are reported by Cho'v

(1994) and the different material zones are distinguished in Figure 5.5 showing reasonable

agreement with the clay content profile in Figure 5.3. Six dilatometer dissipation tests shoved

minor Po reductions of less than 26% over 70 minutes, indicating that installation and testing '.as

essentially drained. The final end-of-consolidation p values and mean trend line are plotted

on Figure 5.5, forming a lower bound to the Po traces and representing the equalised horizontal

total stress on the dilatometer face. The corresponding horizontal effective stress is also

indicated 2 ('hcD) which infers equilibrium horizontal stress indices 3 (KCD) ranging from 1.80 to

Using a Fugro subtractive piezocone and McCIelland CPT.

2 Evaluated using the ambient pore pressure conditions.
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1.50 in the ICP testing zone between 10 and 20m depth. In contrast, the shallow 7m deep spade

cell gave a o' measurement within 7kPa (14%) of the estimated value. Insufficient time for

relaxation was allowed for the deeper 1 8.5m installation where CT'bo was overestimated by 5OkPa

(50%).

= (a',/a'). Note that this is the stress condition after installation of the DM1 and
not equal to K(.
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5.23 Grading, mineralogy and fabric

(a) Grading

Grading analyses by the LDP and IC showed a range of particle size distributions as illustrated

on Figure 5.6. The material was found to be composed mainly of silt (60-90%), with a clay

fraction of 0-27% and up to 15% fine sand. Figure 5.6(b) compares the gradings with those of

(i) Magnus clay, a typical low plasticity North Sea clay, and (ii) artificially ground rock-flour

quartzitic silt known as HPF4. The uniform Pentre grading bears greater resemblance to the silt

than the clay and leads to an open, porous structure with high permeability (permeability

measurements are described in Section 5.2.5).

(b) Mineralogy and micro-fabric

A mineralogical study by Derbyshire (1987) is summarised in Table 5.2 showing that all of the

sand fraction and some of the silt is composed of quartz, reflecting the material's glacial origin

(ground rock flour). All of the clay fraction and a high proportion of the silt consists of illite-

mica and chlorite clay minerals existing as large flakes or simple, electrochemically bonded

aggregates. The existence of silt-sized clay minerals explains how the material combines a

highly porous and permeable fabric with the index properties of a silty clay.

Fraction	 Minerals	 Proportion (%)

Clay	 Illite-mica & chlorite 	 99
Quartz	 I

Fine silt	 Illite-mica & chlorite 	 60-80
Quartz	 20-40

Medium silt	 Illite-mica & chlorite 	 30-70
Plagioclase feldspar	 5
Quartz	 25-65

Coarse silt	 Jute-mica & chlorite 	 15-30
Quartz	 70-85

Fine sand	 Quartz	 100

Table 5.2	 Mineralogical composition of Pentre samples
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(c)	 Macro-fabric

No faults or joints were observed in the soil mass. Derbyshire (1987) reported two distinct types

of fabric: above 15m the sediments were massive with relatively low macro-fabric anisotropy

indicating a period of continuous deposition, with the clay and silt particles forming a well

developed porous aggregate structure. Below I 5m the structure was regularly laminated vith

distinct graduations in clay and silt contents across the laminae, arising from seasonal or other

changes in water density. He concluded that the soil was typical of terrestrial glacio-lacustrine

sediments of the northern hemisphere.

The ICIBRE piston samples revealed four distinct types of macro-fabric within the relati el)

narrow depth range of 10 to 20m some of which are illustrated on Figure 5.7:

(i) homogenous or thinly laminated with horizontal lam mae 1-2mm thick;

(ii) laminated with thin to thick, horizontal or sub-horizontal laminae of varying silt content.

In some cases the layers showed a strong graduation of clay content suggesting seasonal

deposition, possibly as varves (Figure 5.7(a));

(iii) marbled with irregular, non-planar Iaminae containing different proportions of clay and

silt and sub-horizontal to sub-vertical bedding planes. The unusual turbulent structure

suggests sub-aqueous slumping and mass movement during and after deposition. These

features were found at around 12.5, 15 and 17.5m below ground level (Figure 5.7(b));

(iv) highly non-homogenous completely mixed fabric containing zones with differing silt and

clay contents. These are also thought to result from mass movements on slopes close

to the retreating ice margin.

Laboratory tests by Connolly (1995) and Porovic (1995) described later in this Chapter show that

macro-fabric strongly influences soil strength and, to a lesser extent, stiffness. Differences in

fabric probably contribute to some of the wide scatter in the LDP test results.

(d)	 Comparison with North Sea soils

Derbyshire (1987) compared the Pentre soils with normally consolidated, low plasticity clays

from the Cyrus and Troll North Sea fields, noting its coarser, more uniform grain size, highl>

porous structure and higher degree of macro-fabric anisotropy. The mineralogy also differs, with

the Pentre material derived from the Palaeozoic bedrock of northern and central Wales and the

North Sea deposits composed of a complex mixture of quartz-rich ancient Norwegian and

Scottish rocks and more recent Mesozoic rocks which contain large quantities of fine-grained
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calcareous materials. He concluded that the Pentre soils were a poor analogy for the deposits

from these North Sea fields.

The behaviour of several different North Sea clays, covering a wide range of plasticities, have

been investigated at Imperial College (e.g. Hight, 1983; Gens, 1982; Jardine, 1985; Georgiannou,

1988). The triaxial behaviour of some of these soils is reviewed by Hight et al. (1987) showing

that, unlike the Pentre clay-silt, these possessed intact fabrics close to the intrinsic (or

reconstituted) condition with low permeabilities and sensitivities. The triaxial tests indicated that

the development of a residual fabric in soil-soil shearing would not be expected for a clay of this

plasticity, though this was found in the Pentre triaxial and ring shear tests described later.

The four types of macro-fabrics identified in the IC/BRE samples oo occur in areas of the North

Sea. For example, the sediments from the Troll field are homogenous whereas those from Cyrus

are uniformly thinly ( 1mm) laminated. The Hutton field also contains thinly laminated clay

strata, while at Magnus a layer of "contorted irregular" clay and some weakly laminated deposits

were found (Jardine, 1985). Marbled fabrics are visible on the Norfolk coast (Redding, 1976)

and along the slopes of the Norwegian Trench (Overy, 1996). Evidence of mass movements and

slumping have been found in the very silty deposits on the slopes of the continental shelf West

of Shetland (Paul et al., 1993) and around the large-scale submarine mud volcanoes within the

more plastic Caspian Sea soils (Offshore Engineer, 1996). Contorted and marbled soil fabrics

would be expected as a result.

5.2.4 Index tests

Figure 5.3 displays the index test results from BHIOI which are typical of all the results

obtained. Additional tests at IC confirmed the following trends:

•	 Moisture contents average at 30% in the upper 25m, reducing to 25% below this

level.

•	 Liquid limits fluctuate between 30-42%, occasionally reaching maxima of 58% at 45m.

Plastic limits remain relatively constant at 20%.

The material has low plasticity with plasticity indices (P1) varying between 10-23%. A

region of higher plasticity is highlighted between 40 and 50m with P1's of 36%.

Liquidity indices reduce from 0.7 in the upper 25m to 0.2 below this level.

The vast majority of results plot above the "A TM-line in the low to medium plasticity, silty

clay region, confirming the high clay mineral content described in the previous Section.
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(a)	 Laminated

(b)	 Marbled

Figure 5.7	 Examples of Pentre macro-fabric (after Porovic, 1995)
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Bulk unit weights are around 19.2kN/m 3, increasing to 2OkN/m 3 in the clayey zone

between 35-45m

Specific gravity, G5 = 2.75 to 2.76 for the depths considered.

5.2.5 One-dimensional compressibility and intrinsic properties

Eleven oedometer compression tests were conducted at IC by Connolly (1995) on intact and

reconstituted Pentre samples to investigate one-dimensional compressibility and the effects of

soil structure and sensitivity. This Section describes the results within Burland's (1990)

framework of intrinsic properties and considers how the data may be used to form a different

definition for clay sensitivity.

(a)	 Oedometer results

The effects of soil structure in one dimensional compression may be examined by comparing

the response of an intact sample with that of one reconstituted at a moisture content I to 1.5

times its liquid limit. Burland (1990) referred to the properties of a reconstituted soil as

intrinsic properties' and the virgin compression curve followed by the reconstituted soil as the

intrinsic compression curve.

Figures 5.8(a) to (c) display the oedometer response of intact and reconstituted samples from

three different depths. The reconstituted samples were compressed from a slurry at 1.5 times

the liquid limit with each load increment held for 24 hours. The following features are apparent:

(i) The initial void ratios of the intact samples were greater than those of the reconstituted

material at the same stress level.

(ii) After the yield point, a', the compressibilities of the intact samples, Cc, increased and

exceeded those of the reconstituted samples, C, as the structure collapsed and

approached the intrinsic condition. Loading was terminated before the intact samples

reached the intrinsic compression curves.

(iii) The maximum compressibilities of the intact samples tested at IC, (C c)m,, were in

agreement with those measured by the LDP and NGI, typically ranging between 0.2 and

0.3. The intact swelling index, C, was around ten times smaller than (CJmA. lying

between 0.02 and 0.05 over the YSR = I to 10 range.

Where intrinsic properties are indicated by an asterisk, e.g. C is the compressibility of
an intact sample and C is the compressibility of the reconstituted soil.
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(iv) The ratio of (Cc)m of the intact material to C of the reconstituted sample was 1.5.

In comparison, a ratio of 2 was measured on high quality Laval and Sherbrook samples

of the comparable Bothkennar clay. It is probable that the Geonor piston sampling at

Pentre caused a higher degree of disturbance than these two more sophisticated

techniques.

The large number of oedometer tests on intact samples performed for the LDP project indicated

that the coefficient of volume compressibility, m, decreases asymptotically from O.2m2/MN

at 7m to about 0.065m21MN at 60m for normally consolidated specimens over the stress range

a' to (a',1, +IOOkPa). Coefficients of consolidation, c, varied between 30-300m2/year,

averaging around I 00m 2/year, over the same stress range. Vertical permeability measured in

isotropically consolidated triaxial specimens ranged between 4x10 3 and 1x10'mis. Table 5.3

compares the average permeability with those of North Sea Magnus clay and HPF4 artificial silt

showing that the coarse Pentre grain size results in much higher permeabilities than those

normally associated with a clay.

Soil type	 k (mis)
at a', = 400kPa. YSR =

HPF4 pure silica silt 	 1x107

Pentre	 1x108

Magnus clay	 3x10"

Table 5.3	 Relative permeability of Pentre clay-silt

(b)	 Intnnsic compression line

Burland (1990) showed that the effects of soil type may be removed by resolving the individual

intrinsic compression curves from different clays to a single Intrinsic Compression Line (ICL).

This is achieved by replacing void ratio, e, with void index, 1, which is determined using to

constants: e 1 the intrinsic void ratio at a' =IOOkPa and C* the change in intrinsic void ratio

between a'= 100 and I000kPa; I, = [e - e 1 ] C. Test data from a large number of different

clays allowed Burland to give an equation for the ICL and develop correlations for e*1 and C*

using the void ratio at the liquid limit (eL). These allow the one-dimensional intrinsic behaviour

to be estimated without performing oedometer tests on reconstituted samples:
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Intrinsic void ratio at IOOkPa: e 1 1 = 0.109 + 0.679 eL- 0.089 eL' + 0.016 CL3

Intrinsic compressibility:	 C = 0.256 eL - 0.04

Equation of the ICL:	 = 2.45 - 1.285 log	 + 0.015 (log a')3

Figure 5.8(d) compares the ICL's obtained from the three reconstituted samples with Burland's

equation. Tests were repeated for samples at 13.5m and 9.8m to confirm repeatability. Unlike

the behaviour exhibited by most other clays, the Pentre intrinsic compression curves are not

linear to convex, but concave, displaying very low C values at low stress levels which increase

with higher stresses. The sample with the highest clay content (from 13.6m) gave the least

variation in C. Investigations into particulate soil behaviour (e.g. Oda & Konishi, 1974) have

shown that the compressibility of granular materials is controlled by a power law rather than a

semi-logarithmic curve, with loads being transmitted through a system of mainly sub-verticat

particle columns and contacts. It seems likely that the coarse grain size at Pentre allows the

formation of such columns which are able to sustain low stresses with little sample deformation.

while at high stresses particle breakdown occurs accompanied by collapse of the columnar

structure. The unusually low compressibilities are only significant for stresses below 5OkPa,

hence the concave nature of the ICL has little significance in the interpretation of the pile test

data.

(c)	 In situ void index and clay structure

The in situ void index of the intact material, 1 = [e - e* i ]/C*, may be evaluated from the

natural moisture content and specific gravity, G values. Figure 5.9(a) plots the values derived

from the LDP and IC measurements against a',, showing that 1,, generally lies above the ICL.

The results are in good agreement with the trend found by Burland for many other normally

consolidated natural clays which he used to define a Sedimentation Compression Line (SCL) at

a void index 0.75 higher than the ICL. The vertical distance between I and the ICL (M0

= I - 1) appears to depend on the conditions of sedimentation with slow deposition in still

water leading to a more open random fabric and higher void indices. Subsequent increases in

effective overburden pressure reduce I, but leave iM, essentially unchanged, i.e. the SCL and

ICL are parallel over normal engineering stress ranges and the relatively open fabric created

during deposition is retained during sedimentary loading over geological timescales. The AI,,(,

values from Pentre are plotted against depth in Figure 5.9(b), suggesting that more porous and

open fabrics (iM % >1 .0) exist around 20m and 55m and a more compact structure (M. )<0.25) in

the clayey material between 35 and 45m.
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(d)	 Clay sensitivity

Clay sensitivity is usually defined as the ratio of intact to remoulded or reconstituted strengths

where the latter is free from the effects of structure, e.g. in terms of undrained triaxial strengths,

S1 = sJs. Compression and shearing of a normally consolidated clay over engineering time-

scales can be expected to cause "collapse" of the natural fabric and a reduction in void index

towards the intrinsic condition, making a measure of clay sensitivity for normally

consolidated soils. However, the Pentre deposit is lightly overconsolidated. Figure 5.10 shows

a typical oedometer compression curve followed by a heavily overconsolidated clay.' In this

case, the in situ void ratio or void index is less than that of the intrinsic material and A1 is

negative, with the effects of overconsolidation masking those of clay genesis and fabric.

A clearer indication of sensitivity may be obtained by examining the conditions at yield. The

recompress ion curve on Figure 5.10 crosses the ICL, and approaches the SCL, before yielding

and descending back towards the ICL. The clay fabric and bonding are such that the vertical

effective yield stress (a' s,.,) is greater than that sustained by a reconstituted sample at the same

void ratio (a',.,*). Smith (1992) suggested that one approach to measuring sensitivity was to

compare soil behaviour with that of the reconstituted material at the same moisture content. If

the ratios of (s/a') and (sJc5') are equal then:

(s Ia' )a'%	 = ___S= ____________ ___
(s,, / o' ii') a' *	 a' *

Alternatively, the difference in intact and intrinsic void indices at the same stress level may be

examined which is equivalent to the logarithm of sensitivity:

1*log 10 S = b.1 = I -

= (e - e) I

This sensitivity parameter may be evaluated directly by comparing oedometer test data on intact

and reconstituted samples. Table 5.4 compares the values of AL and bJ and St obtained from

the three sets of tests at IC. Note that sensitivity increases with depth and the relative difference

between bJ and Ei1., decreases as overconsolidation reduces. Figure 5.11 displays values of AI

derived from oedometer tests on intact samples conducted in the LDP programme, showing

slightly higher values but similar trends to those in 	 plotted in Figure 5.10. Appendix C

e.g. Gault Clay from the Ely-Ouse tunnel tested in the oedometer by Samuels (1975) and
described by Burland (1990).
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examines this in more detail, outlining an alternative method for evaluating iM through

reconstruction of the oedometer compression curve using YSR and a correlation ith liquid limit

to estimate the intact recompression index, C 1. The values obtained using this approach confirm

the oedometer measurements and are compared with data from other tests.

Sample	 Depth (m)	 Clay fraction	 1Mvy	 S,
________ ________ (%) ________ ________ ________

BH3 S3	 9.65	 7	 0.22	 0.29	 1.9

BHI S2	 13.60	 25	 0.72	 0.84	 6.9

BH3SI1	 18.15	 11	 1.29	 1.29	 19

Table 5.4	 Difference in intact and intrinsic void indices

5.2.6 Yield stress ratio and ground stress state

Oedometer tests in the LDP investigation allowed yield stress ratio, YSR (= c',Jcr' 0) or apparent

OCR to be evaluated. The assessed trend with depth is indicated on Figure 5.12, indicating

YSR's of about 2.2 at lOm, decreasing to 1.6 at 20m and 1.2 at 60m. Six tests conducted at IC

suggest that YSR between 10 and 20m may be greater by 0.3, however some difficulty was

experienced in accurately defining the yield point due to the high rate of soil creep. The LDP

trend has been adopted in the following analyses due to the greater abundance of test data.

The geological history and micro-fabric studies did not reveal any evidence of erosion or glacial

over-riding and overconsolidation is attributed to changes in ground water level. The stress

conditions at 20m' suggest that the ground water level was once 10.5m lower than at present.

This is in reasonable agreement with projections from the CPT q profile which suggests that a

9OkPa reduction in effective stress surcharge has taken place. The CPT pore pressure profile

suggests a smaller 4OkPa reduction, though the measurements may have been affected to a

greater extent by partial dissipation during installation. The application of Marchetti's (1980)

and Powell & Uglow's (1988) empirical correlations to the dilatometer horizontal stress indices

(1D) presented in Section 5.2.2 resulted in YSR values approximately 50% of laboratory

measurements, inferring YSR<I between 10 and 2Dm. Partial drainage during installation is

thought to be the cause of these anomalous results.

= l77kPa, YSR = 1.60, (c?.-cy' 0) = lO6kPa.
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Figure 5.12 Yield stress ratio against depth (after McClelIand, 1987)

The coefficient of earth pressure at rest, K0, can be evaluated using Mayne & Kulhawy's (1982)

expression K0 = K (YSR' where K = 1-sin4)' and 4)' is taken as 30°. This leads to

I( values which decrease from 0.8 near the ground surface to about 0.5 at 60m depth.

Table 5.5 summarises the ground stress states for the depths tested by the ICP and LDP piles.
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z	 YSR	 So

	

(m)	 (kPa)	 (kPa)	 (kPa)	 ___________ ___________ (kPa)

	

10	 101	 91	 69	 2.30	 0.76	 25

	

15	 154	 134	 90	 1.80	 0.67	 38

	

20	 207	 177	 112	 1.60	 0.63	 50

	

25	 260	 220	 135	 1.50	 0.61	 63

	

30	 313	 263	 157	 1.42	 0.60	 75

	

35	 366	 306	 179	 1.37	 0.58	 88

	

40	 419	 353	 201	 1.30	 0.57	 100

	

45	 472	 400	 225	 1.27	 0.56	 113

	

50	 525	 443	 247	 1.24	 0.56	 125

Table 5.5	 In situ stresses at Pentre

5.2.7 Undrained shear strength

A large variety of tests have been conducted to evaluate the undrained shear strength of the

Pentre clay-silt, as listed in Table 5.6 which compares the peak strengths, s, with those from

undrained, unconsolidated (UU) tests, denoted s,,0.

The s,,0 values from BHIOI and the generalised trend for all three LDP boreholes are displayed

on Figure 5.3 while Figure 5.13 shows the envelopes of s,,results from the LDP tests. Although

all of the tests indicate a linear increase in undrained strength below 1 Om, a large amount of

scatter and significant differences in magnitude are evident due to the differences in stress states,

modes of shearing and disturbance during sampling. s,,0 forms a lower bound to the strength

data with an average undrained strength ratio, s,,,/a' =0.28. In terms of the YSR profile

described in the previous Section, this corresponds to s/& =0.18 at 20m.

These strengths contrast sharply with those obtained from the LDP's isotropically and

anisotropically consolidated samples (CIU and CAU) which were twice the s,,0 values as

illustrated in Table 5.6 and Figure 5.13. The API RP2A (1993) a correlation for pile design

is based on s 0 and these marked differences illustrate the dangers in substituting results from

alternative tests.
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Test'	 Tester	 Test	 Average Proportion
abbreviation	 strength at	 of s

20m(kPa) _________

a. Unconsolidated undrained triaxial tests on 	 LDP	 UU	 50	 1.0
76mm piston samples

b. Isotropically consolidated to p' undrained	 LDP	 CIUC	 107	 2.1
triaxial tests, sheared at 1% axial strain per
hour

c. Anisotropically consolidated undrained	 LDP	 CAUC	 105 t	 2.1
triaxial tests, sheared at 2% axial strain per
hour (average results from 3 samples
between 29.3 and 57.6m)

d. Isotropically consolidated to higher than in	 LDP	 CIUC	 104 t	 2.1
situ stresses undrained triaxial tests
(SHANSEP variant), 2 sheared at 3.5%
axial strain per hour (average results from
4 samples between 20.7 and 39.9m)

e. Anisotropically consolidated to higher than 	 IC	 CK0UC	 82 t	 1.6
in situ stresses undrained triaxial 	 CK0UE	 40 - 48t	 0.8 - 1.0
compression and extension tests at
different YSR's, sheared at 0.2% axial
strain per hour (SHANSEP)

f. Hollow cylinder simple shear tests sheared 	 IC	 CKOUSS cz=32°	 76 t	 1.5

at 0.9% per hour

g. Hollow cylinder torsional shear tests 	 IC	 CKOUTS ct=17°	 91 t	 1.8
sheared at 0.9°c per hour	 CK,UTS ct=30°	 62 t	 1.2

h. Field vane tests; diameters between 32 and LDP 	 FV	 120	 2.4
55mm, rotated at 12 to 18°/mm. Failure
was reached in 40 to 80 seconds.

i. Field pressuremeter tests at 1% per minute	 LDP	 -	 125	 2.5
cavity strain

j. Field Marchetti dilatometer tests	 BRE	 -	 27	 0.5

k. Cone penetration tests N k = 17	 LDP	 CPT	 54	 1.1
BItE

Notes:
1. Triaxial samples were consolidated to YSR=1 and tested in compression unless otherwise stated.
2. The samples were isotropically consolidated to 2.5 times P'o to reduce the effects of sample

disturbance. The term "SHANSEP" was originally used by Ladd & Foott (1974) to describe tests
involving J(0-consolidation and should not strictly be applied to isotropically consolidated tests
which can produce very different results, as pointed out by Whittle (1993).

t	 Assuming constant undrained strength ratio, 	 where p',,. is the maximum applied mean
effective consolidation stress, projected from tests at YSR's = 1.0 and 1.5.

Table 5.6	 Undrained strengths of Pentre clay-silt
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Figure 5.13 Undrained shear strength of Pentre clay-silt (McClelIand, 1987)

The high strengths in the CIU and CAU tests result from large amounts of dilation at failure

which is unusual for lightly overconsolidated clays. No dilation was observed in the IC

SHANSEP-type tests which involved sample consolidation to stresses 2.5 to 3 times p' to reduce

the potential effects of sampling stress histor>. The different responses may have been due to

the high stress levels imposed in the latter or the different shearing rates, with the IC tests

performed 5 to 18 times slower than the LDP tests. Hight, Jardine & Gens (1987) show that

peak undrained strength in triaxial compression can increase by 8°o from a log cycle increase

in shearing rate for lo'v plasticit) normally consolidated soils. Further tests on the Pentre

material are being conducted b) Connoll) to assess these effects.
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The IC triaxial tests and simple shear and torsional shear tests in the hollow cylinder apparatus

gave compressive strengths which fall midway between the strengths and those from the

LDP's CIU and CAU tests, with s/a' 0.29 in triaxial compression. This undrained strength

ratio is in reasonable agreement with data from varved and laminated clays assembled by Hight,

Jardine & Gens (1987) which indicates an average ratio of 0.26. The IC tests are described in

greater detail in the next Section.

Also shown in Figure 5.13 are the in situ vane and pressuremeter tests which also gave

unusually high strengths, more than twice s.,,. Reductions in pore pressure were measured during

the pressuremeter expansion stages, indicating that partial drainage was at least partly responsible

for the anomalously high results. The equivalent scale of the field vane and the magnitude of

the s, values suggests the occurrence of similar partial drainage effects during testing. In

contrast, partial dissipation effects during installation and testing using BRE's Marchetti

dilatometer (Figure 5.5) and an empirical correlation with horizontal stress index, KD, (Marchetti,

1980)' resulted in the underestimation of se,.

The cone base resistance, q, can be correlated to s. by means of a cone factor, Nk (=(qC-

a)Is 0). Lunne and Kleven (1981) showed that clays with plasticity indices between 10-20%

possess Nk values between 18 and 14, averaging at 17. Application of the latter to the Pentre

measurements produces good agreement with 5u0 at 20m but leads to underestimates at depths

greater than 35m where the plasticity increases. The BRE cone results on Figure 5.4 were in

general agreement with the LDP results. The measurements highlighted pore pressure dissipation

between the jack strokes producing higher q and friction readings at the start of each stroke.

This was also apparent in some of the LDP measurements.

Clay sensitivity was evaluated directly by comparing the UU strengths of intact and remoulded

samples, i.e. S1 = S ranged between 0.7 and 3.1, averaging at 1.5. These are much

lower than the values of S1 inferred from the oedometer compression tests which averaged at 9

(see Section 5.2.5 and Appendix C).

s = 0.22 a' (0.51(D)
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5.2.8 Tnaxial stress path tests

The Pentre material possesses low plasticity, low strength, relatively high penneability and

numerous silt laminae which result in a poor ability to sustain suctions during sampling. This

type of geomaterial is particularly susceptible to sample disturbance (Hight, 1992) which can

lead to anomalous triaxial test results. For this reason, Standing's (1994) and Connolly's (1995)

triaxial stress path tests at Imperial College followed a modified version of the SHANSEP

procedure described by Ladd & Foot (1974). 36mm diameter specimens were trimmed from

the IC/BRE Geonor piston samples and K 0-consolidated' to a high mean effective stress of p',

400kPa (approximately three times P'o)• After an ageing period, the samples were sheared in

undrained compression or extension at YSR =1, or swelled back to a higher YSR and then

sheared. Ladd and Foot maintained that the stress ratios Su/p!ma,, developed in such SHANSEP

tests were representative of those developed in situ, although this assumption may not be valid

for sensitive or structured clays (Hight et al., 1987). Lehane (1992) found that the results from

SHANSEP tests on partially destructured Bothkennar clay were more applicable to the piling

situation than those from intact samples, giving more realistic results in SPM analyses (see

Section 3.4.2).

Figure 5.14(a) shows some typical effective stress paths and Table 5.7 lists the peak strength

data together with results from the resonant column torsional shear tests conducted by Porovic

(1995) which are described in the next Section.

The major feature highlighted by the tests was that the Pentre soils have variable internal angles

of friction, ', depending on their macro-fabric. Highly non-homogenous and marbled fabrics,

created by subaqueous slumping at the margin of the glacial lake, were the weakest, often failing

under very low angles associated with the development of residual shear surfaces in the clay-rich

zones.

Taking K0 = 0.5 as determined from a series of triaxial experiments at Imperial College
(Standing, 1994).
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Test	 Sample	 Sample Sample fabric P'm	 YSR	 Cl	 Su/Pm sIa'	 t02fp',,,..

	number	 depth	 (kPa)	 (°)

	

______ _____ (m) ________ ____ ___	 ___ ____ ____

	

CK0UC BH3 SlI	 17.8	 Laminated	 400	 1.0	 0	 0.44	 0.29	 -

CKOUE	 BI-Il S6	 17.4	 Marbled	 400	 1.0	 90	 0.21	 0.14

	

CK.OUC BH3 S13	 20.1	 Laminated	 400	 1.5	 0	 0.43	 0.29	 -

	

CK0UE BH3 S13	 20.3	 Laminated	 400	 1.5	 90	 0.25	 0.17	 -

	

CKUSS BH3 S14	 21.0	 Homogenous	 250	 1.0	 32	 0.40	 0.27	 0.36

	

CK0UTS BHI S5	 16.4	 Laminated	 300	 1.0	 17	 0.48	 0.32	 0.27

	

CKUTS BH3 S6	 12.5	 Marbled	 300	 1.5	 30	 0.34	 0.22	 0.29

	

Notes: 1.	 For details of test notation refer to Table 5.6.

	

2.	 Where P'm and	 are the maximum consolidation stresses.

Table 5.7	 Undrained strengths from IC laboratory tests

The effective stress paths on Figure 5.14 display the following:

In compression, the normally consolidated sample reached peak undrained strengths after

small axial strains of 0.6% and then contracted markedly with a small post-peak

reduction in strength, as 4'mobiljsed continued to increase towards a "critical state" value

of 30°. The overconsolidated sample reached the same critical state angle with larger

reductions in post-peak strength.

In extension, the normally consolidated sample contracted steadily as it tracked across

stress space, attaining peak strength after 6% strain. Peak undrained strength was half

that achieved in compression with 4',=2O.3°. Post-peak, the undrained strength reduced

by a third with 4', =13.5° suggesting the formation of residual shear surfaces.

The overconsolidated sample tested in extension followed a similar effective stress path

to the YSRI extension test, but developed higher peak 4's, (290) and softened post-peak

to a larger 4 'U value of 210. These differences in friction angle are related to the effects

of sample fabric, the marbled samples being systematically weaker than the laminated

or homogenous specimens. Indeed, some highly non-homogenous samples failed during

consolidation with a 3/o 1 -0.5 when mobiI,sed='9•5•
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Sample fabric had a major influence on shearing behaviour, affecting the shapes of the effective

stress paths, sample stiffnesses, permeabilities and strengths. Figure 5.14(b) illustrates the effect

of fabric on Young's modulus at small strains with three identical extension tests on K 0-

consolidated specimens at YSR=1.O. The laminated sample gave the highest stiffness followed

by the marbled specimen with the highly non-homogenous (or very marbled) fabric producing

the lowest stiffliess, around two thirds that of the laminated sample.' Further tests investigating

the effects of fabric are described by Connolly (1995).

The effective stress paths followed by the Pentre samples may be compared with those from

similar CK0U tests on Magnus clay (Jardine, 1985) and HPF4 silt (Ovando-Shelley, 1986) shown

in Figure 5.15. The following features are apparent:

(a) In compression, the normally consolidated Magnus clay contracted sharply after reaching

its peak undrained strength at relatively small strains (0.1%) and then experienced post-

peak reductions in deviator stress while 4'mob,l,sed continued to increase towards critical

state. In extension, the normally consolidated sample contracted steadily, reaching

almost coincident peak and critical state conditions after = 5% strain, but a much lower

undrained strength than that in compression.

(b) The normally and lightly overconsolidated, loose HPF4 silt also reached a "peak"

deviator condition at small strains in compression, after which it contracted markedly.

However, after moderate strains phase transformation was experienced whereupon strong

dilation developed, resulting in very high ultimate undrained strengths. In extension the

silt contracted dramatically, leading to very low strengths.

(c) Both soils were anisotropic but the silt showed the higher degree of anisotropy.

The behaviour of the Pentre material tends more towards that of the Magnus clay, though neither

the Magnus clay nor the I-IPF4 silt showed any tendency to form residual shear surfaces, a

feature which is normally associated with more plastic, clay rich soils (Lupini, Skinner &

Vaughan, 1981).

Hollow cylinder resonant column and bender element tests by Porovic (1995) did not
re cal variations in stiffness of the same extent.
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5.2.9 Resonant column torsional shear tests

Porovic (1995) conducted fiv& pilot tests on intact Pentre samples in a hollow cylinder resonant

column torsional shear apparatus. This allows two aspects of sample behaviour to be

investigated during and after consolidation under anisotropic or isotropic triaxial conditions:

(a) During and after consolidation, the resonant column device measures shear stiffness,

G,,,, at small shear strains (y) of 10%.

(b) After I(0-consolidation and ageing, the sample can be loaded in torsional shear under

displacement control, allowing the measurement of shear strength under different major

principal stress directions. The orientation of ci to the vertical is denoted "a", so that

in triaxial compression, a=0° and in extension a =90°. a values between these limits

can be applied in torsional shear and simple shear. In Porovic's equipment the

intermediate principal stress, 02, varied with a so that b sin 2 a, where b=(a2-a3)/(a1-a3).

The testing procedure is summarised below and Figure 5.16(a) displays the Stress paths followed:

(i) The samples were carefully trimmed and drilled out to give outer and inner diameters

of 71mm and 38mm and lengths of 200mm.

(ii) Ic-consolidation was conducted to a mean effective stress p' =3OOkPa, approximately

2.5 times the in situ stress state. Resonant column Gm measurements were made at

various stages during consolidation.

(iii) The samples were either left in their normally consolidated state or anisotropically

swelled to give YSR's of 1, 1.3 and 3

(iv) After an ageing period of around 5 days, an undrained torsional shear or simple shear

test was carried out.

The undrained strength data from the torsional shear and simple shear tests are listed in Table

5.7 and Figure 5.16(b) displays the variation in strength with a, which followed similar trends

to those found for other clays, sands and silts by Porovic (1995), Menkiti (1995) and Zdravkovic

(1996). However, behaviour was heavily influenced by sample fabric with the lowest strengths

developed by the marbled and highly non-homogenous specimens. The effects of sample fabrics

Note that one test (CKOUTS, YSR=3.0, a=35°) was considered unreliable due to load
cell problems and is not included in this report. A further highly non-homogenous
specimen failed along a non-planar bedding plane during consolidation under a mean
effectie stress of onl y 5OkPa.
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Figure 5.16 Resonant column torsional shear tests (Porovic, 1995)

are discussed by Jardine (1994) and a larger systematic programme of tests to investigate the

different modes of behaviour is currenti) being conducted by Connolly.

The stiffness data from resonant column and simple shear tests were in good agreement enabling

the formation of a composite stiffness-strain cune as shown on Figure 5.l6(c), where the

measurements at small strains ('Oz lxlO 5 to 4xlO%) were from resonant column tests

and those at larger strains (?$z >2x10 4%) were from simple shear.

The magnitude of the Gm&,, values are compared with those obtained in the LDP investigation

in the following Section.

5.2.10 Shear modulus

The shear stiffhess characteristics of the Pentre clay-silt have been investigated in a range of

different tests as listed belo'v with the testing organisation indicated in brackets:

(a) in situ cross-hole seismic tests {LDP}

(b) in situ self boring pressuremeter {LDP}
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(c) in situ seismic cone using two geophones (Butcher & Powell, 1992) {BRE}

(d) in situ Rayleigh wave survey {BRE}

(e) resonant column tests {LDP, IC}

(1)
	

torsional shear tests {IC}

(g) bender element oedometer tests {IC}

(h) small strain triaxial tests {LDP, JC}
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Some of the results are summarised on Figure 5.17 where shear modulus is plotted against in

situ or consolidation mean effective stress.' Note that the different tests measure shear modulus

in different directions. For example, the cross-hole technique uses vertically polarised,

horizontally propagating shear waves which are better suited to measuring vertical shear

modulus, GbV, than horizontal shear modulus. The seismic cone uses horizontally polarised,

vertically propagating shear waves and measures horizontal shear modulus, G,,,.

The LDP cross-hole measurements were erroneously high, suggesting shear stifThess comparable

to soft rocks. In comparison, BRE's seismic cone measurements,2 were an order of magnitude

lower and in good agreement with the laboratory results and the stiffness normally expected

values for a clay of this type. The BRE Rayleigh wave survey was conducted from the ground

surface and confirmed the seismic cone results to a depth of I Om.

Figure 5.17 shows that the K 1 consolidated, YSR= 1, IC resonant column Gm values (Porovic,

1995) plot within the envelope of the isotropically consolidated resonant column test data

obtained in the LDP investigation, following the relationship Gm =46250(pYP3)° 52 where Pa is

atmospheric pressure (1 OOkPa). Two bender element tests on oedometer samples (Porovic, 1995)

confirmed this linear trend (in log-log space) to p'800kPa. The curve from the laboratory

results runs parallel to, but slightly below the in situ seismic cone measurements due to the

effects of sample disturbance, different modes of shearing, stress states and ageing effects in the

field. Porovic investigated the latter by taking resonant column measurements between 1 minute

and 1 4 minutes (7 days) after loading. increased by 16% on normally and lightly

overconsolidated samples (p'm =300kPa), with additional tests indicating that larger increases

were possible with low YSR samples under lower stress levels, though smaller gains were

developed by a sample ageing at YSR=3.

Figure 5.18 shows the variation in G with depth. The seismic cone results indicate that Gmax

increases with depth from about 3OMPa near the ground surface to 1 OOMPa at 35m. Self boring

pressuremeter tests gave lower shear moduli, between 20 and 4OMPa for the same depths, due

to the higher shear strains induced. Small strain stiffness parameters may be obtained from non-

Note that the results from the resonant column and bender element tests are from
normally consolidated specimens whereas those measured in situ include the effects of
ageing and overconsolidation.

2 Involving very low strain levels of I 0% and hence measuring G m (Campanella et
al., 1986).
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Figure 5.18 Shear modulus profile with depth at Pentre

linear interpretation of this data, though this is complicated b) the partially drained test

conditions. IC laboratory triaxial and resonant column values were projected onto the graph

assuming G p' 0058 . The resonant column results are in reasonable agreement with those from

the seismic cone at 21m, the sample depth, but then dierge. possibly due to variations in sample

fabric and plasticit\. The results fall midva> bet'een those projected from the triaxial stress

path tests for Gm and G at 0.01% strain for samples at YSR=L5.
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5.2.11 Ring shear tests

Four ring shear tests were carried out at Imperial College using the apparatus developed by

Bishop et al. (1971): two soil-soil tests and two soil-interface tests. Three tests were conducted

on a very silty clay sample from 15.9m, which is typical of the strata penetrated in the ICP pile

tests and one was performed on a sample with higher clay content (25%) from 13.3m. Prior to

testing the annular stainless steel interfaces were shotbiasted to the same surface roughness as

the instrumented pile (R,1=9.9i.Lm). Full details of the testing procedure and results are given

in Appendix B.

The samples were remoulded by hand and placed in the apparatus at their natural moisture

contents where they were consolidated to normal stresses similar to those experienced on the pile

shaft (cr'= 60 to 2lOkPa). Initial fast shearing was carried out at 500mm/mm for 1.5m

displacement to simulate pile installation. This was usually conducted in a series of five pulses

to model the jacking process, but one test varied the length and number of pulses to investigate

the jack stroke effects. After an equalisation period for pore pressure dissipation, the samples

were sheared at a slow rate, equivalent to that applied to the pile during loading (0.01mm/mm).

Subsequent shearing stages studied the influence of normal stress, YSR and rate of displacement.

The results showed that the Pentre material shears in the transitional mode, switching alternately

between turbulent and sliding shear. After the soil-soil test the sample was prised apart

revealing an "onion skin" of multiple shear surfaces. The principal shear surface was not

perfectly planar or continuous and contained discrete zones of slickensided clay with a high

degree of particle alignment.

Unusually, the interface had a restraining effect on the samples,' increasing the friction angle b}

up to 50• Lemos (1986) postulated that interface abrasion may occur whereby small abraded

particles enter the soil, increasing the shear resistance and forcing the shear surface away from

the interface and into the soil mass. This hypothesis was supported by a reduction in interface

roughness from R10jim to R= 8.5j.tm during the two tests. Interface resistance was

sensitive to clay content.

The soil-soil tests showed lower resistance than the soil-interface experiments.
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The results suggest that in the field a shear surface would be expected to form in the soil mass

a short distance away from the pile surface with 3',, ranging between 22 and 27° during first-time

loading, reducing to ultimate values, 3',, falling between 24 and 14°. The lowest angle

achieved was 4'= 14.1°. The wide range of angles arises from the metastable soil behaviour

with shear resistance being sensitive to local variations in clay content and previous rates and

directions of shearing. The influences of shearing rate and previous displacement history are

summarised below:

Rates of displacement greater than I mm/mm resulted in higher peak and ultimate angles

of friction.

Stages of fast shearing created less ordered shear surfaces and impeded clay particle

alignment. Higher angles of friction were measured during subsequent slow shearing.

Reversals in the direction of shear resulted in a high peak resistance, equal or greater

to that in first-time shearing as the clay particles re-aligned. This was followed by a

steady decrease to ultimate angles that were slightly lower than those obtained in the

first slow loading stage.

The LDP programme also included ring shear tests performed against an interface made from

the same steel (RQT 501) as that used for the LDP pile. Values of were lower than those

obtained in the IC tests, generally ranging between 18.3 and 9.1°, and reducing with increasing

clay plasticity, as shown on Figure 5.19. Interface roughness details were not provided, but the

results suggest they were smoother than those used in the IC tests.

The two sets of results are compared with trends from typical northern North Sea inorganic clays

on Figure 5.19 (Jardine & Ridley, 1992), displaying the following features:

The IC soil-soil and soil-interface results lie around the indicated values of 6'm and

3'mrn Peak angles were the same as or greater than those indicated but, with the

exception of Test 2 on a siltier sample, the ultimate angles were lower than expected.

The LDP 6' values fall further below the trend curve for 3'm,n

Overall, the Pentre material has lower operational 6' values than other North Sea clays

of similar plasticities.

The wide range of ' angles echoes the variations in 4' measured in the triaxial and

hollow cylinder resonant column tests.
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Figure 5.19 Ring shear interface coefficients of friction for Pentre clay-silt

and trends from North Sea clays

The potential variations in ö' are highlighted, reinforcing the need for site-specific ring shear

tests where possible, using the appropriate interfaces, stress levels, shearing history' and rates of

displacement.

5.2.12 Review of Pentre clay-silt behaviour

The IC site investigation achieved all of the initial aims outlined in Section 5.2. The new test

data and review of the soil properties leads to the following conclusions:

• The soil conditions beneath the new IC testing area are generally the same as those in

the LDP test area. The data from the LDP cross-hole seismic tests were proved

erroneous by BRE's state-of-the-art in situ tests.

•	 The Pentre material has the index properties of a silty clay but the large clay particles

and their ability to form aggregates result in a uniform, silt-sized grading. This

produces a very porous structure, typical for glacio-lacustrine sediments but with

porosities and permeabilities exceeding those normally associated with more massie

northern North Sea clay sediments.
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The high permeability led to partial dissipation and anomalous results in many of the

in situ tests. Interpretation of this data should account for the partial drainage effects.

Four distinct macro-fabrics were identified in the IC/BRE piston samples: homogenous,

laminated, marbled and highly non-homogenous. Sample macro-fabric had a strong

effect on the effective stress paths, strengths, stiffness and permeabilities displayed in

triaxial and resonant column torsional shear tests.

The intrinsic properties of Pentre clay-silt compared well with those from other clays,

though at low stress levels the intrinsic compression curves were concave, a feature that

is usually associated with granular particulate materials.

The sensitivity of Pentre clay-silt could be assessed by comparing intact and intrinsic

oedometer compression curves through the use of two void indices, AI and M s,. The

latter provides a better indication of sensitivity in overconsolidated deposits.

The undrained strength ratios from UU tests were typical for a lightly overconsolidated

clay. Comparing SHANSEP triaxial tests and the LDP's CIU and CAU tests suggests

either that the former underwent a change in structure due to their large consolidation

strains or that the latter developed a greater degree of dilation and higher peak strengths

due to faster rates of shearing.

Undrained triaxial stress path tests conducted at IC showed that at high p' values, the

mechanical behaviour of Pentre clay-silt tends in several respects towards that of a lov

plasticity silty North Sea clay. However, marbled and highly non-homogenous samples

were able to form low strength residual shear surfaces under some conditions which led

to low undrained strengths and effective stress friction angles.

Transitional behaviour was exhibited in ring shear tests. Some samples gave very low

4' residual angles in soil-soil shear that were lower than those developed in interface

shear. This unusual trend suggests that shear surfaces may form in the soil mass away

from the pile shaft. The range of angles measured for Pentre clay-silt were lower than

those anticipated from tests on a range of North Sea clays.

Following from the above, the Pentre deposit can not be regarded as typical of most northern

North Sea clays, possessing higher sensitivities and lower friction angles than those most

frequently encountered. Lehane's tentative design method described in Section 3.3 suggests that

these two characteristics would lead to relatively low shaft capacities. The effects on capacity

of high soil permeability and pore pressure dissipation during pile installation have not, as yet,

been established and will be examined in the ICP tests at Pentre described in Chapter 6.
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5.3 DUNKIRK

The second pile testing site used by the Author is situated on the northern coast of France, close

to the towns of Dunkirk and Gravelines as shown in Figure 5.20. The land is owned by the Port

Authority of Dunkirk (PAD) and is bordered on the east by the outer harbour of the Western

Port. The average ground level is approximately 8.5m above mean sea level and varies slightly

across the site due to wind action and the formation of small dunes.

The site was chosen for large-scale pile tests (Brucy et aL, 1991) by the French CLAROM

research consortium, based on nearby site investigation and geological data from the Port

Authority of Dunkirk (PAD 1985). In 1988 a site investigation was conducted comprising one

26.4m deep borehole and two CPT's. Alternate pushed and rotary samples were retrieved from

the borehole using 0.11m diameter, 0.7m long plastic sampling tubes. These were used for

laboratory classification, triaxial and one-dimensional compressibility tests.

In association with the IC pile testing programme, the BRE visited the site in June 1994 and

performed CPT, dilatometer, seismic cone, Rayleigh wave and dynamic penetration in situ tests

(BR.E 1994). Figure 5.21 gives a site plan showing the locations of the borehole, in situ tests

and pile installations.

The unopened samples from the CLAROM borehole were transported to IC and used for further

laboratory testing including classification, mineralogical studies, direct interface shear, triaxial

stress path and resonant column torsional shear tests. Much of this work has been conducted

by Mrs. Reiko Kuwano as part of a parallel PhD research project and attention has focused on

the differences in behaviour between the Dunkirk sand and the well-researched Ham River sand

from the UK. All of the laboratory tests described in the following Sections were conducted at

Imperial College, unless otherwise stated.

5.3.1 Geology

The site stratigraphy is summarised in Table 5.8 and Figure 5.22 shows the borehole log and

typical CPT q and f profiles. The water table was found at 4m and did not show tidal

variations.
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Approx. depth below	 Name
ground level (m)

0 - 3	 Hydraulic Fill

3 - 7.6	 UppeT Flandrian Sand

7.6 - 8.2	 Organic Layer

8.2 - 30	 Middle Flandrian Sand

30	 Yprésienne Clay

Table 5.8	 Dunkirk stratigraphy
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Borehole log	 CPT q (MPa)	 CPT f (kPu)
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16-
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22-
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Figure 5.22 Dunkirk borehole log

Hydraulic Fill

Sand fill was placed between 1972 and 1975 to raise the local ground level by 3m (PAD, 1985).

The fill arose from the dredging of the adjacent western port and is of the same geological origin

as the natural deposits lying beneath the site i.e. Flandrian Sand. After placement, the fill was

allowed to drain naturally without artificial compaction or surcharging (PAD, 1995).

Flandrian Sand

The Flandrian Sand is a marine sand deposited during the Holocene epoch during three local

transgressions of the sea. The sub-strata are often separated by organic layers, the remains of

vegetation which grew when the area was above sea level. Artifacts, discovered in these layers,

have allowed the marine transgressions to be dated to between 2100 and 900 years before

present (Sommé 1969).

Yprésienne Clay

The marine clay is also known as Argue de Flandres and dates to the Eocene period. It extends

beneath part of the southern North Sea, occurring in South East England as London Clay and

outcropping in France approximatel) 10km inland from Dunkirk.

E

4-
Q.
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Figure 5.23 BRE and CLAROM cone penetration tests

5.3.2 Cone penetration and dilatometer tests

(a)	 Cone penetration tests

The two BRE CPT profiles compare well with the CLAROM test conducted six years earlier as

illustrated on Figure 5.23. The following features are noted:

(I)	 In the hydraulic fill the BRE q values averaged around 1 8MPa, approximately I OMPa

lower than those recorded by the CLAROM tests, but still indicating very dense sand.
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Figure 5.24 BRE Marchetti dilatometer profiles

(ii) Both BRE tests indicated a reduction in q to 5MPa at 4.8m, suggesting the presence

of a loose or silty layer. No such reductions were measured in the CLAROM tests and

no unusual strata were observed in the borehole samples from this depth.

(iii) The organic layer at 8m as identified in all four tests by a sharp reduction in q and

confirmed in the borehole samples.

(iv) Below lOm, the q profiles diverge and show much scatter (±2OMPa) indicating a

deposit of variable density.
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The density of marine sands often varies laterally and vertically by virtue of their mode of

deposition, being heavily affected by the rate of deposition, depth of water and degree of

compaction by wave action. In addition, post depositional processes can lead to sand movement

and the formation of sand bars and channels. Surface erosion and redeposition through wind

action results in loose dunes. Many of the differences identified above can be attributed to local

variations, indeed, there are no other obvious explanations for observation (i), the reduction in

q with time in the hydraulic fill. The BRE tests are considered the most reliable as these were

closer to the ICP tests (separated by a horizontal distance of - 13m) and were performed with

state-of-the-art instruments with rigorous calibration checks. Subsequent references to CPT

values in this Thesis will be to the BR.E measurements. Note that ground level at the BRE test

positions was 0.8m below the ICP testing level and adjustments have been made to the BRE

results used later to account for this difference.

(b)	 Marchetti dilatometer tests

Two dilatometer tests were conducted by BRE at the locations shown on the site plan of Figure

5.21. The repeatability of the tests was excellent as illustrated on Figure 5.24 which plots the

profiles of Pa ("lift off') and Pi (1mm membrane displacement) pressures. Both Pa and p1

profiles closely resemble the variations in q measured in the adjacent BRE CPT tests. The

resulting profiles of dilatometer modulus, material index, horizontal stress index and inferred

values of iç and 4' are reported by BRE (1994). Very high horizontal stress indices K 0 =

(&hEIcN'VO) exceeding 30 were measured in the hydraulic fill, which reduced to around 6 between

4 and lOm depth. With the exception of the organic layer at 8m, the deposit was classified as

"rigid" to "very rigid" sand.

5.3.3 Classification tests

(a) Grading analyses

Figure 5.25 shows the results from sieve analyses at IC which generally fall within the envelope

of results from the CLAROM tests. The Flandrian Sand and hydraulic fill can both be described

as uniform, fine to medium sands with a mean particle size (D50) of 0.25mm.

(b) Angularity

The sand grains are subrounded to rounded in shape, using the classification developed by

Pettijohn (1949).
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Figure 5.25 Dunkirk particle size distribution

(c) Mineralogy

X-ray diffraction analyses at IC on eight samples revealed an average composition of 84% quartz

with 8% feldspar (Albite and Microcline) and 8% calcium carbonate. Carbonate contents of

6% were measured on two IC specimens using the BS1377 rapid titration technique. 10 samples

tested in the CLAROM investigation (method unspecified) revealed carbonate contents between

9 and 18%, averaging at 11.5%. Most of the carbonate occurs as coarse shell fragments and an

average content of 10% is not considered unusually high for a marine deposit of this type.

(d) Specific Gravity

Eight specific gravity detenninations, made following the BS1377 procedure, gave a mean

specific gravity G2.656 with a maximum deviation of 0.006.

5.3.4 Relative sand density and ground stress state

Maximum and minimum density measurements were made using the methods described in

BS1377 (1990). The bulk densities of the sand in the sample tubes were also measured. These

results and the corresponding relative densities (1),) are combined with those from the CLAROM

study in Figure 5.26. The presence of the organic layer at 8m is identified by a sharp reduction

in D1. However, scatter and some anomalous results with D r> 100% reflect sample disturbance

and the difficulties in determining maximum density accurately.
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Figure 5.26 Dunkirk relative sand density

Relative density can be determined more reliably using correlations with CPT tests. The q data

shown on Figure 5.22 were interpreted using the Lunne & Christoffersen's (1983) correlation1

which indicated D= 100% in the hydraulic fill and 75% in the Flandrian Sand as shown on

Figure 5.26. These correspond to bulk densities of 17.1 kN/m 3 above the water table arid

1 9.9kN/m3 below.

D7 = 0.344 In {qJ(61 a'° 71 )} where q and a' are given in kPa and D, is expressed as
a fraction.
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The q values measured in the hydraulic fill and confirmed in the CLAROM tests are unusually

high for their shallow depths, suggesting relative densities exceeding 100%. The sand was not

compacted during placement or subsequently surcharged, so normally consolidated conditions

have been assumed.

The coefficient of earth pressure at rest, K0, is calculated as 0.40 using the correlation developed

by Jaky (1944) for normally consolidated deposits: K 0 = { 1-sin •'} where ', the angle of

internal friction, is 370 from triaxial compression tests.'

Table 5.9 summarises the interpreted ground stress state for the depths of interest.

	

z	 U0	 avo	 aho

	

(m)	 (kPa)	 (kPa)	 (kPa)	 ______________

	

2	 0	 34	 14	 1.00

	

4	 0	 68	 27	 0.92

	

6	 20	 88	 35	 0.64

	

8	 39	 108	 43	 0.32

	

10	 59	 128	 51	 0.81

	

12	 78	 148	 59	 0.77

	

14	 98	 168	 67	 0.67

	

16	 118	 188	 75	 0.77

	

18	 137	 208	 83	 0.69

	

20	 157	 228	 91	 0.63

Tabie 5.9	 In situ stresses at Dunkirk

Although similar values of ' were inferred from the dilatometer tests, the backfigured
values of K0 were, on average, twice this magnitude. Considering the relatively
simplistic bearing capacity theory used in the derivation of this iterative procedure
(Schmertmann, 1982), the DMT I( values are judged to be unreliable.
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5.3.5 Triaxial stress-path tests

A comprehensive investigation into the stress path behaviour of Dunkirk and Ham River sands

was conducted by Kuwano (1995). This included six 1(0 consolidated' undrained (CK 0U) tests,

perfonned on dense Dunkirk samples (D 1 = 75%) at stress levels similar to those measured by

the ICP. The samples were formed by water pluviation and densified by rodding and mould

vibration. Consolidation was conducted to effective stress levels compatible with those measured

on the shaft of the ICP, with p',,,,, = 200kPa, and this was followed by unloading to YSR's of

1.0, 2.0 and 5.7. Shearing in compression and extension took place at an axial strain rate of

0.1%/mm to strains of 2.5 to 6%. Local strain devices enabled accurate axial small-strain

stiffness measurements.

Figure 5.27 shows the effective stress paths and stress-strain curves. Points to note include:

The samples tested in compression showed continuous dilation after strains of less than

0.1%. In contrast, in extension the samples initially experienced severe Contraction, with

the YSR=1 and 2 specimens undergoing a 50% reduction in p' before the phase

transformation point was reached and dilation commenced.

Peak angles of friction 4 = 370 were measured in compression, compared to 35° in

extension. Critical state conditions were only achieved in one compressive test on a

loose sample (D1 =30%,	 = 400kPa) where a critical state angle of 4=32° was

measured.

The tests showed that the method of sample preparation and the axial strains induced during

consolidation created a highly anisotropic soil fabric. Shearing in compression, where the

direction of loading is maintained, resulted in dilatant behaviour whereas the 90° rotation of

principal stress axes applied in extension tests produced initial contraction.

The above behaviour was compared with Ham River sand which has a similar grading, both in

terms of mean particle size and uniformity, but has subangular rather than subrounded grains.

Equivalent tests at the same void ratio (corresponding to a slightly higher relative density for

Dunkirk sand) showed few differences in behaviour. The Dunkirk sand appeared to be 2-3°

stronger, slightly stiffer, and not so contractant (Kuwano, 1996).

Note that Kuvano assumed a lovier value of 	 = 0.35 in her laboratory testing
programme.
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Figure 5.28 Shear modulus of Dunkirk sand from triaxial results (Kuwano, 1996)

5.3.6 Shear Modulus

The shear stiffness characteristics of the Dunkirk sand may be examined using data from the

following sources:

.	 In situ seismic cone measurements using two geophones (Butcher & Powell, 1992).

Triaxial stress path tests where G = iiq I (3iEj.

I
	

Empirical correlations with in situ CPT tests.

Figure 5.28 shows curves of secant shear stiffness against strain for dense triaxial samples tested

at various YSRs after K0 consolidation to p',,..2OOkPa, corresponding to a depth of 30m for

an undisturbed in situ sample. The compression test on a normally consolidated sample implied
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a G value of 11 1MPa at c 1=0.005%, while a similar sample tested in extension displayed more

than twice this initial stiffness (G=23OMPa). In extension, overconsolidation reduced the shear

stilThess, though in compression no systematic trends were visible, with the YSR =2.0 sample

displaying the stiffest response.

BRE seismic cone tests provided the G values shown in Figure 5.29. The instrument

measures the velocity of horizontally polarised, vertically propagating shear waves, subjecting

the soil to	 1% strain. (Campanella et al., 1986).

Porovic (1995) and Porovic & Jardine (1994) have showed through resonant column tests on

Ham River sand that the stiffness characteristics of reconstituted samples are anisotropic, non-

linear and pressure dependent. At a given YSR and relative density, G is proportional to (pI)fl

where n=0.5 for very small strains and 1.0 at larger Strains (yez>O.l%).

Figure 5.29 compares values of G m measured by the seismic cone with those from the triaxial

tests on normally consolidated samples, normalised for (p')° . The latter imply anisotropic

behaviour: axial unloading produces the highest shear stiffness, while GVh from the seismic cone

falls between this and the lower bound from axial compression. The triaxial extension results

for a sample at YSR=2, provide the best similitude with the seismic cone profile.

A number of researchers have shown that shear modulus may be successfully correlated with in

situ SPT or CPT results (e.g. lmai & Tonouchi, 1982). Baldi et al. (1989) show a simple

relationship between Gm (or G9z) measured in resonant column tests and CPT q from chamber

tests on uncemented, quartzitic sand. This resolves into the following correlation (developed by

the Author using curve matching techniques):

Gm = q [A + Bi - C1 2 J'	 Eqn 5.1

where Ti = q6 (P11 a')°5

P11 = atmospheric pressure = lOOkPa

A = 0.0203

B = 0.00125

C = 1.216 x 10
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The CPT correlation is also plotted on Figure 5.29 and shows good agreement with the seismic

cone tests, which may reflect the fact that both impose similar stress paths on the soil during

installation.

5.3.7 Direct shear tests

(a)	 Short-term tests

Suites of soil-soil and soil-interface direct shear tests were performed by Mrs. R. Kuwano and

full details on the test procedure and tabulated results are given in Appendix B. Dry Flandrian

Sand samples were prepared in the 60mm square shear box at a range of relative densities,

subjected to normal loads between 40 and 300kPa and sheared at a rate of 0.5mm/mm. Interface

shearing behaviour was investigated using a mild steel interface shotblasted to an average centre-

line roughness, R,1 9.8 microns. Figure 5.30 shows four typical results from loose and dense

samples, revealing the following:

The two dense samples dilated during shearing with the soil-soil sample displaying

approximately four times the vertical movement of the interface test.' Peak shear

stresses were reached after horizontal displacements of less than 1mm when dilation

rates were at their maxima. The shear stresses reduced to lower ultimate or constant

volume shearing angles as dilation ceased.

The loose samples initially contracted during shearing and then reached quasi-stable

volumes. Peak angles of friction were mobilised as constant volume conditions were

approached after horizontal displacements of 2-3mm.

The constant volume shearing angles in the soil-soil tests (4) were approximately equal

for both densities and = 40 higher than those measured in the interface tests (c)

Figure 5.31 displays the peak and constant volume angles measured in the tests where a',= 100

to 300kPa. We note:

The mean soil-soil constant volume internal angle of friction, 4 = 31 . 1 0 . The highest

peak angle was measured on a dense sample with = 39.4°.

The absolute magnitude of dilation was dependent on the gap size created between the
tvo halves of the box, confirming the observations of Shibu>a et al. (1993). These tests
were performed with a gap size of 0.5mm. For tests on dense sand at 300kPa the
maximum dilation reduced from 0.1mm to 0.0 16mm when the gap size was increased
to 1.0mm.
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Figure 5.31 Soil-soil and soil-interface shear box results (after Kuwano, 1996)
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The average constant volume interface angle, 8 = 26.8°. &,, was generally only 1-2°

higher. The maximum measured value of 8 was 30.8°.

Following a large parametric study by Everton (1991), Lehane (1992) showed that for a gien

interface roughness, 5 was most dependent on the mean sand grain size, D 50, as displayed in

Figure 5.32. The Dunkirk data superimposed on this graph show good agreement with the

indicated trends.

(b)	 Ageing tests

One major aspect of the field tests at Dunkirk was a study into the effects of time on pile

capacity, since the full-scale CLAROM piles showed a large 85% increase in shaft capacity over

a five year period. Although Porovic (1995) showed that ageing over a period of days had only

slight effects on the stiffness of Ham River sand, Mitchell and Solymar (1984), Mesri et al.

(1990) and Schmertmann (1991) document a number of laboratory and field situations 'here

clean sands showed significant increases in strength or stiffness over longer periods of time. The

mechanisms of ageing are not well understood but the following hypotheses have been proposed:

(i) Dissolution and precipitation of silica leading to cementation at the interparticle contacts.

(ii) Sand creep leading to changes in sand density with time.

(iii) Sand creep leading to increased micro-interlocking between sand particles.
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In order to investigate possible ageing effects at the pile-sand interface, a number of direct

interface shear tests were conducted in the laboratory, subjecting the Dunkirk sand samples to

different periods of ageing under constant normal load. Time constraints meant that the full

range of sand densities and normal stresses could not be studied, instead only one set of

conditions, thought to be the most applicable to conditions in the field and the most conducive

to ageing effects, was examined:

•	 high sand density with large number of interparticle contacts, D, =85%;

•	 high normal stress, a'1 = 300kPa

•	 saturated sand.

Steel corrosion is minimal below the aerated zone of the water table and very little was seen on

the submerged sections of the CLAROM piles at Dunkirk. Therefore, this effect was removed

in the laboratory tests by using stainless steel interfaces which were shotbiasted to the same

roughness (R 1 =9.8tm) as the ICP.

The samples were left to "age" under 300kPa for up to 63 days before slow shear tests were

performed at 0.075mm/mm. Appendix B gives full details of sample preparation and test

procedures.

Figure 5.33 displays some typical results. No change in 5, was seen, with ductile failure

developing in all cases. However, higher "shear" stiffness and stronger dilation were apparent

with increasing age. Figure 5.34 illustrates the results for all of the tests tabulated in Appendix

B, showing the same trends with some scatter due to imperfections in sample preparation. The

effects resemble those found by Daramola (1980) shown on Figure 5.35, who examined the

influence of age in triaxial tests on Ham River sand.

Figure 5.36 shows the reductions in sample height during the ageing periods. These were small,

averaging at 0.01mm or 0.1% over the first 10 days and causing imperceptible increases in

density but illustrating the strong creep behaviour of the material. The absence of changes in

strength or any brittle failure during shearing suggest that durable cementing at the particle

contacts was not significant over the timescales considered. Therefore, the measured increase

in stiffness with time must be due to last remaining hypothesis, i.e. the micro-structural

rearrangement of the sand grains and their contacts.
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5.3.8 Final comment

The review of the Dunkirk sand properties has shown that the material is fairly typical of recent

marine sands and may be considered as a good analogy to the offshore deposits in the southern

North Sea, many of which share the same origin. However, Lehane's provisional design

approach for piles in sand was developed in loose to medium dense dune sand and effective

stress pile measurements have not previously been obtained in dense conditions. The ICP tests

at Dunkirk, described in Chapter 7, test the tentative correlations and investigate their

applicability to dense sand deposits.
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CHAPTER 6

INSTRUMENTED PILE TESTS AT PENTRE

The Large Diameter Pile (LDP) and Norwegian Geotechnical Institute (NGI) pile tests at Pentre

described in Chapter 3 have delivered large quantities of data on the behaviour of driven steel

piles in lightly overconsolidated, glacio-lacustrine clay-silt. At the same time, research with the

heavily instrumented Imperial College Pile (ICP) in a variety of different soil conditions at sites

around the UK and France has provided a good understanding of the factors controlling the

effective stress conditions around small-scale, closed-ended, jacked piles. The ICP tests at

Pentre, described in this Chapter, have allowed the three research programmes to be linked,

allowing the effects of pile scale, end condition and installation method to be studied.

The tests at Pentre also add a new soil type to the database of ICP results amassed by Bond

(1989) and Lehane (1992). The description of the soil properties in Chapter 5 highlights the

material's unusual attributes which combine the index properties of a silty clay with a uniform

silt-sized grading, laminated macro-fabric, high permeability and fast consolidation

characteristics. Ring shear tests revealed transitional shearing behaviour with the ability to form

residual shear surfaces, a characteristic normally associated with more plastic clays.

The Chapter begins with a description of the ICP testing programme and the aims of the

individual pile tests. The data obtained during installation, equalisation and load testing are

presented in Sections 6.2 to 6.4 and compared with previous closed-ended ICP results where

appropriate. The factors controlling the decay in local stresses along the pile shaft (h/R effect)

were investigated in experiments where the lengths of the installation jack strokes were varied.

Partial dissipation during pile installation was found to have a strong effect on the magnitude

of the stresses developed. The extracted piles were covered with a layer of adhering clay and

samples were taken for clay fabric studies. These are described in Section 6.5 and compared

with those from previous investigations reported in the literature. Chapter 4 describes the pile

instruments and testing procedures while Chapter 10 considers the effects of pile end condition,

scale effects, installation method and the implications of the Pentre results for offshore pile

design.
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6.1 TESTING PROGRAMME

6.1.1 General

The ICP field testing programme at Pentre was conducted in two phases and consisted of seven

pile installations and 16 load tests as illustrated on Figure 6.1:

Phase 1 (18 January - 3 February 1993) Installation and testing of piles P11 to PT3.

Phase 2 (21 June - 9 July 1993)	 Installation and testing of piles PT41f to PT7sh.

PT7sh was left in the ground after the first load test and retested 2.5 months later (20 - 24

September 1993) to examine medium-term ageing effects.

Before testing, four 200mm diameter starter boreholes were drilled at the locations shown on the

site plan on Figure 5.2 to depths between 7.5 and 12m. The purpose of the boreholes were to

(a) bypass the superficial alluvium and (b) limit the shaft resistance and total pile capacities to

manageable levels. Section 4.4.1 describes the borehole construction process and the problems

experienced with base heave or "boiling". Pile base resistances and local radial and shear stress

measurements during installation indicated a disturbed, very low strength zone, up to 0.7m thick,

directly beneath the base of the boreholes. This region has been disregarded in the pile test

interpretations.

The original pile length of 7m was trebled to enable installation to depths of 19m and provide

some overlap with the strata tested by the LDP and NGI piles. In order to capitalise on the time

spent on site, two tests were conducted in each borehole as illustrated on Figure 6.1. Typically

the piles were installed from the base of a I Om borehole to a tip depth of I 4m and tested after

a suitable equalisation period. Penetration was then continued to 19m and a second load test

was conducted. The initial shallow test was generally in compression so that the downward

direction of shearing would be maintained for the deeper pile installation.

Soil properties differ slightly between 10-15m and 15-20m with the first region, named "Zone

1", possessing a higher clay content and plasticity and "Zone 2" having a more laminated fabric.

One pile, P13, was installed in a continuous process to 17.5m to overlap the two zones.

Instrument failures were minimal (see Section 4.6.1), the most serious being water leakage into

the instruments during tests PTI and PT2 causing the minor loss of some readings. Some
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anomalous stress readings were taken by the following SST in tests PT5I and PT7sh and these

are described in Section 6.2.4 and Appendix A.

6.1.2 Aims of the experiments

The pile installations and load tests are listed in Table 6.1 with notes on the execution of the

tests. The pile test notation follows the format adopted by Bond (1989) and Lehane (1992) with

the addition of "sh" for short jack strokes (0.025m), "I" for long strokes (0.5 to O.8m) and fifi

for very fast jacking above 900mm/mm, as detailed in Section 4.5.1. The final column of the

Table summarises the aspects of pile behaviour investigated in each individual test with the

alphabetical code referring to the following:

(a) Pile depth and length and the effects of the different soil properties in the two testing

zones.

(b) Length ofjack strokes used during pile installation. The effects of jack stroke length

and the number of shearing cycles imposed during pile installation were investigated

using a new jack with a maximum stroke of 1.5m. Average jack stroke lengths for pile

installation varied between 0.025 and 0.84m. The purpose of these variations is

discussed in the following Section.

(c) Rate of pile installation. Average rates of pile movement ranged between 280 and

1200mm/rn in and investigated the dependence of initial rate of shearing on the angles

of friction developed during slow shearing. The overall rates of pile installation,

including pauses for jack resetting and adding new extension tubes, were much slower

ranging between II and 30mm/mm. Opportunities for partial pore pressure dissipation

would have arisen during the pauses between jack strokes.

(d) Effect of the shallow pile test on deeper pile installations. Pile PT3 was installed

continuously to I 7.5m so that the effects of (i) performing two pile tests in a single

borehole and (ii) interrupting the installation process for a shallow test could be

examined.

(e) Length of equalisation period. Periods of 15 hours to 3 days were allowed before first-

time load tests. Full pore pressure dissipation occurred in all cases.

(f) Direction offirst-time loading. Differences in the first-time loading response due to

testing in tension and compression were examined.

(g) Rate of loading. The high permeability of the Pentre clay-silt meant that completely

undrained tests were difficult to perform. Therefore, departing from the standard testing
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procedure adopted at previous ICP sites,' slow fully drained tests were conducted at a

typical rate of displacement of 0.01mm/mm. The effects of faster rates of displacement

were examined in test PT2/L2T.

(h)	 Rate ofpile displacement after failure. Post-peak stress conditions were studied at rates

of displacement between 0.01 and 15 mm/mm.

(1) Behaviour under immediate reloading and the effect of reloading direction. Reload tests

in tension and compression were carried out on piles installed below I 7m after short re-

equalisation periods.

(j) Reloading behaviour after a prolonged ageing period. Following Karlsrud et al.'s

(1993b) evidence for long-term positive pile set-up in low plasticity Norwegian clays

(Section 3.6.3), pile PT7sh was retested after 2.5 month ageing period. Instrument

readings were taken to provide information on the medium-term stress changes along

the pile shaft.

(k) Cyclic loading response. 40 one-way tension load cycles were applied to PT5I between

9 and 76% of ultimate load at a rate of one cycle per minute. Static tension load tests

before and after cycling investigated changes in shaft capacity as a result of cycling.

(I) Clay fabric studies. The extracted pile shafts were covered with a layer of strongly

adhering clay, approximately 10mm thick. Samples were taken from pile PT7sh and

thin sections were prepared, allowing the changes in clay fabric as a result of pile

installation and testing to be studied and compared with previous findings reported in

the literature.

The following Section outlines the purpose of valying the jack stroke lengths used for pile

installation (item (b) above), and summarises the main trends which appeared in all of the Pentre

installation, equalisation and load testing results described subsequently.

6.1.3 The h/R effect

One of the most striking features displayed in all of the previous ICP field tests has been a

reduction in the magnitude of the local radial and shear stresses along the pile shaft with

increasing height above the pile tip. This trend is exhibited during installation, after equalisation

(in the K. = a'Ja' values) and in the shaft resistances developed during loading. This

characteristic was termed the "h/R effect" by Bond & Jardine (1991): Strain Path Method (SPM)

With the exception of BK2(2)/LICs at Bothkennar.
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analyses of undrained penetration predicted such stress relaxation effects which were controlled

by h/R, the normalised height of the particular soil element above the pile tip.

Section 3.2.2(d) examines the possible causes of the observed stress reductions, concluding that

one or a combination of the following are probably responsible:

(a) The soil's stress history as it is displaced around and behind the pile tip. The stress

decay may either be related to the absolute height, h, of the soil element above the pile

tip, or the normalised height, h/R. The latter was suggested by the SPM analyses which

models smooth undrained pile installation. However, the ICP field tests registered

stronger relaxation than that predicted by the SPM analyses.

(b) Reductions in radial stresses due to the successive shearmg cycles experienced by a

particular soil element during pile installation. This may be a function of:

(i) the total number of jacking cycles, N1;

(ii) the number of undrained shearing cycles, N (in this study an undrained shearing

cycle is defined as one during which the degree of pore pressure dissipation,'

Ud > 0.9);

(iii) the number of fully drained shearing cycles, Nd (where U d < 0.1);

(iv) the number of partially drained cycles, NPd (where 0.1 <Ud <0.9).

The relative influences of (bi) to (biv) were investigated at Pentre using a new jack allowing

installations with long jack strokes averaging at 0.5 to O.8m, standard (0.20m) and short

(0.025m) strokes. The total number ofjacking cycles imposed during installation varied between

7 and 200. If the h/R effect were solely a function of N 1, then a pile installed with a small

number of long strokes would be expected to develop higher radial effective stresses after

equalisation and higher shaft resistances during load testing. Conversely, a large number of

short jack strokes would result in lower stresses and shaft capacities.

The high permeability of the Pentre clay-silt meant that some partial drainage during pile

installation was unavoidable. This lead to distinct differences in the types of shearing cycles

imposed:

The long and standard jack stroke installations did not experience any purely undrained

cycles since some dissipation occurred during each pause between jack strokes.

Therefore, N, = N6 + N,,. The length of the pause and the local soil permeability

IT = (u - u0)I(u,,,, - u0)



241

governed the development of full or partial dissipation. Since it was often difficult to

distinguish between the two types of shearing cycles, it proved beneficial to introduce

a new term, "dissipation cycles": Nd + Np,, where these are cycles of pile

penetration separated by pauses greater than 2 minutes, during which there was some

pore pressure dissipation.

The very short jack strokes of O.025m were generally separated by 10 second pauses

during which relatively little dissipation took place. More complete dissipation occurred

in the longer pauses for jack resetting and the addition of extension tubes,

i.e. N1 = Nd + N^ + N1 = N 1 ,, + N1.

Table 6.1 illustrates these differences, listing N 1 and NthU for each pile installation. Note that

PT7sh was installed with a total of 200 short jack strokes, the majority (93%) of these being

essentially undrained, involving only 15 dissipation cycles.

The results presented in this Chapter show that the combinations of loading cycles did have a

strong influence on the stresses developed during installation, equalisation and loading. N and

N1 had little or no effect on the magnitude of the equalised radial effective stresses, a', which

were affected to a greater extent by N,,. This supports the findings of Bond (1989) who did

not detect any differences in the tensile shaft capacities of fast-jacked and driven piles at Canons

Park where N1 = N1 20 and 4500 respectively.

For essentially undrained penetration through low permeability materials such as London Clay,

Cowden till and Bothkennar clay, the h/R effect appears to be purely a function of the

normalised distance of the soil element from the pile tip, or effect (a). Drained or partially

drained shearing cycles such as those in Pentre clay-silt and the free-draining sands at Labenne

and Dunkirk add to this feature, resulting in a stronger stress decay or h/R effect.

The variations in jack stroke length also revealed distinct pore pressure and radial stress

responses depending on whether the instruments were entering "fresh" or "pre-sheared" soil. In

this context, "fresh" describes soil which is undergoing its first cycle of shearing along the pile

shaft, while "pre-sheared" represents that which has been previously sheared and allowed to

undergo full or partial pore pressure dissipation.
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6.2 INSTALLATION

6i.1 Base resistance

The envelope of pile base resistance, q,,, for all seven pile installations is plotted against depth

on Figure 6.2. Also shown is the cone resistance, q,, from the BRE piezocone test, PC2. The

following features are displayed:

•	 Low initial values of q,, indicating ground disturbance due to base heave during borehole

construction.

•	 Good agreement between the seven tests with q, averaging at 800kPa above I 4m and

increasing to = I600kPa at 19m. The relatively large fluctuations below 14m are

thought to correspond to layers of low and high permeabilities. There were no

significant differences caused by the different installation jack stroke lengths.

Above I 4m q, = q, but below 1 4m q, was 20% greater than q. The latter results

from the more laminated, permeable fabric in Zone 2 and the slower rate of pile

installation which was approximately half the cone rate of 1200mm/mm. Both factors

contribute towards a higher degree of pore pressure dissipation and higher base

resistances during the Zone 2 pile installations.

The piles installed with standard and long jack strokes displayed initially high values of

q at the start of each stroke which reduced with pile penetration. Pore pressure

dissipation and equalisation between the strokes resulted in a rise in ground resistance.

PT6shf and PT7sh, installed using short jack strokes and regular pauses of 10 seconds,

only displayed similar increases in q after pauses greater than 2 minutes when more

complete pore pressure dissipation occurred, i.e. the rise in ground resistance was only

observed at the start of each dissipation cycle.

6.2.2 Average shaft resistance

Figure 6.3 compares the profiles of average pile shaft resistance, = for the different

jack strokes. The length of the pause period prior to each stroke is indicated.' Notable features

include:

The long jack strokes of PT4If and PT51, produced a large asymptotic decay in during

each individual stroke, from initial high values towards lower minima, . The largest

In the case of PT6shf and PT7sh only pauses greater than I minute are indicated.
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reductions of 75% were experienced during the first long strokes of PT4If, dropping

to = 10% during the final shorter strokes of PT5I. The response is reminiscent of that

displayed during the fast-shearing pulses in the laboratory ring shear tests where similar

asymptotic reductions in shear stress, ranging between 18 and 43%, were measured as

the freshly consolidated samples were sheared for the first time (see Appendix B).

The standard stroke lengths used in PTI and PT2 also showed reductions in initial

to final , though these were smaller at around 2kPa or 10% of the shear stress due to

the shorter stroke lengths.

No reductions in were visible over the individual short (25mm) jack strokes used in

PT6shf and PT7sh as illustrated in the enlargement shown on Figure 6.3(d). However,

after pauses in jacking longer than 2 minutes, high values were produced which

steadily reduced to during a series of strokes separated by 10 second pauses.

The lowest values of were produced by the standard jack strokes.

Comparable behaviour was noted by Lehane (1992) at Bothkennar where reduced by 10 to

30% during the standard jack strokes. The magnitude of increased with the length of the

preceding pause, though this trend was less apparent in the more permeable Pentre clay-silt. The

opposite effect was observed in the dilatant, high YSR Cowden till where increased during

each jack stroke arid the magnitude of at the start of each jack stroke reduced as the length of

the pause increased, i.e. there was a trend for short-term relaxation as discussed in Section 6.3.3.

Where penetration was continued after performing a previous "shallow-depth" test (i.e. in tests

PT2, PT5I & PT7sh), the initial shaft resistance over the first 0.5m of penetration was

unusually large and then decreased back to "normal" levels. A similar phenomenon was noted

at Bothkennar (pile BK3) where installation was temporarily halted for a "shallow" pile test and

then continued to a deeper level. It appears that follows a similar response to base resistance,

q, with pauses for pore pressure dissipation resulting in gains in shaft resistance. The fabric

studies described in Section 6.5 suggest that this could be associated with the formation of the

adhering clay layer during the pauses and the development of new displacement shear surfaces

during the subsequent shearing stages, presumably with higher initial angles of shearing

resistance, 8.,,.

The asymptotic reductions in PT4lf and PT5I suggest that if penetration were continuous

would follow the envelopes of as shown on Figure 6.4. Note that due to differences in
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borehole depths, PT4If and PT5I include 2m of softer clay between 8 and lOm. Figure 6.4

shows:

•	 generally good agreement between the tests, improving with depth;

• no major differences between the Zone 2 tests (PT2, PT5I, PT7sh) and PT3 which was

installed in one continuous operation, suggesting that the pauses for the shallow Zone

I tests did not reduce shaft resistance in this region;

•	 the highest values of were seen in PT6shf and PT7sh;

•	 the lowest values of 	 were measured for the standard pile installations which

underwent the largest number of dissipation cycles.
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6.2.3 Shear stress

In addition to the average shaft resistance () the ICP also measures local shear stress (çJ at

the four SST's. The multiple axial load cell configuration also allows the evaluation of the

average shear stress (f;) on the pile casings between instrument clusters. The sections of casing

are named according to the instrument clusters they connect, e.g. the lowest section between the

leading and following instruments is called lead-follow, with the remaining sections named

follow-trail and trail-lag.

Figure 6.5(a) shows the three traces of f recorded during installation of PT4lf while Figure

6.5(b) shows the four profiles of SST t. The sequence of seven jack strokes and the

corresponding instrument depths (or average f, depths) are listed in Table 6.2.

The f responses resembled those for , displaying initially high values which decreased

asymptotically with increasing penetration. The brittleness was greatest for the longer jack

strokes. At the lead-follow casing the reductions during the final three long strokes (mean length

I .5m) averaged at 53%, while at the follow-trail casing the final two strokes produced an

average 44% reduction. The stress reductions exhibit an h/R dependency (see Sections 3.3.2 and

6.1.3) with the highest f values in a particular soil stratum recorded close to the pile tip along

the lead-follow casing, with those from the follow-trail and trail-lag casings falling slightly

lower. Some of the deep Zone 2 tests departed from this trend with partial dissipation resulting

in ()foIIow.traiI > ()1cad-folIow

The SST t, readings in Figure 6.5(b) showed the same trends but with a higher degree of

variation due to local changes in soil fabric and the smaller surface area of the loading platens.

Some anomalously low readings were recorded by the following instrument in the Zone 2 PT5I

and PT7sh tests, which are discussed in the next Section.
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Jack stroke	 Initial time	 Initial depth (m)
after the start

	

of installation	 Tip	 Lead Lead- Follow Follow Trail Trail- Lag
_________	 (mms)	 _____ _____ follow _____ -trail _____ lag ____

1	 27.3	 8.14

Pause	 28.3

2	 187.2	 8.31

Pause	 188.4

3	 202.0	 8.94	 8.52	 8.45

Pause	 202.3

4	 268.9	 9.24	 8.82	 8.60

Pause	 269.3

5	 320.2	 9.59	 9.17	 8.77	 8.24

Pause	 321.7

6	 357.4	 11.14	 10.72	 10.26	 9.80	 8.95	 8.60	 8.25

Pause	 359.5

7	 393.0	 12.65	 12.25	 11.77	 11.30	 10.47	 10.10	 9.31	 8.99

Equalisation	 395.9	 14.02	 13.60	 13.13	 12.67	 11.83	 11.47	 10.67	 10.36
pause

8. 14m deep starter borehole. Depths are below ground level. Only the instrument depths beneath
the base of the borehole are given, i.e. where soil measurements were taken.

Table 6.2	 Instrument depths during PT4lf installation

6.2.4 Total radial stress

Figure 6.6(a) shows the four SST profiles of radial total stress, a, with depth during the

installation of PT4lf. The highest stresses were measured by the leading instrument, with the

magnitude of a, in any particular soil horizon decreasing with distance from the pile tip, i.e. the

measurements show a h/R dependency.

(a)	 Anomalous behaviour of the following SST in PTSI and PT7sh

Figure 6.6(b) shows the same plot of a against depth for PT5I. The h/R trend was less

apparent, particularly below I Sm where the following instrument readings suddenly dropped to

low values of 200kPa (close to the ambient pore pressures), remaining at that level for the rest

of installation, equalisation and load testing. The same response was observed in test PT7sh.
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The very low o readings noted in P151 and PT7sh at the following instrument cluster coincided

with low 'r and pore pressure measurements and high base loads. The possible reasons for the

anomalies are examined in Appendix A, concluding that local pile bending or the formation and

obscuring effect of an adhering clay layer are the most plausible causes. The discrepancies were

confined to this single instrument cluster and no attempt has been made to correct these readings

which have been disregarded in the following analyses. The phenomenon was not seen in tests

PT1, PT2, P13, PT4lf or PT6shf.

(b) Measurements at the leading SST

The leading instruments gave reliable and consistent readings throughout installation and Figure

6.7 plots the response in (a) against time during typical long, standard and short jack strokes.

At the start of pile movement (aj increases to high values where it remains until the end of

the jack stroke. During the pauses in jacking (a,J decays slowly in conjunction with pore

pressure dissipation. The very short 10 second pauses between the short jack strokes shown in

Figure 6.7(c) were insufficient for full stress relaxation and successive jack strokes produced a

progressive rise in (a 1). More complete stress relaxation took place during the 12 minute

pause marking the end of the dissipation cycle. The following, trailing and lagging instruments

exhibited similar responses, albeit with smaller stress increases.

The profiles of (ci,) recorded while the pile was moving are plotted against depth in Figure

6.8 for tests PTI, PT2, PT4If and PT5I. These correspond to the minimum and maximum traces

for all seven tests which differed by = 300kPa. The magnitude of (a,j was not related to the

total number of installation jack strokes, overall rates of pile installation or rates of jacking.

Instead, it appeared to be linked to the number of dissipation cycles experienced by the soil

elements. Each long jack stroke introduced the leading SST's (O.42m behind the pile tip) into

fresh strata, undergoing its first cycle of shearing against the pile shaft. In contrast, the 0.2m

standard strokes imposed a large number of dissipation cycles so that the soil adjacent to the

leading SST had been pre-sheared and allowed to partially equalise (see the definitions in

Section 6.1.3). Table 6.1 lists the total number of dissipation cycles imposed, showing that PT1

and P12 suffered the largest number of pauses per metre penetration, while PT41f and PT5I

underwent the fewest.

(c) Normalised radial total stress

The radial total stresses may be compared in terms of the normalised parameter H 1 { (a,1-

u0)/a'}. Figure 6.9 shows the measurements taken at all four SST positions during the final
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Figure 6.9	 Normalised radial total stress, H 1 , during the final jack stroke

jack stroke of all seven pile installations. The data shows a clear reduction in stress away from

the pile tip (h/R effect), with the largest reductions occurring between the leading and following

instruments. In confirmation of the hierarchy in (a3 shown in Figure 6.8, the lowest H

values were developed in tests PTI, PT2 and PT3 installed with standard strokes and a large

number of dissipation cycles.

Figure 6.9 also shows the range of predictions for H, at Pentre, using Lehane's correlations from

high quality instrumented pile test results in low permeability clays' (Section 3.3.2, Equation

3.3). Apart from the measurements at htR=8 in tests PT4lf, PT5I and PT7sh, the measurements

fall well below the predictions. It is thought that the low H, measurements reflect the effects

Using the values of YSR=1 .6 to 2.3 as indicated by laboratory results for the ICP testing
zones as described in Section 5.2.6.
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of partial drainage occurring in the highly permeable porous and laminated clay-silt. The

majority of values bear greater resemblance to those from free-draining sand, with the mean

trend at Pentre following that observed in the medium dense sand at Labenne (Lehane, 1992).

6.2.5 Pore pressure response

(a) General

At Pentre, the pore pressure measurements made on opposite sides of the pile often differed

while the pile was moving, sometimes by as much as 200kPa. After dissipation the

measurements returned to within ±1 OkPa of ambient conditions. The variations in readings

during jacking may be due to irregularities on the pile surface, differences in probe response

times or lateral variations in soil conditions. Negative pore pressures or suctions were rare and

this probably contributed to the otherwise excellent survival and performance of the probes.

(b) Trends in behaviour

The pore pressure response was found to depend on the length of the installation jack strokes.

The clearest behaviour was displayed by the piles installed with long strokes as shown on Figure

6.10(a) to (d) for the four instrument clusters on PT4If. Each graph plots the readings from the

pairs of pore pressure probes and the corresponding SST a, values against depth. The distance

penetrated by the instrument cluster during each of the seven jack strokes is indicated.

The leading probes, 0.26m behind the pile tip, 1 displayed initial reductions in pore

pressure, giving pore pressure changes of Au,m,n= -100 to -5OkPa2 at the start of pile

movement. These increased to positive excess values after displacements of around

0.Im, with an average maximum of Au, m +20OkPa. Complete pore pressure

dissipation occurred during the pauses in jacking (also shown on Figure 6.7(a)), the only

exception being after Stroke 6 where an average excess pore pressure of Au = + 1 64kPa

remained after 35 minutes. At this point the probes were at a depth of 12.4m

Note that the conical section of the pile tip is 0. 13m long, i.e. the height of the leading
probes above the pile shoulder is 0.13m.

2 Where the excess pore pressure during installation is compared to ambient conditions,
Au, = u - u0, and may be considered as the sum of three components: u 1, the increase
in total stress due to pile penetration; u,, the shear induced change in pore pressure
(negative for dilatant soils and positive for contractant soils); and u, the cumulation
of pore pressures due to successive shearing cycles (see Section 3.2.2(b)).
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corresponding to a clayey zone as identified by the profile of clay content in Figure 5.3

and the DMT response on Figure 5.5.

The following probes, located I .5m behind the pile tip, also showed initially negative

excess pore pressures (u.,,,= -50 to OkPa) which rose to positive values after - I .2m

penetration. The exception was during Stroke 7 where higher pressures developed due

to incomplete dissipation in the clayey zone during the preceding pause as described

above for the leading probes. The excess pore pressures also ranged between ium

0 to +200kPa, but were generally lower than those measured by the leading instrument

at any given depth in the soil profile.

The trailing and lagging instruments generally recorded negative excess pore pressures

throughout the jack strokes, temporarily rising to greater than ambient pressures during

the pauses.

The switch from negative to positive excess pore pressures at the leading and following

instruments coincided with entry into fresh ground which had not previously undergone shearing

along the pile shaft. The measurements indicate that there are two types of pore pressure

response, dependent on whether the probes were passing through "fresh" or "pre-sheared" soil

(refer to the definitions given in Section 6.1.3).

These responses were confirmed by the measurements made during standard 0.20m jack stroke

installations (Figures 6.7(b) and 6.11). Fresh soil was only encountered by the leading

instruments and these were the only locations where significant positive excess pore pressures

were measured (average LIUIm= l5OkPa).

With short jack strokes all of the probes were recording the response of pre-sheared soil and

showed initial reductions in pore pressure, followed by sharp increases as the jacking force was

removed, suggesting that higher excess pore pressures existed a short distance from the shaft

(Figure 6.7(c)). The highest excess pore pressures were measured at the leading instrument

(average Au,,,, 1 5OkPa) and reduced along the pile length. While some dissipation occurred

during the regular 10 second pause periods, full equalisation was not achieved, and consecutive

jacking cycles produced a steady accumulation of pore pressures (uJ. Complete dissipation

was only possible during pauses of more than 40 minutes in Zone 1 (PT6shf) and 20 minutes

in Zone 2 (PT7sh).
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(c)	 Comparison with other sites

Morrison (1984), using the piezo-lateral stress cell in Boston blue clay, observed a very similar

response with reductions in pore pressure through pre-sheared soil (Morrison used the term "non-

virgin") which increased to high levels in fresh (or "virgin") strata. Morrison postulated that

consolidation during the pauses in jacking allowed the formation of a clay layer or "cake" around

the pile shaft, causing the radial migration of the shear band a short distance away from the pile

surface.

The previous ICP tests in heavily and lightly overconsolidated clays at Canons Park, Cowden

and Bothkennar displayed pore pressure reductions for the entire duration of the standard jack

stroke at all instrument locations, followed by increases during the pause periods. Pore pressure

readings also reduced during fast post-peak plunging in load tests, inferring anomalously low 5,,

values (lower than the values of &.,, measured during slow shearing - see Appendix A). Lehane

postulated that this reduction in pore pressures at high pile velocities may be due to (a) the

formation of eddy currents created by the pile roughness and changes in surface textures close

to the PPP's, (b) pore water pressure being essentially a static concept and not fully applicable

to high velocities or (c) the dilatant nature of the partially equalised, pre-sheared soil a short

distance from the pile shaft. Arguments (a) and (b) do not fully explain the consistent

reductions in pore pressures and argument (c) is not applicable to the situation at Pentre where

full pore pressure dissipation occurred during most of the pauses between long jack strokes.

Ring shear studies provide a deeper insight into shear behaviour. Negative rate effects, where

shear resistance reduces with increasing shearing rate, have been measured by Lemos (1986),

Tika (1989) and Parathiras (1994). Two hypotheses were presented to explain this phenomenon:

(i) Tika, Vaughan & Lemos (1996) showed that fast shearing of transitional-type soils

causes dilation in the shear band, as the mode of shearing changes from sliding to

turbulent, and the massive particles roll over one another. The increase in void ratio

within the shear zone causes the ingress of free water where available, and the rise in

water content results in a greater ability of the soil to flow. During breaks in shearing,

the shear zone contracts causing the generation of excess pore pressures. Similar

processes probably develop in the field, particularly where the soil permeability is

relatively high.

(ii) Parathiras (1994) noted that samples which displayed a negative rate effect also

possessed an undulating shear zone, irregular in thickness and containing secondary

shear surfaces. The material within the shear zone was also softer with an increased



263

water content which Parathiras interpreted as evidence of a liquefied structure. He

argued that the undulating surfaces induce a "pumping action" which causes an increase

in pore pressures and reduction in shearing resistance. The magnitude of the decrease

in shearing resistance was linked to the amplitude of the undulations in the shear

surface.

The ICP tests and ring shear studies at Pentre and the other cohesive deposits allow the

following observations to be made:

On extraction of the Pentre piles, a 10mm thick clay layer was found strongly adhering

to the pile shaft (described in Section 6.5). This probably formed during the pauses in

jacking when pore pressure dissipation and the radial migration of water created a zone

of stronger clay next to the pile shaft. Thin sections through the clay skin clearly

showed multiple major shear surfaces, indicating that shearing took place 5 to 10mm

from the pile surface. The shear bands were not completely planar. A similar adhering

clay layer was observed on extraction of the Bothkennar piles and a trial pit

investigation at Canons Park revealed multiple discontinuous non-planar shear surfaces

a short distance from the pile shaft. Therefore, undulating shear surfaces were formed

in the field.

The undulating shear surfaces could have induced Parathiras' "pumping action" and a

rise in pore pressures in the shear zone. However, this does not explain the consistent

reductions in pore pressure measured at the pile shaft.

Both Pentre and Bothkennar clays exhibited transitional shearing behaviour, hence Tika

et al.'s hypothesis that dilation in the shear zone may occur due to turbulent behaviour

during fast shearing, could apply. If this is the case, free water would be drawn towards

the shear band, a short distance from the pile, and the probes on the pile shaft would

record reductions in pore pressure. As jacking is halted the pore pressure readings

would increase as the shear zone consolidates.

The heavily overconsolidated Cowden till and London clay exhibited dilatant shearing

characteristics, leading to the observed pore pressure reductions during shearing.

Penetration of the pile tip into fresh soil results in the generation of high pore pressures

due to the large increases in total stress associated with undrained soil displacement (u.․).

Freshly sheared sensitive soils would also undergo large changes in soil structure and

reductions in void ratio, leading to additional increases in pore pressure. The entry of

the leading or following probes into this freshly sheared region would coincide with the

measurement of high positive excess pore pressures.
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The points above suggest that hypothesis (i), the dilation of the shear band and the movement

of free water towards the shear zone, provides a reasonable explanation for the pore pressure

reductions measured at the pile shaft during fast shearing through pre-sheared contractant

materials. The location of the shear band some distance from the pile shaft suggests that the

pore pressure measurements at high pile velocities are unlikely to be representative of the

conditions in the principal displacement shear.

(d)	 Pore pressures at the end of installation

Figure 6.12 plots the normalised maximum excess pore pressures, u/a', measured after the

final jack stroke against hJR. The following observations are made:

There is a strong hfR effect with u,/a' ranging from 0.9 to 2.9 at the leading

instrument and 0.1 to 0.9 at the lagging instrument. The rate of change in Eu 1/a' with

h/R decreases away from the pile tip. The hIR effect reflects the increase in total stress

at the pile tip (u.․) and pore pressure dissipation along the pile shaft during the

installation process.

In test PT41f, both the leading (h!R8) and following (hJR=27) instruments entered fresh

soil during the final jack stroke. Consequently the value of UImIG' recorded by the

following instrument is more than twice that measured in other tests.

With the exception of the leading instruments in tests PT4If, PT5I and PT6shf, the

measurements are much lower than predictions made using Lehane's (1992) correlations

for a lightly overconsolidated soil (Section 3.3.3, Equation 3.6). Projecting from

Lehane's equations suggests that dissipation was typically 80% complete at the

trailing and lagging instruments during the final jack stroke and = 30% complete at the

leading location.

The wide range of results reflects the differences in local soil permeabilities, different

degrees of dissipation during the preceding pauses, locations of the probes in fresh and

pre-sheared strata, the distance of the shear band from the pile shaft and the non-planar

profile of the shear surfaces.

6.2.6 Radial effective stress

The radial effective stresses observed during installation, a',, were generally low, ranging

between 0-200kPa and occasionally implying negative radial effective stresses while the pile was

moving. The soil responses were variable due to:
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final jack stroke

high pore pressure gradients at the pile tip resulting in different effective stress states at

the leading pore pressure probes and SST's;

S	 partial drainage along the pile shaft;

S
	

differences in soil fabrics and soil laminae in contact with the pore pressure probes and

SST in the same instrument cluster.

the pore pressure measurements at the pile surface during fast shearing being

unrepresentative of those at the principal displacement shear.

Angles of friction computed as 8, = tan (t/o') using the ;, a, and u measurements, exhibited

much scatter, varying between 5 and 900 and averaging at 20°. The values showed no clear

trends due to instrument location or length of installation jack strokes. The scatter probably

arises from the discrepancies in a',,, listed above.
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6.3 EQUALISATION

Following installation, the piles were left for equalisation periods of 15 hours to 3 days, during

which the excess pore pressures dissipated to within 6kPa of nominal ambient conditions, and

the total stresses relaxed to equilibrium values.

Table 6.3 lists the times allowed for equalisation and the average time taken to reach 90% pore

pressure dissipation at each instrument location. The latter is also plotted on Figure 6.13

showing two distinct responses dependent on whether the probes were located in Zone 1 (10-

15m) or Zone 2 (15-20m). In the more clayey Zone 1, t9 remote from the pile tip generally

exceeded 100 minutes. Consolidation was noticeably faster at the leading probes due to three

dimensional spherical dissipation in the homogenous soil as predicted by Houlsby and Teh

(1988) for the piezocone and illustrated in Figure 6.14(a). The laminated fabric in Zone 2

promoted much faster dissipation, with t 9 less than 45 minutes at all instrument location. Unlike

Zone 1, the leading probes did not exhibit noticeably faster rates of consolidation. Figure

6.14(b) illustrates how high horizontal permeability through the silt laminae allows rapid

dissipation remote from the pile tip, masking any three dimensional dissipation effects.

The results did not show any clear trends due to rate of pile installation or jack stroke length.

Some of the scatter can be attributed to the variations in soil fabric and clay contents and the

different initial values of

	

Pile	 Tip depth	 t	 Time for 90% dissipation (mins)
(m)	 (mins)	

Leading	 Following	 Trailing	 Lagging

	P11	 14.8	 900	 100	 350	 100	 -

	P12	 19.0	 4030	 20	 7	 20	 4

	

P13	 17.5	 1020	 15	 20	 7	 0

	

PT41f	 14.0	 1290	 70	 200	 300	 0

	

P151	 18.75	 4030	 15	 40	 15	 45

PT6shf	 14.0	 4320	 60	 200	 600	 -

	PV7sh	 19.0	 1020	 5	 6	 30	 20

Table 6.3	 Equalisation times at Pentre
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Figure 6.16 Degree of pore pressure dissipation during equalisation

6.3.1 Pore Pressures

At the end of the final jack stroke pore pressures increased or stabilised and then gradually

reduced to ambient conditions (±6kPa) as illustrated on Figure 6.15(a) for test PT41f. The

agreement between the probe pairs was good, with differences of less than 2OkPa after 10

minutes and generally less than 5kPa at the end of equalisation.

Figure 6.16 plots the degree of pore pressure dissipation, U ( 	 against log time for

piles PT4If and PT5I which are typical of tests in Zones I and 2. The responses are distinct,

highlighting the effects of different clay contents, macro-fabrics and permeabilities:
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Zone I (PT!. PT41f PT6shj): 90% pore pressure dissipation took more than 60 minutes

and was approximately three times faster close to the pile tip due to three dimensional,

spherical dissipation.

Zone 2 (P72, PT3, PTS1, PT7sh): Dissipation was faster than in Zone 1, with 90%

equalisation taking less than 45 minutes at all instrument locations. There was no clear

trend between the rate of dissipation and instrument position. The very steep initial rates

of dissipation (dUjdt) indicate partial drainage during installation

6.3.2 Radial total stress

Figure 6.15(a) shows the radial stress changes during equalisation for pile PT4If. A 30%

reduction in crr was measured at the leading instrument, with relatively small changes at the other

locations. Figure 6.17 plots the changes in terms of relaxation coefficient H!H' for all of the

pile tests and instruments while Table 6.4 lists the average changes for each test.

The scatter between instruments readings is significant, but a clear difference is apparent

between the two soil zones. Larger relaxations, averaging at 32%, were experienced by the

shallow piles in the more clayey Zone I, contrasting with 10% in Zone 2. The instruments

installed in Zone 1 responded at a slower rate, but relaxation was complete in both zones after

1000 minutes (17 hours). The relatively rapid changes in Zone 2 result from higher radiai soil

permeabilities and coefficients of consolidation (c,b) while the relatively small degrees of

relaxation are due to partial dissipation during installation.

Time	 P11	 PT2	 PT3	 PT4If PT5V	 PT6shf PT7sh'	 Average
(mins)	 Zone I	 Zone 2

0.98	 0.92	 0.98	 0.89	 0.95	 1.02	 0.93	 0.96	 0.95

10	 0.89	 0.89	 0.96	 0.86	 0.94	 0.97	 0.88	 0.88	 0.92

100	 0.66	 0.88	 0.94	 0.74	 0.91	 0.83	 0.87	 0.74	 0.90

1000	 0.55	 0.89	 0.94	 0.72	 0.90	 0.78	 0.86	 0.68	 0.90

4000	 -	 0.90	 -	 -	 0.89	 0.78	 -	 -	 -

Note: 1.	 The averages omit the anomalous readings from the following SST in PT5I and PT7sh.

Table 6.4	 Average values of H/H1 during equalisation

H is the normalised radial stress ratio (a1-u0)I&o and H, is the value at the end of

installation.
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The patterns of relaxation are compared with the average trends measured at Bothkennar,

Cowden and Canons Park in Table 6.5 and Figure 6.18. This shows:

At Pentre the initial rate of normalised radial stress relaxation {d(HIHJ/dt} was at least

ten times faster than that at the previous three sites.

The final degrees of relaxation were affected by partial drainage during installation. In

Zone I, iHfH1 lies between the compressible response at Bothkennar and the stiff

response of London Clay, while relatively little relaxation occurred in the more

permeable Zone 2.

The results suggest that if the pile had been installed in one rapid and continuous event without

any pore pressure dissipation, the degree of radial stress relaxation during equalisation would

have been greater.

Time	 Pentre	 Bothkennar	 Cowden	 Canons
(mins)	 Park'

Zone 1	 Zone 2

10	 0.88	 0.92	 0.97	 0.97	 1.0

100	 0.74	 0.90	 0.87	 0.98	 0.9

1000	 0.68	 0.90	 0.70	 0.91	 0.81

4000	 -	 -	 0.60	 0.86	 0.78

jj 1. The averages for Canons Park are only for the leading and following instruments since the
trailing instrument in disturbed London Clay measured unusually large increases in H/H, of

1.3 after 4 days.

Table 6.5	 Average values of H/ll during equalisation at the ICP test sites

6.3.3 Radial effective stress

The a', measurements taken during equalisation of pile PT4If are displayed in Figure 6.15(b).

After the final jack stroke a', generally rose, with the greatest increases seen close to the pile tip

at the leading instrument cluster.

Figure 6.19 plots the measured changes in terms of K/K, &a'Ja',,)' for all seven tests. This

shows a wide spread of results due to the varying effects of partial drainage. A mean trend

where K = o'/a' and K, is the value at the end of consolidation.
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Figure 6.20 Equalisation changes in KIK at ICP sites

curve' was computed as plotted in Figure 6.20, showing an average rise in a' of 70% over

the equalisation period. The general trend shows most resemblance with that at Bothkennar,

though the initial rate of equalisation over the first ten minutes was much faster.

The effective stress changes developed during the equalisation period reflect capacity variations

with time that have important practical consequences, particularly for large diameter piles where

the rate of consolidation is much lower (being proportional to l/R 2). For example, tests at

Cowden showed that the short-term minimum seen in a' 1 coincided with a temporary dip in the

available shaft capacity.

The relaxation coefficient, KJH,, which relates the radial effective stress after equalisation to the

radial total stress after installation, varied along the pile length, increasing from 0.7 ± 0.2 at

There were no differences in the mean trends from Zones I and 2.
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h/R=8 to 0.9 ± 0.15 at hIR=50. The very low H1 ratios seen at Pentre cause the KJH, values to

be much higher than those predicted using Lehane's database of high quality pile tests in low

permeability clays (Section 3.3.2). The relaxation coefficients approach those for free-draining

sands where KJ}I, 1.0 in the short-tenn) The variation in KJH, with h/R has not been

observed at any of the previous ICP sites2 and is due to the particularly high permeability of the

Pentre clay-silt.

6.3.4 Equalised radial effective stress

(a)	 Field measurements

The radial effective stresses developed at the end of consolidation, expressed as K a'/&,, are

listed in Table 6.6 and plotted on Figure 6.21. 1( ranges between 0.5 and 2.4 and generally

exceeds the estimated free-field earth pressure coefficient, K ( =

Figure 6.22 plots I( against h!R for the Zone 1 and Zone 2 pile tests. Also shown are the range

of values predicted using Lehane's correlations for low permeability clays (Section 3.3.2,

Equation 3.5) using the appropriate values of YSR and AI. Notable points include:

(i)	 The K measurements reduce with increasing bJR with the greatest reductions occurring

between the leading and following instruments. The steepest stress reductions were

measured for the piles installed with long or short jack strokes where few dissipation

cycles had been experienced during jacking.

(ii) In some cases K rose slightly between the trailing and lagging instruments probably due

to variations in YSR and clay sensitivity with depth.

(iii) Clear differences are apparent between the individual tests, particularly in Zone I where

the values from PT41f are 3O% higher than those from PT6shf which in turn are

approximately twice those in PT1. Similar trends are visible in Zone 2 with Push>

PT5I > PT3 > PT2. These echo the hierarchy of radial total stresses measured during

installation (Section 6.2.4) and do not show any simple relationship with either the total

number of installation jack strokes, jacking rate, overall rate of installation, magnitude

of pore pressures at the end of installation or length of equalisation period.

Note that significant medium to long-term increases in O'f can occur in sands as shown
in the ICP tests at Dunkirk, described in Chapter 7, and inferred by the long-term ageing
results on the CLAROM piles in Chapter 8.

2 With the exception of Canons Park where unusually high K/H 1 values were measured
in the disturbed brown London Clay.
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Pile	 z	 h/R	 u0	 a	 H,	 u,	 u	 K/H,
______ (m) _____ (kPa) (kPa) (kPa) ______ (kPa) (kPa) (kPa) ______ ______

PT1	 14.39	 8	 129	 147	 373	 1.75	 386	 146	 103	 0.80	 0.46

	

13.47	 27	 121	 138	 243	 0.87	 219	 138	 67	 0.56	 0.64

	

12.27	 50	 111	 125	 169	 0.40	 154	 122	 69	 0.63	 1.57

	

11.15	 72	 101	 113	 -	 -	 -	 -	 -	 -	 -

P12	 18.58	 8	 165	 192	 415	 1.36	 348	 192	 155	 0.94	 0.69

	

17.65	 27	 157	 182	 264	 0.52	 298	 181	 85	 0.54	 1.04

	

16.45	 50	 147	 169	 439	 1.84	 529	 170	 260	 1.77	 0.96

	

15.34	 72	 137	 157	 266	 0.79	 245	 160	 82	 0.60	 0.76

P13	 17.05	 8	 152	 176	 446	 1.78	 441	 175	 202	 1.33	 0.75

	

16.12	 27	 144	 166	 301	 0.94	 210	 158	 134	 0.93	 0.99

	

14.92	 50	 133	 153	 324	 1.28	 244	 148	 172	 1.29	 1.01

	

13.81	 72	 124	 141	 167	 0.21	 133	 136	 65	 0.52	 2.48

	

PT4If 13.60	 8	 122	 139	 593	 3.71	 448	 143	 259	 2.12	 0.57

	

12.68	 27	 114	 129	 285	 1.36	 299	 134	 77	 0.67	 0.49

	

11.48	 50	 104	 116	 275	 1.52	 158	 120	 121	 1.16	 0.76

	

10.36	 72	 94	 105	 206	 1.07	 118	 100	 104	 1.10	 1.03

P151	 18.29	 8	 162	 189	 719	 3.27	 565	 192	 359	 2.21	 0.68

	

17.36	 27	 154	 179	 (192) (0.09)	 288	 185	 (16)	 (0.11) (1.21)

	

16.16	 50	 144	 166	 305	 0.96	 270	 172	 108	 0.75	 0.78

	

15.05	 72	 135	 154	 345	 1.42	 173	 154	 130	 0.96	 0.68

	

PT6shf 13.58	 8	 122	 139	 414	 2.25	 483	 144	 188	 1.54	 0.68

	

12.66	 27	 114	 129	 300	 1.50	 208	 129	 130	 1.14	 0.76

	

14.46	 50	 104	 116	 230	 1.10	 135	 113	 91	 0.88	 0.80

	

10.34	 72	 94	 104	 -	 -	 -	 -	 -	 -	 -

	

PT7sh 18.58	 8	 165	 192	 694	 3.04	 408	 197	 401	 2.43	 0.80

	

17.66	 27	 157	 182	 (176) (0.00)	 234	 186	 (3)	 (0.02)	 -

	

16.46	 50	 147	 169	 335	 1.13	 234	 170	 136	 0.92	 0.82

	

15.34	 72	 137	 157	 396	 1.74	 291	 153	 227	 1.66	 0.95

a, is the radial total stress at the end of installation.
H, = (o -
u,,,,,, is the maximum average pore pressure at the end of installation.
u is the average pore pressure measured at the end of equalisation.

=
The installation values for PT5I arc those from the penultimate jack stroke since the final stroke
was terminated prematurely before the full stresses changes were developed.
Figures given in brackets are unreliable due to anomalous readings at the following SST.

Table 6.6	 Pentre equalisation data
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Figure 6.21 Pentre ICP tests, K against depth

(iv) The ranges of K in Zones 1 and 2 are comparable.

(v) The predictions for K fall midway in the range of results, being conservative at h/R=8

for piles installed in few dissipation cycles (PT4lf, PT51 and PT7sh) and unconservative

for PT1 and PT2 which were installed with standard jack strokes and numerous

opportunities for dissipation. The predictions show a relatively mild h/R effect,

resembling most closely the trends from the standard pile installations.

Observations (I) and (ii) and the fact that the Pentre piles were installed through deep starter

boreholes invalidates the arguments presented in Section 3.2.2(d) that the h/R effect is due to

free surface effects or lateral pile movements, confirming the conclusions of Lehane (1992).
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(b)	 Influence of dissipation during installation

The most striking feature is observation (iii) which illustrates the effects of installation method

on the radial effective stresses after equalisation. The relatively high K values developed in

PT6shf and PT7sh were surprising since these were installed with a large number of undrained

shearing cycles which were expected to result in lower radial stresses. The fact that the stresses

were greater than those developed on the standard pile installations demonstrates that K is not

controlled by N1 or N1 (as defined in Section 6.1.3).

Instead, K showed a greater dependence on the number of opportunities allowed for pore

pressure dissipation during jacking, i.e. the number of dissipation cycles (Nd,U) which

encompasses the cycles of full and partial dissipation. A minimum pause of 2 minutes was used

to define the end of each dissipation cycle, as illustrated for PT7sh in Figure 6.7(c), and values

of q,, 1 and f increased with the resumption of jacking.

Table 6.1 shows that PT6shf and PT7sh were installed with 150 and 200 predominantly

undrained jack strokes, which were separated by short 10 second pauses. Longer pauses were

allowed for jack resetting and the addition of extension tubes, resulting in 13 and 15 dissipation

cycles. The latter fall between.the small number of dissipation cycles experienced in the long

stroke installations (N d,S, = 7 to 10) and those using standard strokes (N d1$ = 22 to 26).

Table 6.7 lists the number of dissipation cycles experienced by the soil elements located next

to the SST's at the end of installation.' These values are annotated on Figure 6.22 showing that

at a particular WR, K reduces with Nd,,. This is illustrated for all of the instruments,

irrespective of zone of testing and hfR in Figure 6.23(a) showing a steady decrease in K with

N 51 . Note that this trend also combines the dependency of K on h/R. Some scatter arises from

differences in hfR, YSR and clay sensitivity in the different soil layers and the different degrees

of pore pressure dissipation taking place during the pause periods.

Note that N4,, N1 in tests PTI to PT5I since all of the pauses in jacking lasted longer
than 2 minutes.
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Test	 Depth	 No. of dissipation 	 No. of dissipation cycles experienced by the
penetrated by	 cycles during	 soil element
pile toe (m)	 installation	

Lead	 Follow	 Trail	 Lag

PT1	 10.50 - 14.81	 24	 3	 7	 14	 -

PT2	 14.81 - 19.00	 26	 3	 15	 24

PD	 12.00 - 17.47	 28	 2	 6	 13	 19

PT4If	 8.14 - 14.02	 7	 1	 1	 2	 3

PT5I	 14.02 - 18.73	 9	 1	 3	 7	 8

PT6shf	 10.25 - 14.00	 13	 2	 5	 10	 -

PT7sh	 14.00 - 19.00	 15	 3	 5	 8	 12

Note: *	 The final (tenth) jack stroke was terminated early after only 0.02m pile head displacement
and has been disregarded.

Tab'e 6.7	 Number of dissipation loading cycles experienced by the soil elements
during installation

The clearest indication that K decays with cycles of drained shearing is provided by the drained

load test data. Figure 6.23(b) shows how K, measured by individual instruments, reduces from

the start to the end of each test. These involved very small pile displacements of less than

20mm, with negligible changes in soil strata and no changes in h or hJR. The general trends in

Figure 6.23(a) are imitated, lending support to the hypothesis that the magnitude of K and the

h/R effect are affected by the number of drained or partially drained shearing cycles experienced

by the soil.

(c)	 Discussion

Karisrud et al. (1993b) suggested that the adverse effect of long breaks in the driving process

might explain the unusually low shaft capacities of the NGJ's Pile A5 at Pentre and CI at

Onsøy. As described in Section 3.6.3(iv), these were installed over two days with an overnight

pause. The shaft capacity developed on Pile CI was 15% lower than that of an identical pile

driven without pauses. The ICP measurements at Pentre described above, appear to support to

their explanation.

The dependence of K on the number of dissipation cycles undergone during installation may

be explained in terms of soil structure and sensitivity using the framework described in Section

5.2.5. This shows that the intact Pentre clay-silt possesses a porous, open fabric with void ratios

(or indices) greater than those of the reconstituted soil at the same vertical effective stress. The



2.5

2.0

1.5

2

II
U 1.0

50	 :72
•	 72 A

Iv'
,Z7z'7

0.5

281

Data labels give h/R
t	 :	 • PTI	 PT5I

A PT2	 PT6shf
PT3	 PT7sh

	

\[" r"r	
• !

-r 77! 11111 7I 11111

I	 I	 I
I	 I	 I
I	 I	 I	 I

I	 I
I	 I

0.0 L
I

	

	
10

Number of dissipation cycles, Nd

(a)
	

Kc after Installation and equalisation

2.5

2.0

0
15

2
b

1.0

0.5

0.0

Closed symbols after equalisation

	

I	 I Open symbols = after load test
Arrows connect measurements at the

	

_._I	

I	 •

II

- - - same instrument, h/R and soil stratum

I	 I

	

I	 I	 I	 I	 I	 I	 I

:	 :	 :	 :

_•____..-*	 --------I	 I	 I	 I
I	 I	 I	 I

I	 I	 I	 I	 I	 I
I	 I	 I	 I	 I	 I	 I	 I

I	 I	 I	 I	 I	 I
I	 I	 I	 I

	

- ---------	 ____Th	 - J-i ..................

•-?

	

I	 I
I	 I

•I	 I	 I .VL

	

I	 I	 I	 I	 I
----------------------------------*a.4_.---- -

	

I	 I	 I	 I	 I	 I

	

I	 I	 I	 I	 I	 I	 I	 I	 I	 I

	

I	 I	 P	 I	 I	 I	 I	 I	 I	 I

	

I	 I	 I	 I	 I	 I	 I	 I	 I

	

I	 I	 I	 I	 I	 I	 I	 I	 I

	

I	 I	 I	 I	 I	 I	 I	 I	 I	 I

10
Number of dissipation cycles, Nd

(b)	 Reductions In K after drained load tests

Figure 6.23 Variation in icc with dissipation cycles



282

["	
Sedimentary Compression Curve

Void	 Intrinsic Compression Curve
ratio	 for given stress conditions

C "N. /	 initiai state

Cyic

e	 loading

N

N

log a'

Figure 6.24 Effect of repeated drained loading cycles on sensitive normally
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pile measurements indicate that successive shearing cycles disturb the natural fabric created

during deposition, resulting in reductions in the mean effective stress, p'. Opportunities for pore

pressure dissipation allow the material to consolidate to lower void ratios and approach the

intrinsic state as illustrated on Figure 6.24. The volume reductions would result in radial

shrinkage, thereby reducing the radial effective stress on the pile shaft. The strong tendency of

clay sensitivity to reduce the magnitude of K for piles installed under undrained conditions was

identified by Lehane and is illustrated in Figures 3.13 and 3.14.

Alternatively, under partially drained conditions the relatively coarse Pentre clay-silt may behave

like a sand, where changes in the major principal stress directions produces volumetric

contraction as the particles reorientate to withstand the new stress state (Symes et al., 1988).

Reversals in the stress directions with the application and removal of each jack stroke may

produce such volumetric contraction, resulting in additional reductions in radial effective stress

(see Section 2.2.5). However, this explanation is considered less likely, since the effects of

principal stress rotation during the loading stages did not produce the clear contraction (varying

in magnitude along the pile shaft) displayed by the pile tests in sand (see Section 7.4.3).
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(d)	 Implications for design

The trends seen at Pentre are not typical of clays. The porous, laminated macro-fabric of the

Pentre clay-silt results in far higher permeabilities, lower coefficients of volume compressibility

(me) and very high coefficients of radial consolidation (Cth). Significant partial dissipation during

installation has not been observed at any of the previous ICP clay sites. Nevertheless, Lehane's

(1992) design expressions, developed from the results of undrained pile tests in low permeability

clays, provide reasonable predictions except in the following two cases:

(a) Soil elements close to the pile tip which have only undergone one shearing cycle. At

this location K is underpredicted by up to 100%, i.e. the expressions are conservative.

This feature was not observed at any of the previous ICP sites where essentially

undrained pile installation and standard (0.20-0.25m) jack strokes resulted in a single

dissipation cycle being imposed on the soil elements at h/R=8. This suggests that the

phenomenon may relate to the first undrained shearing cycle or be unique to Pentre.

(b) Installations where a large number of pauses during the jacking process allow several

periods of significant pore pressure dissipation. This results in K values which are, on

average, 25% lower than predicted, i.e. the correlations are unconservative.

The design predictions are examined in greater detail in Chapter 10 where it is concluded that

the effects of partial dissipation on K are relatively small in comparison to the variations in 1

measured in this transitional-type material, where clay content and macro-fabric vary with depth.

Offshore piles are usually driven rapidly with few opportunities for dissipation. For example,

the 55m long LDP pile at Pentre was driven in around two hours including three pauses of less

than 30 minutes to reset the guides and check the data acquisition system (overall installation

rate of = 350mm/mm'). This is an order of magnitude faster than the fastest ICP installation,

PT6shf(3Omm/min). The open-ended pile had a radius of 0.381m with a displacement ratio of

0.27, taking into account the protective shoes at the base. Full coring took place during driving

hence the annular area of steel corresponds to an equivalent pile radius four times larger than

the ICP.2 Since the rate of consolidation is inversely proportional to R2, the threshold 2 minute

pause marking the onset of partial dissipation for the ICP would correspond to =30 minutes for

Average driving rate of 480mm/mm (McClelland, 1988b).

2 Equivalent radius of a closed-ended pile with the same solid base area:
R	 (0.38 12 x 0.27)' = 0.20m.
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the LDP pile. The precise duration of the pauses in driving are not known but the driving

resistances, pore pressures and radial total stresses did display positive set-up after each pause,

similar to that exhibited by the ICP after each dissipation cycle. This suggests that the driving

process was predominantly undrained with pore pressure dissipation only occurring during the

pauses in driving, subjecting the soil elements adjacent to the pile shaft to between 1 and 4

dissipation cycles. The trends displayed by the ICP indicate that Lehane's equation may

underpredict K. very close to the pile tip (where only one undrained shearing cycle was

experienced), but provide realistic estimates along the remainder of the pile.

The present expressions are expected to be suitable for practical pile design and a modifications

taking into account the effects of partial dissipation are not considered necessary since:

•	 the large pile diameters require longer pauses for partial dissipation to take place;

•	 the recent development of high capacity underwater driving hammers means that

modern piles are usually driven rapidly with few pauses, unlike the early offshore piles

where the driving process was slow with frequent breaks to core out the pile plug and

repair hammers (de Jonge, 1995);

the expected number of stoppages during driving can not be predicted, being dependent

on driving and weather conditions;

deposits with high permeabilities and fast consolidation characteristics matching those

found at Pentre are not common in the North Sea.

These assumptions are examined in Chapter 10 where the design approach is tested for a wide

range of soil conditions and pile types.

6.3.5 Residual stresses prior to load testing

As described in Section 2.3, displacement piles do not experience a stress free state after

installation, but develop significant residual shaft shear stresses due to the installation process

and pile head rebound. Figure 6.25 shows the shear stress distributions for four of the ICP tests

at the end of installation and after equalisation. Pile flexibility results in some rebound of the

pile head as the jack force is removed leading to negative shear stresses along the upper part of

the pile, which are counteracted by positive shear stresses near the pile base and the residual

base load (typically 5kN). Stress redistribution occurs during equalisation as shown for PT4lf

on Figure 6.15(c), involving:
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(i) pore pressure dissipation and settlement of the soil mass which causes an increase in the

negative shear stress along the shaft (negative skin friction);

(ii) creep and consolidation settlements beneath the pile tip causing an increase in positive

shear stress near the pile toe.

The stress redistributions on Figure 6.25 are complex due to the relative stiffnesses of the

different layers and the variable excess pore pressures developed along the pile shaft at the end

of installation. Generally, at the end of equalisation positive shear stresses of around +1 OkPa

existed near the pile base and around -5kPa along the upper portion of pile. Similar profiles

were measured on piles PT3, PT6shf and PT7sh.

6.4 LOAD TEST1IG

After equalisation, the piles were subjected to load tests to investigate the parameters listed in

Table 6.1 and described in Section 6.1.2. The results of the load tests are listed in Table 6.8.

The modified LPC loading procedure (Bustamante, 1982) detailed in Section 4.5.3, resulted in

the following test characteristics:

(1)	 Peak load was achieved in approximately five hours.

(ii)	 Pre-peak pore pressures generally remained within lOkPa of ambient conditions

corresponding to 6% of the average a', i.e. loading was essentially fully drained.

(iii) The average rate of loading to failure in first-time tests was 0.02mm/mm.

(iv) Typical creep rates immediately prior to failure were around 0.01mm/mm as shown on

Figure 6.26.

(v) The rate of displacement during ductile failure was less than 1.7mm/mm except for

PT5I/L6T which was conducted after cyclic loading.

(vi) During brittle failure the rate of plunging was maintained below 5mm/mm. Pore

pressures underwent large changes, i.e. conditions were not drained.

6.4.1 Shaft-displacement response

Figure 6.27 shows the average shaft resistance-pile head displacement plots for the first-time

load tests. The responses in reloading are shown given in Figure 6.28. Points to note include:

First-time compressive load tests followed slightly non-linear load-displacement

characteristics to 85% of peak. Failure was generally reached after pile head
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displacements of 3mm' and was practically ductile with minor post-peak reductions

in shaft capacity exhibited by the piles in Zone 1.

The response in tension was markedly non-linear and much softer than in compression,

requiring around twice the displacement to failure. Failure was brittle with brittleness

indices 'b {=	 .)/} of 31 and 25%.

The response was stiffer on reloading except when the direction of loading was reversed.

Reversals also induced brittle failure.

6.4.2 Shaft capacity

The average peak shaft resistance () for the first time tests was 33kPa, varying by ±30% which

is not excessive considering the variations of ±10%, ±25% and ±50% measured at Bothkennar,

Cowden and Canons Park respectively. The differences in shaft capacity mainly arose from

differences in the installation method and the direction of load testing.

Other points of note include:

Average a for the first-time tests (evaluated using average s 0 from IJU triaxial tests2)

was = 1.0±0.26. Average 	 0.88±0.28.

Post-peak increases in loading rate from 0.001 to 1.5mm/mm in tests PTI/LIC and

PT7shILI C had little or no effect on shaft capacity. However, increases from 1.5 to

15mm/mm produced a rise of 8%. This is in good agreement with the 7% increase

detected between tests performed at the same rates in the ring shear apparatus (see

Appendix B).

' No account being taken of elastic pile compression which was = 2mm for the Zone 1
piles and =2.5mm for those in Zone 2.

2 Note that the values of cx can vary depending on the definition of s adopted. Section
5.2.7 shows that the measurements for Pentre clay-silt varied by a factor of 2.



289

= =
Test	 Depth	 f,,	 a,,	 13,,	 ,	 ;	 ad,,	 PU	 qb	 qb/qC

_______	 (m)	 (kPa)	 (mm) (kPa) (kPa)	 (MPa) N

PT1ILIC	 10.50-14.81 23.4 0.74 0.21 	 2.1	 22	 22.3 0.71 0.20	 1.11	 1.28
7mm 30

PT2/LIC	 10.50-19.00 29.3 0.80 0.22 4.0 	 37.5 28.7 0.78 0.22	 1.18	 1.11
5mm 25

PT2/L2T	 -30.1 -0.82 -0.23 -4.4	 -23.0 -0.63 -0.18	 -	 -

P13/LIT	 12.00-17.47 -42.1 -1.15 -0.32 -5.3	 39 -29.0 -0.79 -0.22	 -	 -

P13/L2T	 -30.2 -0.82 -0.23 -4.95	 -27.9 -0.76 -0.21	 -	 -

PT4IIILIC	 8.14-14.02	 34.4 1.19 0.34 3.26	 36'	 30.9 1.12 0.31	 1.23	 1.42
11mm 35

PT51ILIT	 8.14-18.73 -36.4 -1.09 -0.30 -7.24 34.5 -27.4 -0.82 -0.23	 -	 -

PT5I/L2T	 -27.6 -0.83 -0.23 -3.2	 -	 -	 -	 -	 -

PT5I/L3C	 26.2 0.79 0.22 5.14	 24.5 0.73 0.20 Ø•5Ø2	 -

12mm

PT5I/L4T	 -27.2 -0.81 -0.23 -4.6	 -26.3 -0.79 -0.22	 -	 -

PT51IL5CYT	 -2 to
-21

PT5I/L6T	 -24.5 -0.73 -0.20 -2.5	 -	 -	 -	 -	 -

PT6shfYLIC 10.25-14.00 36.4 1.21 0.33 3.89 	 26	 35	 1.16 0.32	 1.05	 1.21
7mm 30

PT7sh/LIC	 10.25-19.00 29.4 0.81 0.23 	 4.3	 36.5 28.9 0.80 0.22	 1.50	 1.41
8mm 32

PT7shJL2C	 28.6 0.79 0.22	 3.3	 28.1 0.77 0.22	 1.82	 1.71
14mm 38

PT7shIL3T	 -29.6 -0.81 -0.23 -3.6	 -25.5 -0.70 -0.20	 -	 -
=	 = =

Notes:	 ,,	 peak average shear stress
ultimate post-peak shear stress

= average shear stress near the end of installation preceded by a pause of less than 7 mins
= pile head displacement at

a =	 where s is measured in UU triaxial tests

13	 =
= ultimate pile end bearing (pile head displacement given below in nun)
= CPT base resistance at founding level

N=

1. After a 30 minute pause period.
2. The preceding tensile tests resulted in a total upward displacement of 35mm so the pile

tip was not in full contact with the ground.

Table 6.8	 Pentre loading results
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6.43 Base load

At the end of loading pile end resistances matched or exceeded those developed over the last

stages of installation, with average q1,/q = l.3. In all cases, N, was at least three times greater

than the commonly recommended value of 9, averaging at 30. Larger pile head displacements

were required to mobilise the full base capacity and at 1.,, the base load was approximately 80%

of its peak value.

6.4.4 Local stress changes

This Section reviews the local changes in pore pressure, radial total stress, radial effective stress

and shear stress during loading. Figure 6.29 shows individual instrument measurements in tests

PTIILIC and PT3ILIT which are typical of the responses in compression and tension. Tables

6.9 and 6.10 tabulate the effective stress measurements in the first-time and reload tests

respectively. The overall effective stress paths are considered in Section 6.4.5.

(a) Pore pressure

The slow loading rates and high soil permeability allowed drained load tests to be conducted.

Maximum excess pore pressures of iu = 2OkPa were measured as the load increments were

applied, but dissipation during the holding periods resulted in final net increases of less than

1 OkPa above ambient over the entire loading process.

PT2IL2T was conducted at a far faster rate of 1 .25mm/mm causing failure after 4 minutes and

the generation of maximum excess pore pressures of u = 8OkPa. This was accompanied by a

maximum increase in radial total stress, c 1 = 3OkPa.

Pore pressures generally remained stable post-peak, though the increased rates of displacement

occasionally led to increases in pore pressure of up to 25% in the clayey Zone 1 region. The

exception was at the leading instrument in tension tests where pore pressures generally reduced

by 30% post-peak, due to suctions at the pile toe.

(b) Radial total stress

In first-time load tests, a, decreased by 10% pre-peak and increased post-peak, the only

exception being test PT3/LIT where a, increased by 10% at all instrument locations and

decreased post-peak.
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Test	 Instrument	 h/R	 Depth	 K/1	 3 ()	 (0)

___________ ____________ ______ (m) ________ _________ Apparent (mm/rn in)

PT1ILIC	 Leading	 8	 14.39	 0.87	 22.2	 20.0	 0.08

Following	 27	 13.47	 0.93	 18.4	 16.6

	

___________ Trailing	 50	 12.27	 0.85	 15.6	 13.8	 _________

P12ILIC	 Leading	 8	 18.58	 0.86	 20.1	 19.9	 0.05

Following	 27	 17.65	 0.86	 18.1	 16.8

	

Trailing	 50	 16.45	 0.94	 12.4	 12.0

	

__________ Lagging	 72	 15.34	 0.94	 15.5	 - 15.3	 _________

PT3/LIT	 Leading	 8	 17.05	 1.09	 -21.2	 -17.7	 2.4 t

Following	 27	 16.12	 1.08	 -24.1	 -19.2

	

Trailing	 50	 14.92	 1.11	 -20.4	 -14.4

	

__________ Lagginc	 72	 13.81	 160	 -19.0	 -15.3	 _________

PT41f7LIC	 Leading	 8	 13.60	 0.88	 15.0	 10.9	 1.4t

Following	 27	 12.68	 0.86	 18.0	 20.8

	

Trailing	 50	 11.48	 1.01	 24.9	 28.4

	

__________ Lagging	 72	 10.36	 0.97	 18.4	 14.0	 _________

PT5IILIT	 Leading	 8	 18.29	 0.79	 -23.1	 -15.0	 3.5t

Following *	 27	 17.36	 (1.27)	 (-47.3)	 -

	

Trailing	 50	 16.16	 1.03	 -26.1	 -31.3

	

__________ Lagging	 72	 15.05	 0.91	 -26.4	 -25.4	 _________

	

PT6shf/LIC Leading	 8	 13.58	 0.89	 15.8	 15.1	 0.85

Following	 27	 12.66	 0.84	 16.4	 14.5

	

_________ Trailing	 50	 11.46	 1.04	 19.1	 19.7	 ________

	

PT7sh/L1C Leading	 8	 18.58	 0.97	 14.3	 13.5	 0.17

Following *	 27	 17.66	 (0.54)	 (85)	 -

	

Trailing	 50	 16.46	 1.01	 11.6	 11.0

	

_________ Lagging	 72	 15.34	 0.91	 11.4	 11.2

Notes: K = . /aV0 where	 is the radial effective stress at the start of the load test.
Kf = & 1 /a' where o is the value at failure.
f, = Rate of pile head displacement at failure.
*	 Anomalous readings at the following SST - unreliable results in brackets.
t	 Fast post-peak displacement rates resulted in anomalous pore pressure readings and

unreliable 8uIt values.

Table 6.9	 Effective stress parameters from first-time load tests
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Test	 Instrument	 h/R	 Depth	 K/KC	 (0)	 (C)

_______ _______ ___ _____ _____ ____ ____ apparent (mm/mm)

PT2/L2T	 Leading	 8	 18.58	 0.90	 0.77	 -23.6	 -16.1	 1.25t

Following	 27	 17.65	 0.53	 1.00	 -20.9	 -12.9

	

Trailing	 50	 16.45	 1.79	 0.72	 -21.8	 -14.1

	

__________ Lagging	 72	 15.34	 0.66	 1.09	 -23.6	 -15.0

PT3/L2T	 Leading	 8	 17.05	 1.09	 1.32	 -17.7	 -16.2	 1.7t

Following	 27	 16.12	 0.72	 1.21	 -18.9	 -19.9

	

Trailing	 50	 14.92	 1.25	 1.10	 -11.2	 -10.5

	

__________ Lagging	 72	 13.81	 0.63	 1.26	 -13.3	 -13.8

PT5VL2T	 Leading	 8	 18.29	 1.07	 1.04	 -133	 -13.9	 0.19

Following *	 27	 17.36	 (0.14)	 (1.41)	 (-36.4)	 (-37.7)

	

Trailing	 50	 16.16	 0.75	 1.19	 -21.4	 -21.9

	

_________ Lagging	 72	 15.05	 0.66	 1.23	 -17.9	 -18.1

PT51/L3C	 Leading	 8	 18.29	 1.01	 1.10	 16.6	 10.2	 3.5t

Following *	 27	 17.36	 (0.14)	 (0.67)	 (49.6)	 (27.6)

	

Trailing	 50	 16.16	 0.76	 0.95	 18.7	 14.6

	

__________ Lagging	 72	 15.05	 0.65	 0.91	 21.9	 16.8

PT5IIL4T	 Leading	 8	 18.29	 1.43	 0.93	 -16.5	 -13.8	 4.5t

Following *	 27	 17.36	 (0.16)	 (1.21)	 (-40.0)	 (-36.8)

	

Trailing	 50	 16.16	 0.68	 1.08	 -22.9	 -29.0

	

_________ Lagging	 72	 15.05	 0.61	 1.22	 -21.4	 -18.2

PT51/L6T	 Leading	 8	 18.29	 1.10	 1.05	 -12.6	 0.09

Following *	 27	 17.36	 (0.12)	 (1.51)	 (-37.3)

	

Trailing	 50	 16.16	 0.65	 1.19	 -22.6

	

_________ Lagging	 72	 15.05	 0.56	 1.26	 -18.6

	

PT7shJL2C Leading	 8	 18.58	 1.60	 0.99	 16.6	 15.8	 0.21

Following *	 27	 17.66	 (0.08)	 (0.61)	 (63)	 (63.7)

	

Trailing	 50	 16.46	 -	 -	 -	 -

	

_________ Lagging	 72	 15.34	 1.52	 0.91	 11.3	 12.5

	

PT7sh/L3T Leading	 8	 18.58	 1.68	 0.68	 -28.8	 -24.3	 0.10

Following *	 27	 17.66	 (0.04)	 (1.71)	 (-68.5)	 (-60.3)

	

Trailing	 50	 16.46	 1.04	 -	 -	 -

	

Lagging	 72	 15.34	 1.61	 0.98	 -25.1	 -16.4

Note: K a',Ja',., where a', is the radial effective stress at the start of the load test.
o',/a',, where a', is the value at failure.

f, - Rate of pile head displacement at failure.
*	 Anomalous readings at following SST - unreliable results in brackets.
t	 Fast post-peak displacement rates, anomalous pore pressure readings and unreliable 8.

Table 6.10	 Effective stress parameters from reload tests



296

10

08
trZ

(t)k 
06

04

02

Pentre clay-silt
Zie 2

- --
-. -. -.-.-. ._. Bothlennar clay

till

Pentie day-silt
Zone I

- -- - —l.ondon clay

Fast_jacked piles

h/P 8

clay

Pentre clay-silt
- Zone 2

Pentit
- -	 Zane 1

--S
— --	 —London clay

Fast -pcked piles
h1p

5	 6	 7

1 °r '-n

'I,
trZ	

O8[-/ / ,;:'

(tr7 )peak	 r ii
I jjl i

I II I I

1:1/ /
O 1+uIi /

Fill /
111/ /

02

0l
0

Pile head displacement (mm)

Displacement (mm)
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(c)	 Shear stress

The local r response replicated many of the features exhibited in average shaft resistance, E,

shown on Figure 6.27 and discussed in Section 6.4.1. There was also reasonable agreement

between the local t and average f measurements, with the development of similar peak

resistances after comparable pile displacements. This indicates the same shearing behaviour on
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the instrumented and uninstrumented pile sections, despite the differences in hardness (and hence

surface texture) of the two types of steel.

Figure 6.30 compares the development of local shear stress at the leading SST at Pentre with

those at the previous ICP clay sites. Figure 6.30(a) plots normalised shear stress against pile

head displacement while (b) shows the mobilisation of shear stress against local pile

displacement.' Pre-peak, the local loading response was relatively stiff due to the greater depths

tested at Pentre and higher mean effective stresses. Large residual shear stresses remained in

the Zone 2 pile. The post-peak responses in the two zones were markedly different, with the

more clayey Zone I exhibiting a 30% post-peak stress reduction while the shear stresses in Zone

2 remained at peak. This explains the slight reductions in average shaft resistance in the Zone

I tests shown in Figure 6.27. Post-peak brittleness was more pronounced close to the pile tip

and after reversals in the direction of shearing.

6.4.5 Effective stress paths

The concentration of instruments in small clusters along the ICP allows the effective stress paths

of the soil elements at different points along the pile shaft to be followed. Figure 6.31 plots the

stress paths from the seven first-time tests.

(a)	 Behaviour to peak shear stress

The following features are visible in the pre-peak stress paths:

•	 In compression, a 'f reduced steadily to 92% of a', i.e. the loading factor for radial

stress, 'L = K/KC = 0.92 ± 0.12.

•	 In tension test PT3/L1T, a' increased by = 10% at all instrument locations except the

lagging, and there were no changes in pore pressure. However, PT5IILIT, conducted

1.3m deeper, registered an average 9% reduction in a'r.

• The peak angles of friction at obliquity, & (= tan(t /a')), ranged between 11 and 250,

averaging at 170 in compression, and between 20 and 26° in tension, averaging at 23°.

This wide variation reflects the transitional shearing behaviour of Pentre clay-silt, as

displayed in laboratory ring shear tests. This aspect of behaviour is discussed in greater

detail in the following Section.

Taking account of elastic pile compression.
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(a)	 Zone I compression tests 	 (b)	 Zone 2 tests

Post-peak response

Ductile failure was generally displayed in compression with small reductions in t, and

generally slight increases in a' s. Brittle failure was displayed by some leading

instruments close to the pile tip. 8=11 to 28°, averaging at 16°.

Brittle failure was exhibited in tension with most instruments registering large reductions

in t,. Pore pressures changed sharply as pile velocity increased and, following the
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Figure 6.32 Normalised effective stress paths at ICP clay sites

reasons described for the installation results and discussed in Appendix A, are probably

not representative of those developed in the principal displacement shear. Therefore, the

calculated angles of friction are "apparent" and not necessarily the true angles acting in

the shear band. These ranged between 14 and 31°, averaging at 20°.

After unloading, the final values of a', were lower than a', prior to testing as shown on

Figure 6.23(b), supporting the hypothesis that drained shearing cycles lead to reductions

in the equilibrium radial effective stresses at any particular point on the pile shaft.

(c)	 Comparison with previous sites

Figure 6.32 compares typical first-time compression and tension effective stress paths with those

obtained at the previous ICP clay sites. Local shear stress, t, and radial effective stress, a',,

have been norrnalised by a',,,, the radial effective stress prior to loading. It is clear that, despite
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the very slow drained loading procedure adopted at Pentre, the effective stress paths were in

good agreement with the undrained responses at the previous sites. This confirms Lehane's

(1992) fmdings at Bothkennar that drainage conditions during loading do not significantly affect

the effective stress paths followed to failure.

(d)	 Reload tests

The reloading effective stress paths are displayed in Figure 6.33, exhibiting the main trends in

behaviour summarised below:

Direction of loading maintained: In tension (PT3IL2T and PT5/L2T), the brittleness

exhibited in first-time loading was replaced with a ductile response. S approximately

matched the apparent 8 values measured in first-time loading indicating failure on the

shear surface established in the previous test.

Reversal of shearing direction (PTSI/L3C, PT51/L4Tand PT7sh/L3T): Failure occurred

in a brittle manner with 8, generally exceeding or equalling the ö., values developed in

the previous test. This echoes the effect of reversals in ring shear tests and suggests

either a change in clay particle alignment in the shear band, or the development of a

new shear surface.

6.4.6 Interface angles of friction

The large range of angles measured during field pile loading tests reflects the transitional

shearing behaviour of Pentre clay-silt exhibited in laboratory ring shear tests: is sensitive to

variations in clay content, interface roughness, previous shearing history, current rate and

direction of shearing. The ring shear tests exhibited slightly lower angles of friction in soil-soil

compared to soil-interface shearing, indicating a greater likelihood of the dominant principal

shear surface forming in the soil mass. The angles measured in the laboratory and first-time pile

load tests are compared in Table 6.11.
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or &, (°)	 4 or 8uk ()

__________________ Range	 Average	 Range	 Average

Ring shear soil-soil	 28 - 21	 23	 24 - 14	 19

Ring shear soil-steel	 27 - 23	 25	 27 - 15	 21

Pile compression tests	 25 - 11	 17	 28 - 11	 16

Pile tension tests	 26 - 20	 23	 31 - 14	 20

Notes: 1. 4 and 5,, are the peak angles measured at the start of slow shearing.
2. Average ring shear results were taken from slow shearing tests at 0.01mm/mm preceded by

fast shearing at 100 to 500mm/mm.
3. Average pile results were taken from first-time load tests, ignoring the anomalous readings

at the following SST in tests FF51 and PT7sh.
* Further reductions in 5 appeared possible with greater displacements.

Table 6.11	 Angles of friction in ring shear and pile load tests

Noteworthy features include:

The compression pile load tests gave almost identical values of s.,, and 8,,,, averaging at

17 and 16° respectively. These were similar to 4u1t='90 from the ring shear tests

suggesting that failure occurred on a residual shear surface formed during pile

installation. The relatively high 4,,, values from the ring shear tests my have been due

to insufficient displacement during fast shearing.' A minimum angle of 14° was

measured.

The pile tension tests produced average peak angles of friction comparable to the peak

angles measured in soil-soil ring shear tests, 4=23°. This suggests that failure

occurred in the soil mass and that the reversal of the shearing direction caused (i) the

formation of a new shear surface or (ii) complete clay particle re-alignment on the

surface created during installation.

6.4.7 Cyclic loading

One-way cyclic loading in tension was investigated in test PT51IL5CYT. 40 load-unload cycles

were applied between 8 and 7OkN (corresponding to 9% and 76% of peak load in the preceding

test PT5IIL4T) at a rate of one cycle per minute. The test appeared to be effectively drained

with pore pressures remaining within ±5kPa of ambient conditions.

Ring shear tests began with approximately 1 .5m of fast shearing.
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Figure 6.34 plots pile head displacement, axial load and local effective stress measurements

against time showing that no tensile suction forces developed at the pile toe and pile head

displacements oscillated between 0.2 and 2.0mm with no net cumulative displacement.' Radial

effective stresses rose with each application of tensile force and shear stresses reduced (i.e.

became more negative to sustain the tension load) and at the end of each load cycle the stresses

returned to their previous values. The effective stress paths are plotted on Figure 6.33(e)

showing narrow closed loops which did not migrate in stress-space during cycling. The

maximum and minimum shear stress profiles for cycles 2 and 40 are displayed on Figure 6.35

showing a maximum change of -3kPa close to the pile toe.

Comparison of the mobilisation of shaft resistance in the tension tests before and after cycling

in tests PT5I/L4T and PT5I/L6T (Figure 6.28(c)), reveals that plastic strain hardening caused a

halving of the displacement developed at any given load, with failure achieved after 2.5 as

opposed to 4.6mm. Peak shaft capacity reduced by 9% and Figure 6.36 plots the residual and

peak shear stress profiles showing that the latter reduced along the entire pile length, particularly

close to the pile tip. However, the effective stress paths in Figure 6.33(e) show that decrease

was not due to cycling but (i) a reduction in due to the formation of a residual shear band in

test PT5I/L4T and (ii) a 5OkPa (25%) reduction in a'1 at the leading instrument cluster after test

PT51/L4T.

6.4.8 Medium-term ageing

Ageing effects were investigated for pile PT7sh by comparing the responses in first-time

compression loading (PT7sh!LIC) with reloading 2.5 months later (PT7shIL2C). During the

ageing period stress relaxation occurred at the pile toe causing a 25% (lOOkPa) reduction in a'1,

at the leading instrument. A 20% (+lOkPa) increase in ç at the same location indicated some

pile creep.2

The shaft capacity on reloading was approximately 3% lower and the load-displacement stiffness

was only marginally higher. Both the leading and lagging instruments measured 8, and

Note that the irregular shapes of the load cycles are due to a rather slow datalogger
monitoring rate with six sets of readings taken during each load cycle, i.e. each
instrument being read once every 10 seconds.

2 Readings from the following and trailing instruments were unreliable due to problems
in radial stress under-registration and failure during the ageing period, respectively.
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values within 20 of the first-time results as shown in the effective stress paths on Figure 6.33(c),

suggesting that failure occurred in the shear band formed during installation.

Unlike the pile field results reported by Karisrud et al. (1993) and others (see Section 3.6.3) and

the increase in shear modulus, G, measured in resonant column tests (Section 5.2.9), the ICP

test at Pentre did not display any tendency for medium-term set-up over the period examined.

6.5 FABRIC STUDIES

This Section describes the fabric studies conducted on two clay samples retrieved from a layer

clinging to the pile shaft after extraction. Previous studies documented in the literature are

summarised in Section 3.2.6. Possible factors promoting the formation of a clay layer are

discussed.

6.5.1 Pentre clay layer samples

(a)	 Sampling procedure

On extraction of the Pentre piles at the end of testing, a layer of clay was found strongly

adhering to the pile surface. The layer was not always continuous and its thickness varied along

the pile length and from test to test, averaging at 10mm.

Samples of the clay layer were removed from PT7sh after extraction for fabric studies. On the

exterior of the layer the clay had become soft as the piles passed through the water-filled starter

boreholes. Adjacent to the pile surface the clay remained stiff and could not be detached or

peeled off. A thin wire was used to cut samples carefully from the pile shaft, causing minimal

disturbance. The samples were then wrapped in three layers of cling-film to prevent drying and

returned to the laboratory. Figure 6.37 contains a photograph of the extracted pile as it passed

through the blue "spider clamp" at ground level. The shaft is covered by the clay layer except

for one area where a sample had been removed, exposing the pile surface. Despite many

attempts, only two undisturbed samples were obtained, Sample A from a final depth of I 7.Om

and Sample B from 16.2m.'

Clay moisture contents were not taken since the pile had passed through the water-filled
starter boreholes during extraction. The non-uniform clay thickness was partly due to
disturbance and disintegration of the clay layer during pile extraction.
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(b) Visual examination

Examination of the clay layer revealed an "onion skin" of multiple vertical shear surfaces

adjacent to the pile shaft which could be prised apart. The material appeared to retain some of

its original fabric containing occasional silt seams and pockets. This contrasted with the material

towards the exterior of the layer which was soft and almost homogenous.

(c) Preparation of thin sections

The samples were impregnated with Carbowax 6000' following the procedure described by

Tchalenko (1967). This involved immersion of the samples, at their natural water content, in

a wax bath at 60°C for 6 weeks. 2 During this time the wax permeated through the clay, so that

on their removal from the bath and slow cooling to room temperature, the wax-rich pore fluid

solidified making the samples very hard. Thin sections were ground from the blocks, polished

in the same manner as a rock specimen and mounted on slides.3

(d) Results

Figures 6.38 and 6.39 show photographs of the thin sections taken under cross polarised light

at magnification of 7.2. The section is vertical with the surface adjacent to the pile shaft on the

left hand side. Clay particles are bi-refringent and absorb or reflect light depending on their

orientation allowing the following features to be identified:

(a)	 black lines showing shear surfaces and shrinkage cracks which formed as the waxed

samples cooled to room temperature;

(b) white areas of strongly aligned clay particles;

(c) mid-grey zones of randomly orientated clay and silt particles;

(d) bright white patches of Carbowax where this had entered voids and cracks.

The facing pages contain sketches of the photographs, highlighting the above features using the

following line styles:

Solid lines represent the principal displacement shears which appear as distinct thin

black cracks with differing clay fabric on either side.

Polyethylene glycol (PEG) with a molecular weight of around 6000 and completely
miscible with water.

2 The wax was renewed midway through this period.

Carried out by Mr. K. Schrapel at the Geomaterials Unit, Queen Mary & Westerfield
College, London University.
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Figure 6.37 The adhering clay layer on extracted pile PT7sh
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Figure 6.40 Thin section through ring shear soil-soil Test I

Note that the horizontal shear plane is orientated vertically
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Figure 6.41 Thin section through ring shear soil-interface Test 4
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Chain dotted lines represent less distinct shear structures which are wider and often

discontinuous. These may represent relic displacement or Riedel shears.

Double-headed arrows indicate the apparent direction of clay particle alignment.

Three zones are identified1 as distinguished by the dashed lines:

Zone A: Adjacent to the pile surface is a 5mm thick zone containing several

discontinuous, apparently relic shear structures. These are vertical adjacent to the pile,

becoming progressively sub-vertical with radial distance. The patchy white appearance

of this zone with isolated regions of clay alignment suggests that shearing at residual

conditions occurred in this zone at one time but the clay fabric was disturbed during

subsequent shearing.

Zone B: The central zone, = 5mm thick, is white indicating a high degree of clay

particle alignment. The orientation of alignment differs in the two sections. Numerous

distinct vertical shear surfaces are visible, most of which appear continuous but non-

planar. Some minor Riedel shears are orientated at around =300 to the vertical. Parry

& Swain (1977) describe the formation of Riedel structures and Martins (1983)

suggested that these were related to the governing stress characteristics (see Section

3.2.6).

Zone C: Furthest from the pile is a =4mm thick mid-grey zone containing randomly

orientated particles and few clear shear structures.

(e)	 Discussion

The patterns of deformation visible in the 10mm thick clay specimens are complex due to the

large number of shearing processes and changes in shearing directions experienced during pile

installation, loading and extraction. However, they do show the following:

(i) The clay around the pile was not completely remoulded, but retained some of its original

fabric and showed distinct patterns of deformation.

(ii) A well-defined = 5mm thick shear zone formed approximately 5mm from the pile

surface. This exhibited strong clay particle alignment and contained multiple

continuous, non planar, displacement shear surfaces suggesting shearing at the residual

angle of friction.
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The three load tests conducted on pile PT7sh involved a total downward pile head displacement

of 38mm, followed by upward movement of 2 1mm.' During pile extraction, failure occurred

on the outer surface of the adhering clay layer. The relatively small displacements involved in

load testing are unlikely to have been sufficient to develop the high degree of clay particle

alignment visible in Zone B, which are more probably the result of the large shear displacements

involved in pile installation. This suggests that Zones A and B of the clay layer were formed

during pile installation. This is supported by the dilatant pore pressure response during pile

installation (Section 6.2.5) which indicated that shearing took place remote from the pile surface

in pre-sheared soil and the increases in q,, f, and with the start of each dissipation cycle. The

relic shear surfaces in Zone A suggest that shearing initially took place close to the pile surface

and moved progressively out to Zone B.

The hypothesis that the principal displacement shear in Zone B was created during installation

is supported by the angles of friction, 5,, and 5., measured in PT7shILIC and the other first-time

compression tests, which displayed very little brittleness and were close to 	 from ring shear

tests. Higher peak angles were measured in tension loading with 5,, 4, suggesting the

formation of a new shear surface in the soil mass. It is thought that the principal displacement

shear surface on the outer edge of Zone C (the external surface of the clay layer) formed during

the final tension load test or pile extraction.

6.5.2 Pentre ring shear samples

The same preparation technique was used to obtain thin sections from the samples of Pentre

clay-silt tested in the ring shear apparatus. Figure 6.40 shows a soil-soil sample from Test 1,

while Figure 6.41 displays the sample sheared against the steel interface in Test 4 (see Appendix

B for test details). Both photographs have been rotated through 900 so that the horizontal shear

surfaces appear vertical and, as before, the steel interface is located on the left hand side of the

sample in Figure 6.41. We note the following:

The soil-soil sample in Figure 6.40 was disturbed during dismantling of the apparatus,

resulting in its irregular shape and the white stress-relief cracks which became infihled

with Carbowax during sample preparation. The sample is incomplete with part of the

left hand edge missing. Two distinct shear surfaces are visible near the mid-height of

At the location of the clay specimens, pile displacement was 1.5mm less than the pile
head displacement due to elastic pile compression or extension.
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the sample ( 7mm). Less distinct, non-planar surfaces appear further away from the

mid-height with numerous smaller Riedel structures, inclined at 200 to the direction

of shearing. Visual examination of the fresh samples allowed the shear surfaces to be

prised apart, revealing small discrete patches of shiny, slickensided and striated clay in

otherwise matt material. This illustrates the material's transitional shearing

characteristics with low strength residual shear surfaces able to form in isolated areas

of the shear band.

The thin section of the soil-interface sample in Figure 6.41 does not display any shear

surfaces or structures of note, indicating that shearing took place at the stainless steel

interface. A polished shear surface was not visible during inspection of the fresh

sample.

The fabric studies support the test measurements which indicated shearing in the transitional

mode with behaviour switching between that of a silt and a clay. The clay particle alignment

visible in the soil-soil sample confirms the limited development of residual shear surfaces with

shear resistances lower than that attained in soil-interface shear. The ring shear sample did not

show the same degree of clay particle alignment visible in Zone B of the pile's adhering clay

layer, possibly due to the restraining effect of the apparatus which forces the development of the

principal displacement shear near the sample mid-height.

6.5.3 Formation of the clay layer

Descriptions of clay layers around pile shafts have been widely reported by, amongst others,

Koizumi & Ito (1967), Tomlinson (1970) and Reese (1990). Morrison (1984) noted a clay

"cake" on extraction of the piezo-lateral stress cell from Boston blue clay and postulated that this

formed during pauses in jacking and was responsible for subsequent anomalous stress

measurements. Section 3.2.6 describes some of the major studies reported in the literature and

Table 3.1 lists the results from sixteen fabric studies and trial pit investigations.

The deformation patterns in the clay fabric around the Pentre pile suggests that shearing initially

took place close to the pile shaft in the early stages of pile installation with the principal

displacement shear gradually moving out into Zone B, resulting in an increase in clay layer

thickness. During the tension load test or pile extraction a new shear surface developed on the

outer edge of Zone C of the clay layer. The development of new shear surfaces further from

the pile face are more likely to have occurred at the beginning of each new jack stroke rather
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than during shearing. This may explain some of the increases in shaft resistance observed at the

start of each jack stroke and the very large rise at the resumption of jacking after a long pause

for a shallow load test in Zone I (see Section 6.2.2).

There are four possible explanations for the movement of the shear surface away from the pile:

(a) Changes in clay moisture content and undrained srrenglh

Previous researchers such as Morrison (1984) and Reese (1990) suggest that dissipation

of excess pore pressures at the pile wall causes a radial migration of water and a

reduction in moisture content near the pile wall. Assuming the clay is already in a

remoulded state and free from structural effects,' this should correspond to a local

increase in clay strength, encouraging the formation of a new principal displacement

shear in the weaker clay, further from the pile shaft. Reductions in clay moisture

content close to the pile wall were reported in four of the case histories, 2 mainly relating

to soft, sensitive clays but including the firm, overconsolidated (YSR=5), sensitive 1-laga

clay. The corresponding changes in clay strength were not systematic, with the two

Norwegian sites displaying increases, the St-Alban clay layer described as "weak" and

the strength of the homogenous Detroit clay remaining unaltered. No changes in

moisture content or undrained strength were detected in the heavily overconsolidated,

London Clay by Tomlinson (1970) or Bond (1989). Bond's ICP tests registered very

large excess pore pressures of up to 85OkPa leading to the conclusion that low pre-yield

soil compressibility was the reason for the lack of changes in moisture content. The

thickest clay layers or greatest radial distances to the principal displacement shears were

found for normally consolidated clays.

(b) Pile roughness

Baligh & Hight (1983) showed that pile roughness affected the formation of the clay

layer with simple laboratory experiments where glass rods were left embedded in a

container of normally consolidated Boston blue clay. Extraction revealed the formation

of a clay layer on the rough rod whereas the smooth rod was clean. The Pentre ring

shear experiments indicated that shearing in the soil mass was preferable to interface

shear along the shotbiasted pile shaft. Very little pile roughness data was available from

Although studies at Canons Park, Haga and Pentre have shown that the clay fabric is not
completely destroyed.

2 (i) Detroit: Cummings, Kerkhoff & Peck (1950); (ii) Drammen: Eide, Hutchinson &
Landva (1961); (iii) St-Alban: Roy, Blanchet, Tavenas & La Rochelle (1981); (iv) Haga:
Karisrud & Haugen (1985).
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the case histories. The variable results at the different ICP sites (where the piles were

shotbiasted to the same surface roughness) suggest that roughness is not the sole reason

for the development of the clay layer. No trends were visible with clay plasticity.

(c) Chemical effects

Chemical reactions between the pile and soil may result in some bonding or changes in

clay strength next to the pile, forcing the shear surface into the soil mass. No data is

available either to support or contradict this argument.

(d) Clay sensitivity

The observations from the case histories in item (a) indicate that the reductions in clay

moisture content occur for sensitive clays. This is compatible with the arguments in

Section 6.3.4 where the drained shearing of sensitive clays was related to reductions in

void ratios as the open porous fabrics created during deposition collapsed and the

material approached its intrinsic condition (with no corresponding increase in yield

stress). Radial consolidation caused reductions in radial total stress and increases in the

circumferential stress within the consolidating zone, which may have encouraged the

development of new displacement shear surfaces further away from the pile.

Mechanism (b) was certainly operating at Pentre, since the ring shear tests clearly indicated more

favourable shearing conditions in the soil mass as opposed to against the pile surface. However,

the progressive enlargement of the clay layer during installation, the subsequent load tests and

extraction suggests the influence of a second or third process during the pauses for pore pressure

dissipation. Item (d) appears the most likely, linking the effects of clay sensitivity with the

changes in moisture content observed in the case histories and the effects of partial drainage and

stress history observed during pile installation at Pentre. Unlike argument (a) this explains the

changes in terms of effective stress conditions, taking into account the influence of clay

structure.

The case histories suggest that principal displacement shear occurs at, or close to the pile wall,

depending on the wall roughness and shearing characteristics of the clay. Sensitive,

compressible clays are able to form thicker clay layers as the intact clay structure is disturbed

during shearing, generating high excess pore pressures and leading to large reductions in void

ratio as the material consolidates radially.
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6.5.4 Closing remarks

Although the clay fabric surrounding the extracted Pentre piles was complex, examination of the

thin sections clearly demonstrates that:

•	 multiple principal displacement shears formed between 5 and 10mm from the pile shaft;

•	 residual shearing conditions were established during pile installation;

•	 the thickness of the adhering clay layer increased during installation and after reversals

in the direction of shearing.

Case histories from the literature indicate that the thickest clay layers form in sensitive and low

YSR materials. The layer's formation probably depends on (i) the pile roughness and shearing

characteristics of the soil and (ii) the sensitivity and consolidation characteristics of the clay.

The method of pile installation did not appear to influence the formation of the clay layer with

adhering layers found on both jacked and driven piles.
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CHAPTER 7

INSTRUMENTED PILE TESTS AT DUNKIRK

7.1 TESTING PROGRAMME

7.1.1 Aims of the testing programme

The poor reliability of traditional design methods for piles in sand stems from an inadequate

understanding of the factors controlling pile behaviour and the stress conditions surrounding

displacement piles. The ICP and associated programme of work on the large-scale CLAROM

piles at Dunkirk were designed to:

(a) measure the stress changes in dense sand due to ICP installation, equalisation and

loading to compliment the results in loose to medium dense sand at Labenne (Lehane,

1992; refer to Section 2.2);

(b) examine the stress changes caused by the installation of an adjacent pile and the

implications for pile group behaviour;

(c) test and improve the tentative design proposals for single, closed-ended piles in sand;

(d) re-analyse the results from the full-scale, open-ended CLAROM piles driven at the same

site in light of the ICP effective stress measurements and evaluate the effects of scale,

installation method and end-condition;

(e) investigate changes in the shaft capacity of the CLAROM piles after a five year long-

term ageing period.

This Chapter only deals with aspects (a) and (b). Chapter 8 describes the tests on the CLAROM

piles and the results from item (e). Items (c) and (d) are investigated in Chapter 9. The reader

is referred to Chapters 4 and 5 for an account of the ICP test procedures and a description of

the soil properties at Dunkirk.

7.1.2 Pile tests

Site testing took place in a single phase from 23 May to 23 June 1994 and consisted of three

ICP installations to a maximum depth of 7.4m as summarised on Table 7.1 and shown in Figure

7.1 A fourth, uninstrumented pile was installed close to pile DK2 as part of a study into pile
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group interaction, described in the next Section. The locations of the pile tests are shown in the

site plan on Figure 5.20. The local ground level in this area was 0.8m higher than the average

site elevation, including that at the BRE in situ testing positions. Consequently, in the following

analyses the BRE CPT elevations have been adjusted to match those of the ICP's.

Due to (i) the limited testing period and relatively small number of tests which could be

performed and (ii) the extreme axial loads and high quantity of reaction frame bracing required

during pile jacking, the ICP was only installed using standard 0.225m long jack strokes. This

resulted in installation with 26 to 34 drained loading cycles and a minimum of two cycles

experienced by the soil element finally arriving next to the leading SST. Pile driving would

have imposed a larger number of drained loading cycles. However, the results from Pentre

showed that the rate of stress reduction at a given h/R was minor after the number of installation

dissipation cycles (Ne,,,) exceeded 7 (see Figure 6.23), suggesting that installation method has

little effect away from the vicinity of the pile tip. This supports the findings of Lehane et al.

(1994) who showed that the results from Labenne (where the pile was installed using standard

jack strokes) could be successfully applied to driven pile test data reported in the literature. The

investigation is continued by the Author in Chapter 9 where the ICP design correlations are

tested against a larger database of closed and open-ended, predominantly driven piles.

The load tests were designed to investigate the influence of eight main factors on pile capacity:

First-time loading
	

(a)

(b)

(c)

Subsequent tests:
	

(d)

(e)

(f)

(g)

(h)

pile length and depth;

direction of first-time loading: tension versus compression;

rate of loading;

direction of reloading: changes in shearing direction;

behaviour at large displacements;

length of equalisation or set-up periods between tests;

cyclic loading response;

interaction effects between adjacent piles in a group.

Table 7.1 summarises the first-time and reload tests using the notation given in Section 4.5.3.

The alphabetical codes under "Objectives" refer to the above list.
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As described in Section 4.6.2 and Appendix A, detailed examination of the SST measurements

revealed some stress under-registration due to bending effects under the very high axial loads

experienced at Dunkirk. The r,7 and o measurements during installation and loading in

compression have been corrected using the procedures described in Appendix A. Only minor

errors were suffered by the leading instrument which was subjected to the lowest axial loads and

the equalisation and tension loading data did not require correction.

7.1.3 Pile interaction experiments

Very little research has been directed into the effects of pile group installation on the stress states

around existing piles (see Section 2.8). This was investigated at Dunkirk by measuring the stress

changes developed on the ICP as an adjacent pile was installed.

Figure 7.2 illustrates the testing procedure which first involved the installation, equalisation arid

loading to failure of DK2 as a single pile. Next, an uninstrumented pile, DK2b, was installed

at a centre-to-centre distance of 4.5 pile diameters (9R) and the stress changes induced on DK2

were continuously monitored. DK2 was then reloaded (DK2IL2C) to assess the resulting

changes in pile behaviour. Two subsequent reload tests on DK2 investigated the effects of

changes in loading direction on capacity and compliance. Finally DK2b was loaded to failure.

In addition to providing an insight into the stress changes caused by pile installation on existing

piles, the experiments also supply valuable information on the stress changes occurring in the

soil mass around single closed-ended piles,' similar to the laboratory model pile tests by Nauroy

& Le Tirant (1983), described in Section 2.6.3. The results of the interaction study are

compared with those from the single pile installations in the following sections where the stages

of installation, equalisation and load testing are considered separately. The implications of the

experiments on group behaviour are examined in Section 7.5. The data are also presented as

a single study by Chow (1995).

Note that the in situ stress conditions in the soil mass were alfered during the installation
of DK2, so that the measurements taken during the installation of DK2b are not identical
to those occurring in an undisturbed soil mass.
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DK2 installation
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	 Equalisation
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Monitonng of stresses on DK2
	 DK2/L2C

DK2/LIC
	

DK2/L4C

DK2bILIC

DK2	 DK2b
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-

Lagging, 80'

Orientation of SSTs towards DK2b

(Note that the SSTs subtend a plan angle of 95 degrees,

occupying 26% of the pile circumference)

Figure 7.2	 Schematic of pile Interaction study
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Figure 7.3	 Jacking rates at Dunkirk

7.2 ITSTALLATION

The number ofjack strokes required for the individual pile installations and average jacking rates

are provided in Table 7.1, while the changes in jack rate with depth are displayed on Figure 7.3.

7.2.1 Pile end resistance

Figure 7.4 plots the profiles of pile end resistance (q,) with depth during installation. Also

shown is the BR.E CPTI q profile, adjusted for the 0.8m difference in ground level between the

testing locations. As discussed in Section 5.3.4, q is a good indicator of sand state and

correlations such as that by Lunne & Christoffersen (1983) have been developed relating q to

relative density. The following features are apparent:

•	 The three ICP q profiles display good agreement to within 4MPa. Some small local

variations in sand consistency can be observed.

• There is good agreement between the ICP q, and CPT q values, generally to within

4MPa. The q results show more fluctuation since the CPT has a smaller diameter and

tests a smaller volume of soil, thereby being more sensitive to layering.
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Figure 7.4	 Pile base resistance during installation

The q, values reduced sharply to 5MPa at 5.6m suggesting a loose or more silty layer.

This was not reflected in the q, results which remained steady at = J4MPa. The q

measurements in the CLAROM site investigation also remained between 16 and 2OMPa

suggesting that the low BRE measurements were due to a localised ground feature and

were not representative of general site conditions.

There is good general agreement between all of the q,, and ci values despite the

differences in diameter and installation rates of the ICP and CPT (= 600mm/mm and

= 1200mm/mm, respectively), indicating that the bearing capacity of the sand is

insensitive to rate effects over this range.
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Figure 7.5	 Average shaft resistance during installation

7.2.2 Average shaft resistance

Average shaft resistance (i,) during installation is plotted against depth on Figure 7.5. Only the

profile for DK3 is complete since DKI and DK2 were installed without a properly functioning

top load cell and measurements of total shaft resistance below 4m tip penetration (where the

lagging instrument entered the ground) were not taken. Superimposed on Figure 7.4 are the

values of average shaft resistance measured during the three first-time Load tests. The following

observations are made:

(i)	 Pile DK3 reached a relatively constant value of t at 3m, corresponding to a "critical

depth" of 30 pile diameters. This feature of average shaft resistance remaining constant

after a certain penetration is well known as discussed in Section 2.3. DK2 also appeared

to attain constant at this level whereas DKI reached a maximum and then reduced

slightly.
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(ii) The values of in DK3 were initially I OkPa higher than those in DK2, probably

resulting from the denser local sand conditions suggested by the pile q, measurements.

After 4m penetration the difference in E reduced to less than 4kPa ( 5%).

(iii) The shaft resistance of DK1 was IOkPa (13%) higher again than DK3. This was

probably due to the slower rate of jacking in the upper 4m (the average rates over this

depth were 493 and 733mm/mm respectively, i.e. DK3 was 49% faster). Rate effects

on shearing resistance were implied by stick-slip behaviour in the load tests as described

in Section 7.4.1, although no significant changes were seen at the slow rates of shearing

applied in the laborato!y direct shear tests. Ring shear tests on Labenne sand showed

that the interface angle of friction at 500mm/mm could be up to 30 (11%) less than that

at slow rates below 1mm/mm (Lehane, 1992). This is the preferred method of

measuring 6 in sands and clays though the apparatus was not available at the time that

the Dunkirk sand tests were performed and the effects of fast shearing could not be

investigated.

(iv) The magnitude of the peak shaft resistance in tension test DK3ILIT agrees exactly with

measured during the final installation jack stroke. However, as described in Section

7.4.1, the shaft capacity in first-time tension load tests was 14% lower than that in

compression due to the reversal in shearing direction. Therefore, the agreement between

and (p)t,,sio is coincidental, arising from an increase in a', during equalisation and a

higher interface angle of friction during slow shearing. The values from

DK1ILIC and DK2ILIC were 7% and 10% higher respectively than their final ,

readings, confirming a positive increase in shaft capacity due to equalisation and slower

shearing rates.

7.2.3 Pore pressure response

The pore pressure probes showed that the piezometric regime was hydrostatic with the water

table at 4m depth (approximately 4.Sm above mean sea level) with no tidal fluctuations. The

pore pressures remained practically constant during jacking, generally within ±5kPa of the

hydrostatic values and reaching full equilibrium within one minute of the pile coming to rest.

In view of the difficulties in measuring meaningful pore pressures around the rapidly moving

pile in free draining sand, it was decided to ignore the small variations and assume hydrostatic

conditions throughout the tests, i.e. assume that pile installation and loading are fully drained.
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7.2.4 Shear stress

Typical shear stress measurements taken during pile installation are displayed on Figure 7.6

showing (a) average shear stresses on the pile casings, f, and (b) local shear stresses measured

by the SST's, t,. Each graph shows the peak shear stress profiles for each instrument cluster,

taken while the pile was moving, and the minima measured during pauses in jacking while the

pile was stationary. The two plots are in good agreement, with the readings showing greater

fluctuation due to the smaller volume of soil being tested and the more pronounced effects of

local soil variability.

The shapes of the peak shear stress profiles resemble those of the CPT and pile end resistances,

q and q, (shown on Figure 7.4), reflecting the influence of sand density. The highest t, values

in any soil horizon were consistently measured by the leading instruments, near the pile tip

which were on average 25kPa (= 25%) greater than those measured by the remaining

instruments and reaching maxima of 6OkPa. The f, measurements confirmed this h/R effect

with the greatest stresses measured between the leading and following clusters (named "lead-

follow"). The decay of shear stresses was concentrated close to the pile tip with little variation

between the remaining instruments.

The stationary shear stress profiles are almost completely negative due to the upward rebound

of the pile head as the jacking force was removed. The creation of residual stresses is explained

in greater detail in Section 2.3.2 and Section 7.3.3. Note that the residual stresses show a

similar dependence on q, and h/R as noted for the peak shear stresses.

7.2.5 Radial effective stress

The radial total stress measurements made with the SST's were converted to effective stresses

by subtracting the calculated ambient hydrostatic pore pressure at the corresponding depth. The

measurements made while the pile was stationary, a', were the most reliable since the axial

loads acting in the instruments at this time were below the threshold value above which

corrections for SST bending errors are required. Figure 7.7 shows three "snapshot" profiles of

a', along the pile length for three different pile depths during installation. Points to note

include:

•	 The shape of the a', profiles resemble those of q, and q shown on Figure 7.4

indicating that cr', is also related to relative sand density.
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Figure 7.7	 Stationary radial effective stresses during DK2 installation

The magnitude of cr' decreases with height above the pile tip. For example, at = 3m

depth, the leading instrument registered the highest values of cr', of l65kPa. The

stresses reduced to 11 OkPa as the following instrument passed, falling further to I OOkPa

for the trailing instrument, i.e. cr',., reduces with increasing hfR, reinforcing the findings

at Labenne and the ICP clay sites. The greatest reduction occurred between the leading

and following instruments. This hfR effect is also illustrated on Figure 7.8 where all

of the a'1 , readings taken during the three pile installations have been normalised by qb,

the pile base resistance at that particular depth, and plotted against h!R.

The cr'1., values are around four times higher than those recorded in the loose to medium

dense Labenne sand shown on Figure 2.2(a), illustrating the very strong effect of sand

density on the magnitude of the stresses developed. Despite the large differences, the

normalised cr',.,/q values available at the same h/R values are in remarkable agreement

for the two sites as shown on Figure 7.8. This confirms the applicability of q or q as

normalising parameters to account for the effects of sand density.

As explained earlier, the a' measurements taken while the pile was moving are less reliable than

the stationary data and displayed more scatter after being corrected for the effects of bending.

However, in all cases cr' increased as the pile began to move and the hfR effect was retained.
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7.2.6 Interface angle of friction

The angles of friction during shearing can be calculated from the r, and a' 1 measurements, ö =

tan (r,/a'3. Those taken while the pile was moving were relatively unreliable, displaying high

scatter due to the large bending corrections required for t, and a',, but the readings taken while

the pile was stationary were subjected to low axial loads and did not require correction. These

showed that between the jack strokes the shear stresses reversed to large negative values,

resulting in angles at the lagging instrument reaching -25°, approaching the ö failure angles

measured in interface shear tests. This indicates that the compression rebounding of the pile

head after each jack stroke exposed the soil along the upper half of the pile to two-way cyclic

loading, switching from failure in compression, to failure (or near failure) in tension with the

application and removal of each jack load.
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7.2.7 Stress changes during the installation of an adjacent pile

This Section describes the stress changes measured on pile DK2 as the uninstrumented pile

DK2b was installed at a centre-to-centre distance of 9 radii as illustrated on Figure 7.2. The

total load required to install DK2b was on average 3OkN greater than that for DK2, though the

second pile was not instrumented and the base and shaft resistances could not be compared.

Figure 7.9 shows the values of (a) axial load, (b) 1, (c) a'r and (d) ç recorded by each

instrument on DK2 during this operation. The orientations of the SST's on DK2 are indicated

on Figure 7.2, showing that three of SST's faced towards DK2b, and the trailing instrument

faced the opposite direction.' No SST corrections for bending effects were required during this

stage since the axial loads in DK2 were below the threshold value for corrections. Pore pressure

readings remained within 3kPa of ambient conditions throughout.

A dramatic change in the local stresses can be seen as the pile tip approached and passed each

instrument cluster. All of the instruments displayed similar responses except for the trailing

instrument whose r,2 readings remained negative, indicating a different shear stress regime on

the opposite side of the pile.

In order to facilitate a comparison of the instrument responses a new parameter, hb, is defined

as the vertical distance between the tip of DK2b and the instrument on DK2 (Figure 7.2); h b is

negative when the tip is above the instrument and positive when it is below that level. The

relative locations may also be considered in terms of the vertical angle subtended from the

horizontal, 8 = tan' (hb/8R). As before, 8 is negative when the pile tip is above the instrument.

Figure 7.10 shows the variation in normalised radial effective stress, K, ( ,'/a') and t, with

hb. Table 7.2 lists the stress measurements and zones of influences detected by each of the four

instruments. The following observations are made:

(i)	 Dealing first with the three instruments facing DK2b: the approach of the pile tip

initially produced slight reductions in a. When hb = -Im (i.e. as the pile tip was 20

radii above the instrument) a' began to increase, reaching a maximum at hbfR -1.5 and

The orientation of the lagging instrument was +80°, but it is worth noting that the SST
window pane subtends a plan angle of 90°, representing 26 04r of the pile circumference.
Therefore, this instrument can be considered as facing towards, rather than away from
DK2b.
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then reducing as the tip passed and descended below the instrument level. Radial

stresses remained relatively constant after h bfR 10 with the zone of influence

corresponding to 0 =7OO and +50°. The greatest radial stresses (a') were between

2 and 7.2 times greater than the pre-instailation a' and occurred when 0 -11°.

(ii) On the opposite side of the pile the trailing instrument underwent the same increase and

reduction in a', though the zone of influence of DK2b was greater, corresponding to

o = -71° and +78°. This was due to beam-like behaviour of the pile which was able to

redistribute the radial stresses over a larger depth range, reducing their concentration.

(iii) On both sides of the instrumented pile the final a',, values were approximately twice

their initial values.

(iv) The shear stress response of the instruments facing DK2b indicates vertical sand

movement around DK2. As the tip approached, t,, became increasingly negative

(indicating downward relative sand displacement), reaching a minimum at hbfR -4 (O

-27°). As the tip passed, tn reversed to a positive value (representing upward soil

movement), reaching a maximum at hbfR=3 (0=21°) and then rapidly decaying to small

negative values.

(v) The trailing instrument detected markedly different behaviour, with r, remaining

negative and reaching a minimum at h bfR=8. Since (a) far less soil displacement would

be expected on this side of the pile and (b) the three other instruments indicate upward

soil displacement during this stage (inducing positive shear stresses), the negative stress

changes probably relate to pile uplift caused by the soil movement described in (iv).

This is confirmed by the ALC readings shown on Figure 7.9(a) which reduced, reaching

a minimum as the pile tip passed each instrument. The lagging ALC recorded tensile

forces. At the pile base the residual axial load reduced from 51 to l4kN.

Figure 7.11 plots the effective stress paths measured on DK2. With the exception of the trailing

instrument, these resemble elongated spirals where the direction of the stress paths is

anticlockwise. The initial stages of DK2b installation produced reductions in ç and increases

in a',,, with t,7 switching to positive values and a', decreasing after the pile tip passed the

instrument level. The inward breaks in the spiral represent pauses for jack resetting. The

highest interface angles of friction occurred at the start of installation, when hb/R-lO. At this

point, the soil was under compression, mobilising angles of friction close to 627° measured

in direct interface shear tests, indicating that it was near failure along the pile surface. The

positive shear stresses were smaller in magnitude, suggesting that the pile was being lifted with
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the surrounding soil mass. The shear stresses measured at the trailing instrument were very

much lower showing that the soil was not close to interface shearing at any point.

Figure 7.12 compares the trends in a'Ia', to the results from the laboratory tests conducted by

Nauroy & Le Tirant (1983), described in Section 2.6. In contrast to the single pile installation,

was found to be a better normalising parameter than q or q, presumably since the sand

states had changed due to the installation of the first pile. Application of this normalising

parameter to the ICP results revealed a hierarchy in a'/a', which was sensitive to the orientation

of the SST towards DK2b, with the greatest percentage rise in a', measured at the following

instrument. Nauroy & Le Tirant only measured total stress changes and warned that the readings

should only be regarded as qualitative due to the relative size of the sand grains to the pressure

cell. However, peak a occurred noticeably earlier, at h 1/R=-4, despite the pressure cell being

closer to the pile than that modelled in the ICP experiment (r=SOmm, rfR=1O). This may have

been due to sand displacement ahead of the advancing pile tip causing the pressure cell to tilt

slightly, thereby introducing some component of ICY,, into the measurements as well as ar. A

small pressure cell at close proximity to an advancing pile is more susceptible to sand

movements than the long rigid ICP.

Both sets of measurements show that the soil mass around a penetrating pile undergoes complex

stress changes and clearly illustrate the high concentration of stresses around the pile tip. After

the passing of the pile tip the stresses decreased sharply, exhibiting a h/R reduction similar to

that measured along the pile shaft. In addition, the ICP results allow the following observations

to be made:

•	 Peak radial stress varies circumferentially around the pile.

•	 The large increase in a' on DK2 suggests a rise in shaft capacity due to the installation

of DK2b.

•	 Pile uplift and the reduction in residual base load infer lower base stiffness during the

reloading of DK2.
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Nauroy & Le Tirant, closed-ended, jacked pile, R=lOmm,

installed 5R from a Gloetzl total pressure cell (total stress measurements only)

in dense (Dr = 80-100%), fine-medium, saturated Fontainebleau silica sand,

confining pressure, p = 200kPa, radial total stress before jacking, arc = 2OkPa.

Figure 7.12 Stress changes on DK2 compared to Nauroy & Le Tirant (1993)



357

7.3 EQUALISATION

7.3.1 Stress changes during equalisation

The average length of the equalisation periods allowed in the ICP tests was 14 hours. Figure

7.13 shows the typical changes in axial loads, f, t and a'1 on a single pile during this time.

There were no significant changes in pore pressure readings but the a'1 measurements at all

instrument locations increased by an average of 20% due to sand creep. Table 7.3 lists the a'1

changes at the individual instruments and Figure 7.14 plots the average changes in K/Ks against

time where K is the normalised radial effective stress ( =a'/a') and K1 is the value at the end

of equalisation. Similar gains, averaging at 12%, were measured during the 15 hour equalisation

period in the loose to medium dense sand at Labenne. Further a' 1 increases were measured

during the set-up periods between reload tests as described in Sections 7.4.4(b) and 7.4.5 and

illustrated in Figure 7.15.

The a'1 increases occurred despite the initial values being much greater than the free-field, a'

stresses (lç=0.4, see Section 5.3.4). This suggests that higher radial stress exist remote from

the shaft of single piles. Various researchers such as Robinsky & Morrison (1964), Chong

(1988) and Allersma (1988) indicate that the large volumetric sand compression at the pile tip

during installation leads to the creation of a thin "sleeve" of loose sand around the pile shaft.

This is surrounded by a zone of denser sand in which high circumferential or hoop

stresses (a'9) exist. The hoop stresses can promote circumferential arching which prevents

the full development of a'1 on the pile shaft. It is argued later that long-term sand creep might

lead to a breakdown of this arching effect, leading to a gradual increase in a' 1 with time. This

mechanism is significant in the consideration of the ageing effects on the large-scale CLAROM

piles and is discussed further in Section 8.9.2(c).
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Figure 7.14 Radial effective stress increases during equalisation at Dunkirk

Pile	 t,	 cr at start- end of equalisation (kPa) and percentage change
(hours)

___________ ____________	 Leading	 Following	 Trailing	 Lagging

DK1	 13.3	 185 -215	 168 -209	 100 -115	 53-67
	+16%	 +24%	 +15%	 +26%

DK2	 15.0	 149- 179	 91- J16	 86-96	 94-108

	

+20%	 +27%	 +12%	 +15%

DK3	 14.7	 133 - 148	 186 - 209	 83 - 96	 42 - 60

	

+11%	 +12%	 +16%	 +43%

LBI	 15	 46.9 - 53.4	 35.7 - 39.0	 27.5 - 29.0	 -

	

+14%	 +9%	 +5%

LB2	 15	 61.3 - 68.0	 33.0 - 38.0	 27.0 - 32.0	 -

	

+11%	 +15%

Table 7.3	 Radial effective stress increases during equalisation
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Figure 7.13(a) shows that axial loads in the single piles reduced slightly during equalisation

suggesting compressive sand creep beneath the pile tip. This was accompanied by a slight

increase (average of +5k1'a) in t, and f. Hence, the mobilised values of 8 increased by around

+30, i.e. became less negative. Note that the initial values of f and r, correspond with the final

(deepest) "stationary" values shown on the installation profiles in Figure 7.6. Residual stresses

and their effect on loading results are considered further in Section 7.3.3.

7.3.2 Equalised radial effective stress

The normalised radial effective stresses developed at the end of equalisation, K ( a',/a') by

single piles are plotted against depth on Figure 7.16. The I( values ranged between 1.0 and 2.9,

more than twice those measured in otherwise identical tests at Labenne (K = 0.6 to 0.9),

demonstrating the strong effect of sand density on a'. The radial effective stresses were around

one third of the horizontal effective stresses developed on the flat Marchetti dilatometer (see

Section 5.3.2).

The dependence of a', on a', q, and the distance from the pile tip (h/R) is explored further in

Figure 7.17. Lehane's (1992) analysis of the Labenne data, using both the stationary installation

and short-term equalisation results, arrived at the following relationship between a', q and h/R:

= 0.024 q (hfR)° 33	 Eqn 7.1

The correlation was improved by including a factor for vertical effective stress, and

introducing atmospheric pressure (P = I OOkPa) as a non-dimensionalising parameter, as shown

in Equation 7.2. The o' 0 term has relatively little effect over the small range of depths tested

by the ICP but becomes increasingly significant for longer offshore piles:

= 0.0286 q, (& I Pj° 2 (h/R)° 33 	 Eqn 7.2

The two relationships are plotted on Figure 7.17 with the Dunkirk a', measurements following

the trends, albeit with more scatter than those from Labenne. Despite the variation, the

agreement is good considering that the correlations were derived from tests in looser sand where

much lower stresses were developed. In Chapter 10 the Labenne results are combined with the

installation and equalisation data from Dunkirk to obtain an improved correlation for a wider

range of sand conditions and hfR values. The Dunkirk results indicate a stronger h/R effect and
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weaker dependence on a'. It is worth recalling that for low permeability clays the h/R

parameter was raised to the power -0.20 signifing a weaker radial stress decay with hIR than

that seen in sands, where the exponent is -0.33.

Note that the correlations were developed from short-term data taken 15 hours after pile

installation. The increases in radial stress during equalisation and pauses between reload tests

described in Sections 7.3.1 and 7.4.4(b) suggest higher values may develop in the medium to

long-term.

7.3.3 Residual stresses

Figure 7.18 shows the distributions of axial load and shear stresses at the end of equalisation for

the three single piles. The shear stresses correspond approximately (considering the small

changes during equalisation) to the deepest "stationary" values seen at the end of installation

(Figure 7.6). Larger residual stresses were developed at shallower pile penetrations due to (a)

the higher q and q, measurements seen in the denser hydraulic fill and (b) the h/R effect on

peak f and .

Taking account of these stresses when interpreting strain-gauge data from load tests is important,

particularly for short piles where the residual stresses are relatively high. The practice of

rezeromg strain-gauges prior to loading and ignoring residual loads can lead to large errors in

the deduced shaft and base capacities and shear stress profiles. For example, if the residual base

load of 52kN in pile DK 1 were disregarded, the base capacity in the compressive load test would

be underestimated by 57% and the shaft capacity overestimated by 24%. It is clearly vital to

determine the residual loads accurately for piles installed in sands, as discussed earlier in Section

2.3.

7.3.4 Stress changes on adjacent piles

The installation of the adjacent pile, DK2b, doubled the radial effective stresses on DK2 as

described in Section 7.2.7. This is displayed in Figure 7.19(a) which plots the equilibrium a'

profiles on DK2 before and after installation of DK2b.

Figure 7.19(b) shows the changes in residual stress distributions. The first compression load test,

DK2/LIC, reduced the residual shear stresses along the upper half of the pile, making them more
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negative, with no changes near the pile toe. The upward relative sand movement during the

installation of the adjacent pile increased t, by =3OkPa at all but the trailing instrument which

faced away from DK2b. The positive overall increase in shear stress was confirmed by the f,

measurements on the pile casings. During the equalisation period the shear stresses on DK2

reduced slightly (-2kPa) as displayed on Figure 7.20(c). This probably resulted from downward

relative sand creep after the upward movements experienced during DK2b installation.

In contrast with the measurements on single piles, the 15 hour equalisation period after the

installation of DK2b saw an average =5% reduction in a', on DK2. The individual instrument

measurements are listed in Table 7.2 and plotted against time in Figure 7.20. The stress

reductions infer that lower stresses existed at other locations around DK2 (or circumferentially

around DK2, as suggested by the hierarchy in peak a',, during installation) and that sand creep

led to a redistribution of the very high horizontal stresses between the two piles. Any arching

mechanism created around DK2 during its installation as a single pile was probably destroyed

by the large a', and changes imposed during the installation of the second pile.

7.4 LOAD TESTING

Details on the load tests and the factors they were designed to investigate are given in Table 7.1.

The modified Laboratoire des Ponts et Chaussées (Bustamante 1982) incremental loading

procedure resulted in the following test characteristics:

(I)	 Failure was usually reached in less than 2 hours.

(ii)	 The tests were filly drained with pore pressures remaining within lOkPa of hydrostatic

even at failure.

(iii) The average rate of pre-peak displacement in first-time compression tests was

0.04mm/mm. The softer response in tension led to higher rates of displacement

typically around 0.O6mmlmin.

(iv) The creep rates in the initial stages of loading were very low. Immediately before

failure they were around 0.02mm/mm. Creep plots showing the changes in pile head

displacement during the load-holding stages in first-time compression and tension tests

are given in Figure 7.21.
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7.4.1 Load-displacement behaviour

Table 7.4 summarises the results from the first-time load tests while Table 7.5 provides the

results from all of the tests. Figure 7.22 displays the shaft resistance-displacement curves for

the complete load testing history of the three piles.

The following features were displayed during first-time loading:

(i) The peak shaft capacity in tension was 14% lower than in compression.

(ii) The loading response in tension was softer than in compression, requiring 6O% more

displacement to reach peak shaft resistance.

(iii) The base resistances available at peak shaft capacity were 11.3 and 9.7MPa,

corresponding to approximately 72% of q, measured at the end of installation and an

average bearing capacity factor, N 110. Base load increased slightly with further

displacement but did not exceed O.9q,,.
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Figure 7.22 Average shaft resistance against displacement
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Pile	 Depth	 hi.,,	 =	 N,, = q/ 0	q1q	 di,m
_______	 (m)	 (kPa) _______ _______ _______ (mm)

DKITL1C	 7.40	 91.9	 1.59	 111	 0.79	 4.3

DK2ILJC	 5.96	 79.9	 1.63	 110	 0.65	 3.0

DK3/LIT	 7.40	 -78.7	 -1.36	 -	 -	 -7.0

Table 7.4	 First-time loading results

Failure was generally ductile, though in many cases the post-peak response was not smooth but

"saw-toothed" in shape, producing "stick-slip" behaviour. This was observed in tension as well

as compression and the displacements at which this response began are listed in Table 7.5.

Figures 7.23(a) and (b) show the axial load and average shaft resistance () responses from

DK3IL2C where loading was continued to 160mm displacement.' Figures 7.23(c), (d) and (e)

show the changes in axial load and average shear stresses (f) with time for pile head

displacements between 85 and 100mm. We note:

(i) The axial loads developed at all levels on the pile, including the tip, gradually increased

with displacement until a point where a quasi-constant load was reached and the pile

was moving at a rate of 0.01mm/mm. Sand creep beneath the pile tip then allowed a

gradual reduction in base load. For example, Figure 7.23(c) shows that during the

eleven minute period between t=361 and 372 minutes the base load at the leading ALC

decreased from 93 to 8OkN while the total load at the pile head remained constant. This

coincided with a 13% increase in average shaft resistance. Radial effective stresses did

not change but the apparent friction angle increased slightly to a maximum of ö=29°.

(ii) Sudden shaft failure at t=3 72.5 minutes caused the pile to plunge with a 2mm immediate

pile head displacement and a sharp 3OkN (13%) reduction in total load (Figures 7.23(e)

and (c)). Failure occurred progressively from the pile base over a very short timespan

of around a second. Angles of friction measured at the SST's reduced by 4 and 10° at

the leading and trailing instruments respectively. 2 The pile stopped moving at an

equilibrium point with around 25% lower than its peak value. The displacement

caused a 5kN increase in base load.

(iii) A steady increase in total load by the jack operator led to a pile head displacement rate

of I 5imn/inin. The previous peak base load and total load were remobilised after 10mm

With two unloading cycles to allow the displacement transducers to be reset.

2 The following instrument underwent a 6° reduction in 3. The readings at the lagging
instrument were unreliable due to large bending errors.
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displacement (at t=373 minutes) and the total load was then maintained with minimal

pile movement. Shaft resistance developed at a slower rate and continued to increase

after this point, as creep beneath the pile toe recommenced and "stick-slip" behaviour

was repeated.

The measurements show that failure resulted from sand creep at the pile toe and

a post-peak reduction in shear stress on the pile shaft. The reduction in between stage (i)

where the rate of pile displacement was very low and stages (ii) and (iii) when most

displacement occurred, suggests that & reduces under fast rates of displacement. This is

supported by the rate-related changes in during installation described in Section 7.2.2 and the

ring shear interface investigations on Labenne sand by Lehane (1992). For clarity, the curves

shown on Figure 7.22 are the smoothed mean post-peak shaft resistances.

Test	 Depth	 At peak shear stress,	 Ultimate	 Stick-
(m)	 slip

QT	 Q,	 tp	 P	 qb	 Nq q1qC dpm 	 bh	 &h	 d
___________ _____ (kN) (kN) (kPa) 	 (MPa)	 (mm) (MPa) (mm) (mm)

DKIILIC	 7.40 309 217 91.9 1.59	 11.3	 111 0.79 4.3	 -	 -	 6.2

DK1IL2T	 7.40 -190 -190 -80.4 -1.39	 -	 -	 -	 -8.0	 -	 -	 -9.0

DKI/L3T	 7.40 -208 -208 -88.1 -1.53	 -	 -	 -	 -2.3	 -	 -	 -3.6

DK2ILIC	 5.96 231	 152 79.9 1.63	 9.7	 110 0.65 3.0	 11.6	 18.0	 6.8

DK2/L2C	 5.96 275 230 120.9 2.47	 5.6	 63 0.37 4.0	 -	 -	 4.2

DK2/L3T	 5.96 -189 -189 -99.4 -2.03	 -	 -	 -	 -5.0	 -	 -	 -

DK2/L4C	 5.96	 159 139 73.1 1.49	 2.5	 28 0.17 5.0	 8.8	 20.0	 -

DK2b/LIC	 5.95 270 NM	 -	 -	 NM	 -	 -	 3.0	 -	 -	 -

DK3/LIT	 7.40 -186 -186 -78.7 -1.36	 -	 -	 -	 -7.0	 -	 -	 -8.0

DK3IL2C	 7.40 192 142 60.1 1.04	 6.2	 60 0.44 10	 11.3	 90	 10

DK3/L3CYC 7.54 46- -14- -5.8- 	 -	 7.4-	 -	 -	 -	 -	 -	 -
192	 125	 51.8	 8.3

DK3/L4C	 7.54 226 156 64.8 1.12	 8.6	 84 0.60 2.0	 10.7	 7.5	 3.5

DK3IL5C	 7.54 235 165 68.6 1.19	 8.6	 84 0.60 2.6	 9.1	 4.2	 -

DK3/L6T	 7.54 -141 -141 -58.6 -1.02	 -	 -	 -	 -4.0	 -	 -	 -
= =	 = =

Notes: QT	 total pile load	 Q1	 - pile shaft load
- peak average shear stress 	 13	 -
- pile base resistance	 d1,..,,	 pile head displacement at

NM	 - not measured
Stick slip: pile head displacement at the point that "stick-slip" behaviour began

Table 7.5	 Dunkirk load test results
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Test	 Instrument h/R Depth a'	 a	 K	 a',f	 K/K	 tr
________ _________ - (m) (kPa) (kPa) _____ (kPa) _____ (k pa) (°)

DKI/LIC Leading	 8	 6.97	 98.1	 215	 2.19	 265	 1.23	 132	 26.5

Following	 27	 6.05	 88.9	 209	 2.35	 259	 1.24	 127	 26.1

Trailing	 50	 4.84	 76.8	 115	 1.50	 187	 1.63	 93	 26.4

Lagging	 74	 3.63	 62.1	 67	 1.08	 131	 1.96	 81	 31.7

DK1/L2T Leading	 8	 6.97	 98.1	 231	 2.35	 252	 1.09	 -149 -30.6

Following	 27	 6.05	 88.9	 230	 2.59	 265	 1.15	 -144 -28.5

Trailing	 50	 4.84	 76.8	 108	 1.41	 139	 1.29	 -86	 -31.7

Lagging - 74	 3.63	 62.1	 81	 1.30	 135	 1.67	 -91	 -34.0

DK1/L3T Leading	 8	 6.97	 98.1	 202	 2.06	 266	 1.32	 -156 -30.4

Following	 27	 6.05	 88.9	 197	 2.22	 271	 1.38	 -148 -28.6

Trailing	 50	 4.84	 76.8	 59	 0.77	 148	 2.51	 -96	 -33.0

________ Lagging	 74	 3.63	 62.1	 33	 0.53	 130	 3.94	 -100 -37.6

DK2/LIC Leading	 8	 5.53	 83.7	 179	 2.14	 214	 1.20	 107	 26.6

Following	 27	 4.61	 74.5	 116	 1.56	 178	 1.53	 80	 24.2

Trailing	 50	 3.40	 58.1	 96	 1.65	 141	 1.47	 72	 27.1

Lagging - 74	 2.19	 37.4	 108	 2.88	 241	 2.23	 113	 25.1

DK2/L2C Leading	 8	 5.53	 83.7	 314	 3.75	 315	 1.00	 182	 30.0

Following	 27	 4.61	 74.5	 292	 3.92	 288	 0.99	 155	 28.3

Trailing	 50	 3.40	 58.1	 182	 3.13	 198	 1.09	 109	 28.8

Lagging	 74	 2.19	 37.4	 193	 5.15	 450	 2.33	 155	 19.0

DK2IL3T Leading	 8	 5.53	 83.7	 285	 3.41	 266	 0.93	 -154 -30.1

Following	 27	 4.61	 74.5	 248	 3.33	 301	 1.21	 -162	 -28.3

Trailing	 50	 3.40	 58.1	 133	 2.29	 209	 1.57	 -120	 -29.9

Lagging	 74	 2.19	 37.4	 168	 4.49	 249	 1.48	 -158	 -32.4

DK2/L4C Leading	 8	 5.53	 83.7	 207	 2.47	 142	 0.69	 74	 27.5

Following	 27	 4.61	 74.5	 196	 2.63	 152	 0.78	 82	 28.3

Trailing	 50	 3.40	 58.1	 94	 1.62	 112	 1.19	 71	 32.4

________ Lagging	 74	 2.19	 37.4	 76	 2.03	 226	 2.97	 99	 23.7

DK3/L1T Leading	 8	 6.97	 98.1	 148	 1.51	 192	 1.30	 -132	 -34.5

Following	 27	 6.05	 88.9	 209	 2.35	 224	 1.07	 -119 -28.0

Trailing	 50	 4.84	 76.8	 96	 1.25	 139	 1.45	 -85	 -31.4

Lagging	 74	 3.63	 62.1	 60	 0.97	 126	 2.10	 -82	 -33.1

DK3/L2C Leading	 8	 6.97	 98.1	 153	 1.56	 99	 0.65	 65	 33.3

Following	 27	 6.05	 88.9	 178	 2.00	 155	 0.87	 75	 25.8

Trailing	 50	 4.84	 76.8	 62	 0.81	 99	 1.60	 60	 31.2

Lagging	 74	 3.63	 62.1	 36	 0.58	 117	 3.25	 62	 27.9

DK3/L4C Leading	 8	 6.97	 98.1	 109	 1.11	 133	 1.22	 73	 28.8

Following	 27	 6.05	 88.9	 136	 1.53	 157	 1.15	 71	 24.3

Trailing	 50	 4.84	 76.8	 58	 0.76	 128	 2.21	 82	 32.6

Lagging	 74	 3.63	 62.1	 50	 0.81	 176	 3.52	 76	 234

DK3/L5C Leading	 8	 6.97	 98.1	 110	 1.12	 131	 1.19	 76	 30.1

Following	 27	 6.05	 88.9	 123	 1.38	 152	 1.24	 73	 25.7

Trailing	 50	 4.84	 76.8	 72	 0.94	 119	 1.65	 77	 32.9

Lagging	 74	 3.63	 62.1	 55	 0.89	 163	 2.96	 72	 23.8

DK3/L6T Leading	 8	 6.97	 98.1	 89	 0.91	 139	 1.56	 -96	 -34.6

Following	 27	 6.05	 88.9	 113	 1.27	 151	 1.34	 -80	 -27.9

Trailing	 50	 4.84	 76.8	 67	 0.87	 132	 1.97	 -79	 -30.9

_______ Lagging	 74	 3.63	 62.1	 59	 0.95	 130	 220	 -81	 -319

Table 7.6	 Load testing effective stress results
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7.4.2 Local stress changes

Table 7.6 lists the equalisation and effective stress measurements at peak load while Figure 7.24

displays the development of f and t during first-time compression and tension load tests

showing:

and t increased by comparable magnitudes and reached quasi-constant conditions

after the same displacement indicating the same shearing response against the

molybdenum steel pile casings and the stainless steel SST's.

In compression, the shear stresses were mobilised at an average rate of 4OkPaImm over

the first 3mm pile head displacement. This compares with 3OkPaJmm in tension.

In compression the highest rates of shear stress development occurred close to the pile

tip at the leading, lead-follow (fj and following locations where the pre-loading residual

stresses were greatest (i.e. the most positive and close to zero). This occurred in spite

of local displacements being less than those at the pile head. In tension, the highest rate

of shear stress mobilisation occurred on the lagging-ground surface casing where the

initial average shear stress was the most negative.

Figure 7.25 displays profiles of shear stress and radial effective stress at the start and peak of

the first-time load tests. Notable features include:

The peak shear stress profiles in tests DKI/LIC and DK2ILIC are similar and exhibit

dependence on q or sand density and h/R.

In tension, the shear stresses along the bottom half of the pile were lower than those in

the equivalent compression test.

The radial effective stresses at failure, cr, were =57% and = 48% higher than those

prior to loading in the compression and tension tests respectively.

The increase in a'r during loading is dependent on sand density with the greatest

increases occurring along the upper parts of the piles in the dense sand layers.

7.4.3 Effective stress paths

The lower shaft capacity developed in tension loading and the softer mobilisation of shear stress,

may be explained through soil behaviour during loading. Figure 7.26 shows the effective stress

paths followed by soil elements adjacent to the four SST's in DKIILIC and DK3ILIT, i.e. the

first-time compression and tension tests performed at 7.4m depth. These may be compared with

those recorded on the 6m long Labenne piles in Figure 2.5.
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The bending of the SST's under high compressive loads meant that corrections had to be applied

to the compression load test data, which are therefore less reliable than those from tension

loading (where bending errors are not experienced). However, the shapes of the effective stress

paths appear to be reasonable, meeting the following criteria:

•	 Behaviour in tension and compression are not markedly dissimilar.

•	 The relationship between bending and axial load produces a hierarchy of SST reliability

with the leading instrument requiring little correction and the lagging instrument

suffering the worst errors. However, the corrected stress paths from all four instruments

are in reasonable agreement, considering the possible variations in local soil and stress

conditions along the pile length.

•	 The shapes of the effective stress paths are in good agreement with those recorded at

Labenne, despite the fourfold difference in the magnitude of the stresses.

In compression loading, all four instruments measured small initial reductions in a' 1 signi1'ing

soil contraction. This was greatest at the lagging and trailing instruments. As failure was

approached, large increases in a', occurred (i.e. dilation) with the greatest dilation occurring at

the lagging position which had undergone the greatest local displacement and where the sand

density and stiffhess were highest. The angle at peak stress obliquity was 8 27°.

In tension, contraction was only observed at the leading and following instruments. As before,

the sand dilated as failure was approached reaching a peak interface angle 8= 32°. There were

no post-peak reductions in , suggesting that shearing took place in the sand mass with

At failure, a'1 and tf were lower than those in compression, accounting for the reduced shaft

capacity. This resulted from (1) lower end-of-equalisation a', values in DK3 (especially at the

leading instrument) and (ii) smaller i.a ' increases during loading.

Interpretation

In his analysis of the Labenne stress paths, Lehane (1992) expressed the changes in radial

effective stress during loading, M',, as the sum of two components:

= a', tan 3f

tf = (a', + a',) tan 5

= ta',, +

where isa', = reduction in a', due to the rotation of principal stresses

and	 ia',d = increase in a', due to dilation during shearing.
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Figure 7.26 Effective stress paths in the first-time load tests at Dunkirk

In agreement with the Dunkirk trends, the Labenne stress paths (Figure 2.5) exhibited

contraction, during the initial stages of loading, followed by large amounts of dilation at failure.

The reductions were greatest at the trailing instrument' in compression and the leading

instrument in tension. The significance of contraction and dilation are discussed separately

below.

(a)	 a'

The initial reduction in radial stresses is thought to be caused by sand contraction due to the

rotation of the axes of principal stress acting on the pile shaft. As discussed in Section 2.2.5(b),

experiments in the Hollow Cylinder Apparatus (HCA) by Synies et al. (1983) have shown that:

(i)	 Rotation of the major principal stress directions causes volumetric sand contraction as

the individual grains reorientate to withstand the new stress state.

Note that only three instrument clusters were used at Labenne, i.e. there was no lagging
instrument.
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(ii)	 The preferential soil fabric created during sample preparation resulted in higher strengths

and stifThesses being measured on vertically 'oaded samples compared to those where

the principal stresses were inclined at some angle a to the vertical.

Comparisons may be drawn to the triaxial tests on Dunkirk sand, described in Section 5.3.5.

The stress rotation involved between Ku-consolidation and shearing in extension (a 00 to 90°)

resulted in highly contractant behaviour prior to failure arid lower peak strengths than those in

compression.

In the same way, pile installation can be expected to create a preferentially orientated soil fabric

where the sand grains are arranged to resist downward (i.e. positive) shear stresses. Rebound

of the pile head after installation results in negQtive residual shear stresses, particularly along the

upper half of the pile. Compression loading causes the principal stress directions to rotate back

to positive values, causing some soil contraction which is greatest along the upper part of the

pile. Although tension loading involves much smaller absolute rotations, the soil is taken to

failure in an "unfamiliar" sense and the new direction of rotation leads to a higher degree of sand

grain reorientation and volumetric contraction. These lead to the development of lower peak

stresses arid a softer loading response.

(b)	 7'rd

Dilation during shearing has been observed in dense samples in direct interface shear and both

compression and extension triaxial tests (Sections 5.3.5 and 5.3.7). Studies in the simple shear

apparatus by Uesugi and Kishida(l986) demonstrated that dilation is caused by the reorientation

of sand grains in a narrow band of soil close to the interface. Therefore, dilation can be

considered to be confined to a thin layer, a few sand grains thick, adjacent to the pile wall,

contrasting with the more global sand mass mechanism involved in ia', above.

Comments

The Dunkirk measurements fully support Lehane's earlier interpretation of pile loading effects

in sand. Particular points include:

For a particular test direction, the largest degrees of soil contraction were measured at

the locations of greatest principal stress rotation, i.e. near the top of the pile in

compression and towards the base in tension.

The fastest rates of local shear stress development occurred• at locations involving the

smallest stress rotations (Figure 7.24).
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The overall magnitude of 1a'r was greater in compression than tension suggesting that

the latter underwent greater &T', reductions due to the high degree of sand grain

rearrangement involved in the new sense of shearing.

The rotation of principal stress directions and greater sand contraction also led to the

softer mobilisation of shear stresses in tension.

The same features recur in the reloading test data described in the next Section. Cyclic principal

stress direction rotations (a',.,,) may also play a role in the decay of a' along the pile length (or

"h/R effect") created during pile installation. Rebound of the pile head between jack strokes and

the development of negative shear stresses along the upper part of the pile results in successive

reversals in stress directions with the application and removal of each jack stroke. This is likely

to cause cumulative volumetric contraction in the sand close to the shaft, so helping to reduce

the radial stresses along the pile. The arguments are supported by the cyclic loading results

described in Section 7.4.5, where strong two-way cycling near the pile head resulted in a

reduction in available peak shear stress. Note that this occurs in addition to the increases in

vertical distance between the soil horizon and concentration of high stresses around the

penetrating pile tip, the latter probably being more responsible for the very rapid rates of stress

decay (da'Jdh) near the pile base.

7.4.4 Pile reload tests

The development of shaft resistance with displacement during reloading can be examined in

Figure 7.22 and the peak loads are listed in Table 7.5. Table 7.6 gives details of the effective

stress measurements while Figure 7.27 plots the effective stress paths. The main features are

summarised below. Note that the reload tests on DK2 were performed after the installation of

DK2b, which caused some alterations in the soil stress states. However, the general trends in

reloading were the same as those for single piles.

(a)	 Changes in shearing direction

Reversals in shearing direction always resulted in a reduction in shaft resistance and a softer

loading response as shown in Table 7.7. For example, the peak shaft resistance in compression

test DK1ILIC = 91.9kPa fell by 13% to 80.4kPa in the reload tension test DKIIL2T and the

latter required nearly twice the displacement to mobilise peak shaft resistance. The average

reduction caused by reversals from compression .to tension was 15%, with tension to

compression reversals resulting in much larger reductions, averaging at 25%.
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Test 1	 Test 2	 Change in (%)	 d., (mm)

Test 1	 Test 2

Compression to tension

DKIILIC	 DKI/L2T	 -13%	 4.3	 -8.0

DK2IL2C	 DK2IL3T	 -18%	 4.0	 -5.0

DK3IL5C	 DK3IL6T	 -15%	 2.6	 -4.0

Tension to compression

DK2I'L3T	 DK2/IAC	 -26%	 -5.0	 5.0

DK3fLIT	 DK3IL2C	 -24%	 -7.0	 10.0

Table 7.7	 Effect of reversals in loading direction
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The reductions in shaft capacity caused by reversals from compression to tension are consistent

with the 14% difference between the first-time compression and tension load tests described in

Section 7.4.1.

The effective stress measurements show that loading in compression did not significantly alter

the equilibrium a or t, stress states created during pile installation. In contrast, tension loading

caused profound changes to the stress states around the pile and its behaviour in reloading. This

is illustrated for test DK3/LIT and the subsequent compression reload test DK3IL2C where the

effective stress measurements are listed in Table 7.8 and the effective stress paths are shown on

Figure 7.27(d):

(i) The equilibrium radial effective stresses, a'., at the end of test DK3ILIT (i.e. before

DK3IL2C) were much lower than those prior to loading probably as a result of

volumetric sand contraction during the load test.

(ii) The tension test also reversed the residual stress states creating small shear stresses near

the pile head and large negative shear stresses near the pile toe.

(iii) The compression test, DK3IL2C, displayed more contraction and less dilation than the

first-time compression test DKIILIC, particularly at the leading and following clusters

where large rotations in principal stress directions were required to reverse the negative

residual shear stresses to the positive shear stresses at failure.

As a result of these factors, the values of a' and ; in compression were much lower than those

previously attained in tension, explaining the 24% reduction in peak shaft capacity. The strong

effects of changes in loading direction reinforce the influence of principal stress rotation on shaft

behaviour. Features (i) and (ii) were also displayed in the drained load tests in Pentre clay-silt

though changes in the magnitudes of contraction and dilation during shearing were not apparent.

Stress changes between DK3IL1T and
DK3IL2C	 Leading	 Following	 Trailing	 Lagging

Change in c?, (%)	 +3.4	 -15	 -35	 -40

Residual stress prior to	 Test 1	 +5	 -8	 -24	 -21
loading, r, (kPa)	 Test 2	 -50	 -38	 -3	 +8

Difference in a', (%)	 -48	 -31	 -29	 -7

Difference in t (%)	 -51	 -37	 -29	 -24

Table 7.8	 Local stress changes due to tension loading
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De Nicola & Randolph (1993) postulated that the general observation for shaft capacity in

tension to be lower than compression was due to elastic Poisson-related radial contraction of the

pile shaft under tensile forces and performed parametric studies to evaluate its magnitude (see

Section 2.4.3). However, this suggests that a reversal in shearing direction from tension to

compression would produce an increase in shaft capacity whereas the ICP tests clearly showed

the opposite, i.e. for the relatively stiff ICP, the effects of principal stress rotation are much

greater than any Poisson-type effects.

(b)	 Reloading in the same direction and time effects

Two testing sequences were conducted where the direction of shearing was maintained as listed

in Table 7.9. These showed that increases in shaft capacity occurred on reloading and very

small displacements were required to remobilise peak shaft resistance in both cases.

Test I	 Test 2	 Change in	 d (mm)	 Set-up period between tests

Test I	 Test 2	
(hours)

DKIIL2T	 DKI/L3T	 +10%	 -8.0	 -2.3	 13

DK3/L4C	 DK3/L5C	 -1-6%	 +2.0	 +2.6	 72.2

Qj 1. DK3IL4C was conducted after cyclic loading in compression which resulted in a very stiff
loading response.

Table 7.9	 Reloading with the direction of shearing maintained

The effective stress paths on Figures 7.27(a) and (e) showed little or no contraction during the

initial reloading stages, supporting the hypothesis that markedly contractive behaviour is a

feature of sand grain rearrangement associated with the rotation of the principal stress directions

to new unfamiliar orientations. The very stiff loading response can also be attributed to this

feature.

The increase in shear stress at failure was also due to a rise in equilibrium a' 1 , values

during the relatively long set-up periods, as listed in Table 7.10 and plotted against time in

Figure 7.15. In both cases the rates of increase were lower than those immediately after

installation.
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Between tests	 t	 a' at (start - end) of set-up period (kPa) and % change
(hours)

______________ __________	 Leading	 Following	 Trailing	 Lagging

DKI/L2T - L3T	 13.0	 201 - 202	 199 - 197	 50 - 59	 28 - 33
0%	 -1%	 +18%	 +18%

DK3/L4C - L5C	 72.2	 95-110	 111-123	 65-72	 49-55

	

+16%	 +11%	 +11%	 +12%

Table 7.10	 Radial effective stress increases during set-up periods between load tests

(c)	 Loading rate

Variations in pre-peak loading rates between 0.03 and 0.40mm/mm did not produce any

discernable changes in loading behaviour or the magnitude of the shear stresses or angles at

peak. As discussed in Section 7.4.1, post-peak plunging failure was observed in 8 of the 13

cases suggesting that reductions in 8 may be possible at rates of displacement above I mm/mm.

This feature is compatible with the behaviour seen in ring shear interface tests on Labenne sand

and the , rate-dependency described in Section 7.2.2.

7.4.5 Cyclic loading response

One-way cyclic loading was performed in compression in test DK3/L3CYC. Sixty-one load-

unload cycles were applied, with total load varying between 46 and 192kN (corresponding to

19 and 81% of the ultimate load achieved in DK3IL2C) at a rate of one cycle per minute as

illustrated on Figure 7.28. This reveals the following:

(i)	 The load applications caused the pile head to rise and fall by ±0.5mm with plastic

deformations accumulating slowly during the first 20 cycles, resulting in a net pile

head displacement of 0.35mm at the end of cycling: Figure 7.28(a)

(ii) Base loads remained relatively stable, between 60-67kN, corresponding to 65-73% of

the ultimate base load in DK3IL2C: Figure 7.28(b).

(iii) In contrast, the average shaft resistance oscillated widely between -5.9 and 52.6kPa, or

-10 to 88% of in DK3JL2C.

(iv) Figure 7.28(c) shows how the average shear stress, 1',, on the lead-follow casing was

entirely positive and increased slightly during the first 20 cycles. In contrast, two-way

cycling was experienced between the lagging instrument and the ground surface, with

f fluctuating between -30 and +5OkPa and reducing during the course of cycling.
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Figure 7.29 Dunkirk shear stress profiles during cycling
and loading In compression



390

The changes in f due to cycling are better displayed in Figure 7.29(a) where the maximum and

minimum profiles during cycles 2 and 61 are plotted. The 13% increase in (f)mi,, along the

lead-follow casing is again apparent with the final value very close to the peak achieved in the

previous static load test, DK3/L2C. The follow-trail value shows a similar but smaller increase

and there was no change along the trai/-lag casing which underwent slight two-way cycling.

However, the strong two-way cycling experienced between the lagging instrument and the

ground surface reduced f by lOkPa (19%). The initial and final peak f values at this location

correspond to 90 and 73% of that measured in DK3/L2C. This feature indicates that strong two-

way cycling, involving shearing to failure in one direction, results in a gradual decrease in

available peak shear stress. The static load test results suggest that this is due to the volumetric

sand contraction produced as principal stress directions are rotated, as described in Section

7.4.3(a). This feature may explain the hfR-related stress reductions remote from the pile tip.

The local readings varied in the same manner as the f, measurements. At the lagging

instrument a', fluctuated by ±4kPa during each load cycle and other instruments recorded smaller

changes. During the final cycle the average value of a', had increased slightly at all levels by

a maximum of 3kPa. Pore pressures remained within 2kPa of ambient conditions.

The changes in static pile capacity due to cycling were examined in compression tests DK3JL2C

and DK3IL4C performed before and after cycling. Table 7.5 lists the pile capacities showing

an 8% increase in shaft resistance and the stiffest loading response measured in all of the tests,

requiring only 2.0mm pile head displacement to reach peak shaft resistance. Figure 7.29(b)

displays the residual and peak shear stress profiles showing that peak shear stress increased along

the entire pile length, including the lag-ground surface section where apparent stress degradation

occurred during cycling; i.e. although a reduction in peak local shear stress was seen along this

length during cycling, after a short equalisation period the peak shear stress in static loading

increased.

The pile's effective stress measurements show that the gains in capacity arose from:

Increases in cr', during the 12.7 hour set-up period between DK.31L2C and DK3/L3CYC,

averaging at 12%. Figure 7.15(c) shows the changes in a', with time.

Less contractive behaviour during the initial stages of loading in DK3/L4C in

comparison to DK3IL2C (see Figures 7.27(d) and (e)).
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The trends echo those from the reload tests where the direction of loading was maintained

(described in the previous Section) and are consistent with those at Labenne (Lehane, 1992).

At this site, forty one-way load cycles in tension between 40 and 70% of ultimate capacity, only

resulted in a 3% reduction in static tensile shaft capacity.

7.4.6 Loading of adjacent piles

Sections 7.2.7 and 7.3.4 describe the stress changes on DK2 during the installation and

equalisation of the neighbouring pile DK2b. This Section considers the loading responses of

DK2 and DK2b while the implications for practical pile design are discussed in Section 7.5.

(a)	 DX2

Figure 7.30 displays the load-displacement curves and shear stress-displacement curves for load

tests DK2ILIC and DK2IL2C, conducted before and after the installation of DK2b. The pile

capacities are listed in Table 7.5.

The installation of DK2b produced:

(i)	 A 19% increase in total pile capacity in DK2IL2C.

(ii) A 51% increase in the average shaft resistance and a stiffer loading response. Failure

was ductile. Comparison of the shear stress distributions at peak load showed a uniform

increase along the whole pile length as shown on Figure 7.31.

(iii) A reduction in base load (at peak shaft load) to 57% of the value in DK2/LIC and a

decrease in base stilThess. Pile uplift during installation diminished the "locked in"

residual base load, necessitating a much larger displacement to mobilise the full base

capacity.

The effective stress paths during loading shown in Figure 7.27(b) illustrate that the primary

reason for the rise in shaft capacity was the increase in equalised radial effective stresses, a'.

During loading the response was less dilatant than in the first-time load test, with greater initial

contraction and less dilation during shearing. At the leading,following and trailing instruments

an average overall increase in radial effective stress (iCY'r) of only 3% was measured during

loading, compared to 40% in the first-time load test.'

Ignoring the extremely high dilations measured at the lagging instrument.
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The change in the shape of the loading stress paths result from the change in stress regimes

around DK2. The relatively high stress levels created by the second pile installation may have

repressed dilation effects. In addition, the installation results suggest that the c' stress increases

around DK2 were non-uniform with the measured rise perpendicular to DK2b greater than that

circumferential to DK2b. Pile loading allowed an opportunity for stress redistribution around

the piles. Similar stress redistribution occurred during the equalisation period which saw

reductions in a'1 as shown in Figure 7.15(b) and discussed in Section 7.3.4.

Uplift of DK2 during installation of the neighbouring pile was visible by eye, though the

magnitude was in the order of a few millimetres and could not be measured with sufficient

accuracy using a tape and the pile reaction beam as a reference.' Examination of the base

loading response of DK2IL2C and the residual base load at the end of DK2/LIC (Figure 7.30(a))

suggests the pile underwent an upward movement of about 5mm.

(b) Reloading of DK2

Reload tests were performed on DK2 in tension and compression. The changes in load capacity

have been discussed in Section 7.4.4 and show good agreement with trends from single piles,

i.e. the adjacent pile installation did not appear to have affected the reloading response. It is

interesting to note that the reversals in shearing direction caused large reductions in the

equilibrium a' values acting on the pile shaft, so that after tension test DK2fL3T these reduced

to levels comparable to those existing before the installation of DK2b (see Table 7.6). In

addition, the peak shaft resistance in the subsequent load test, DK2IL4C, was 9% lower than that

of the single pile. Comparison of the peak f, profiles in tests DK2IL1C and DK2/L4C showed

that in the latter, f developed on the lead-follow casing was 24kPa (22%) lower, while elsewhere

the values were practically identical. Again, the reload tests highlight the reductions in radial

stress, and hence shaft capacity, which can result from two-way cycling. In this case, this led

to the eradication of the large gains in a' produced by the neighbouring pile installation.

(c) Loading of DK2b

At the end of the interaction study DK2b was loaded in compression and the results are

compared with those from DK2/L2C in Table 7.5. The load-displacement response on Figure

7.30(a) shows that the peak total capacity was similar to that attained in DK2IL2C but the

The reference beam and displacement transducer system used during load testing was
too susceptible to disturbance to be used the during installation of DK2b. In retrospect,
a precise levelling system to monitor the movement of DK2 would have been beneficial.
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Figure 7.30 DK2 and DK2b loading responses
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Figure 7.31 Peak shear stress distributions in DK2/LIC and DK2/L2C

loading stiffness was slightly higher. The absence of instruments on DK2b meant that the base

loads and shear stress distributions were not measured, but the total pile capacity was similar to

the total load applied during the final installation jack stroke (QTI = 278kN). It may be argued

that the peak capacity of DK2b should have been greater than that of DK2IL2C since the pile

had not undergone uplift and the resulting reduction in base load. Assuming the base resistance

developed was the same as that in DK2ILIC infers Q = l9lkN which is 26% higher than that

in DK2ILIC and 17% lower than that in DK2JL2C. This may result from:

(i) Alteration of the stress states surrounding DK2b during the reload tests on DK2. As

discussed earlier, the radial stresses on DK2 halved during the reload tests and pauses

between reload tests.

(ii) The radial stress increases on the two piles not being purely reciprocal. DK2 existed

as a rigid inclusion in the sand mass during the installation of the second pile and, as

such, may have attracted greater stress rises.

The effective stress changes measured on DK2 during the loading of DK2b were very small,

remaining less than l5kPa.
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7.5 STRESS INTERACTIONS BETWEEN PILES

The foregoing sections have described the results gathered during the installation of an adjacent

pile and the effects on pile capacity. This Section draws together the findings and considers the

practical implications for offshore pile group installation.

The interaction experiments at Dunkirk revealed similar trends to the three previous

investigations described in Section 2.8 by Walker (1964), Cole (1972) and Briaud, Tucker & Ng

(1989):

(i) The installation of a neighbouring pile in sand leads to increases in pile shaft capacity.

(ii) The adjacent installation also causes pile uplift, resulting in a reduction in residual base

load and a corresponding decrease in base stifThess and contribution during load testing.

(iii) The efficiency' of a pile group in sand can be greater than one, though the compensating

gains and losses in shaft and base capacities would not have been apparent in tests on

uninstrumented piles.

The Dunkirk experiments differ from the previous investigations in that local stress

measurements were obtained. These resembled those from laboratory experiments by Nauroy

& Le Tirant (1983) and highlight the very large stresses surrounding the penetrating pile tip.

The measurements revealed that the increase in shaft capacity was due to a doubling in the

magnitude of the equilibrium radial effective stresses, a'.

As discussed in Section 2.8, relatively little research has been directed towards pile interaction

effects in sand and the lack of instrumented pile test data has allowed the potential changes in

stress regimes and pile behaviour to be disregarded. Driven piles in sand are usually thought

of as being predominantly end-bearing, carrying relatively small loads in shaft resistance. The

Dunkirk tests show that the combined effects of pile uplift and radial stress increases during the

installation of a line or ring of piles can profoundly alter pile behaviour causing shaft behaviour

to dominate.

Piles driven into sands of lower density or higher compressibility may cause less sand

displacement and compaction, resulting in smaller increases in shaft resistance and less uplift.

Efficiency = (ultimate load of pile group)/(sum of individual pile loads).
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Similarly, open-ended piles which core during driving displace smaller volumes of soil and

would be expected to create smaller interaction effects.

Onshore developments ofien employ large pile groups containing a "forest" of piles. These

respond differently to small groups, experiencing greater effects of strain superposition during

loading, resulting in behaviour more comparable to a single deep caisson unit. Therefore, the

effects of stress changes during installation will be quite different to those for offshore pile

groups which usually contain a relatively small number of piles.'

The implications from this study are numerous and include the following:

Piles driven through layered deposits may not behave as intended. For example, end-

bearing piles driven through cohesive strata and founded in dense sand or rock may

experience uplift, reducing base capacity. Conversely, piles driven through sand and

founded in clay could achieve higher shaft capacities due to sand compaction.

After installation, the piles in a group will exist in different stress states and respond

differently during loading. This may result in unequal load distributions and settlements

during loading.

Current continuum models for the prediction of interaction effects during group loading

do not account for these installation effects and may not provide accurate predictions of

load redistributions (O'Neill 1983).

Early laboratory investigations involving the installation of a complete pile group as a

single unit (e.g. Fleming, 1958; Hanna, 1963; Vesié, 1974) did not allow for the

observed installation interaction effects and hence did not model the true stress regimes.

In pile testing situations the spacing between anchor piles and test piles should be large

to reduce interaction effects.

It may be possible to enhance the base performance by selective redriving or base

grouting, a technique frequently used on onshore piles.

•	 The experiment has given a further insight into the h/R effect on single piles, confirming

the concentration of high stresses close to the pile tip and supporting the measured stress

decay along the pile length.

Offshore piles are usually installed singly or in groups of four to ten piles arranged in
a ring formation.
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Further research is clearly required to clarii' the remaining uncertainties. In addition, future

investigations should examine the effects of multiple (more than two) pile installations, stress

changes induced in different sands conditions, open-ended pile installations and long-term stress

changes. While no attempt was made to study interaction effects in the cohesive Pentre clay-silt

(due to the very large pile penetrations involved), the stress changes on piles in clays merit

similar investigation.
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CHAPTER 8

FULL-SCALE PILE TESTS AT DUNKIRK

8.1 INTRODIJCTION

The Dunkirk dense sand site adopted for the ICP tests described in Chapter 7, was the location

of an earlier full-scale pile research programme conducted by the French CLAROM consortium,

led by Institut Français du Pétrole (IFP). Four open-ended, 0.324m diameter, 11.7 and 22.4m

long piles, instrumented with strain-gauges and accelerometers, were driven and load tested in

late 1988 and 1989. Five years later in May 1994, when the site was revisited by Imperial

College, two of the full-scale piles were load tested in tension. This revealed surprising long-

term set-up effects, with an 85% increase in shaft capacity over the period between six months

and five years after driving. After testing, three piles were extracted and examined for

corrosion.

This Chapter briefly describes the testing procedures and results from the initial 1989

investigation, including a new interpretation of the original strain-gauge data which were

completely re-analysed by the Author to account for residual stress effects. Full descriptions of

the 1994 testing procedures, methods of interpretation and results are also provided.

The possible causes of long-term set-up of piles in sand are evaluated in relation to previous case

histories, laboratory direct shear tests, pile corrosion and the understanding of pile behaviour

provided from the ICP investigations.

In Chapter 9 the results from this detailed examination of full-scale pile behaviour are carried

forward and analysed in relation to the ICP measurements and soil tests on Dunkirk sand

(described in Chapters 7 and 5). The effects of pile scale, end condition and installation method

are identified and the implications for the design of large-scale, open-ended offshore piles are

evaluated.
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8.2 THE CLAROM RESEARCH PROGRAMME

The CLAROM' programme was initiated in 1987 by a group of French research institutions,

contractors and oil companies to investigate the behaviour of offshore pile foundations. Small-

scale field tests were carried out at the four sites listed in Table 8.1 using strain-gauged, open-

ended, steel pipe piles with diameters of 70mm and lengths of 2.5m. Full-scale piles, 0.324m

in diameter, were installed at a fifth site, 8km West of the Pont a Roseaux small-scale test area,

as shown on Figure 5.20(b).

Site	 Location	 Pile size	 Soil conditions

Bures	 West of Paris	 Small-scale	 Loose, fine Fontainbleau sand

Le Rheu	 W. France	 Small-scale	 Dense, medium sand

Plouasne-Quiou	 W. France	 Small-scale	 Heterogenous, coralline and shelly,
Miocene sand

Dunkirk,	 N. France	 Small-scale	 Medium dense, fine, sand
Pont a Roseaux

Dunkirk, Western Port	 N. France	 Full -scale	 Dense to very dense, medium sand

Table 8.1	 CLAROM pile test sites

A total of 17 small-scale and 4 full-scale piles were driven and tested using similar procedures,

to investigate:

(a) driving behaviour and the effect of hammer weights and drop heights;

(b) the formation of the soil column;

(c) the effect of pile shoes;

(d) the differences between dynamic and static pile test results;

(e) the development of local shear stresses during static loading in tension and compression;

(f) the effect of plug height on static base capacity and driving resistance.

This Thesis only describes the tests on the full-scale piles at Dunkirk (Western Port),

concentrating mainly on aspect (e). A detailed examination of dynamic pile behaviour is beyond

the scope of this Thesis and for further information the reader is directed to the publications

listed in Table 8.2, full details of which are given in the References.

CLAROM = CLub for Research Activities on Offshore ^tructures comprising IFP,
IFREMER, TOTAL, Elf Aquitaine Production, Bouygues Offshore, Solmarine, ETPM,
CEBTP & Bureau Veritas.
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Authors
	

Title

1. Brucy, Meunier & Nauroy Behaviour of a pile plug in sandy soils during and after driving
(1991a)

2 Brucy, Nauroy, Le Tirant
	

Comparison of static and dynamic tests of piles in sand
& Meunier (1991b)

3 Meunier, Brucy, &
	

Driving instrumentation as a means of evaluating pile
Paquet, (1991)
	 performance. Application to four experimental piles in sand

4. Brucy & Meunier (1992a) Pile resistance at a dense sand Site

5. Brucy & Meunier (1992b) Battages et chargéments de pieux tubulaires ouverts a
Dunkerque

Table 8.2	 Dunkirk CLAROM publications

In addition to these publications, the results presented in this Thesis have been drawn from

internal CLAROM reports and strain-gauge spreadsheet data provided by Mme Françoise Brucy

and Jean-François Nauroy of IFP.

8.3 PILE CONFIGURATION AND TESTING PROCEDURES

8.3.1 Pile configuration

Four 0.324m diameter, open-ended, steel, pipe piles were driven into the dense Dunkirk sand

to maximum depths of 11 .6m and 22m. Two of the piles were fitted with internal pile shoes

comprising a 50% thicker wall section along the lower 0.64m of pile shaft. Table 8.3 lists the

pile dimensions while the test locations are located on the Dunkirk site plan of Figure 5.21.

The pile configurations and instrument layout are shown on Figure 8.1. All four piles carried

accelerometers at the pile heads and toes and the I im piles were fitted with 30 Vishay (model

1300) strain-gauges to measure axial loads. The strain-gauges were located at ten levels along

the pile length, 1.2m apart, each level containing three gauges spaced 120° around the pile

circumference. Strain-gauging was performed by the Laboratoire Regional des Ponts et

Chaussées de Saint-Brieuc and the gauges and cables were protected by three steel channel

sections welded onto the outer pile surface.
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8.3.2 Testing programme

The piles were installed in December 1988 and the CLAROM tests were conducted throughout

1989 (Phases '89a and '89b). Note that only the I Im piles, CL and CS, underwent static

loading. The third phase of testing by Imperial College took place in May 1994 and involved

static tension tests on one 1 im pile, CS, and one 22m pile, LS. The strain-gauges on CS were

revived and monitored during loading. In addition, simpler tension tests were performed as three

of the piles were extracted.

The notation used to describe the load tests is explained in Table 8.4. This differs from that

used for the ICP tests, making a greater distinction between testing dates to allow the effects of

ageing to be easily identified.

CSiT89a

CS	 T	 '89a

Pile name	 Test type	 Phase of testing

C: court (short, i.e. urn)	 EOID: end of initial 	 '89a: June 1989
L: long (long, i.e. 22m)	 driving	 '89b: September 1989
S: sabot (shoe)	 RSTK: restrike test	 '94: May 1994
L: lisse (smooth - no shoe)	 T: Static tension test
where the French word is in italics and the 	 C: static compression

English translation is given in brackets. 	 EXT: extraction

Table 8.4	 Notation used for the CLAROM tests

The test dates and pile depths are listed in Table 8.3 while the testing sequence is described

below:

Installation and equalisalion

1.	 The piles were driven using an IHC-S35 hydraulic hammer. During driving, soil plugs

formed inside the piles and their heights were measured continuously. At the end of

installation the plug heights were about half the total embedded pile length. A 5 month

equalisation period was allowed before testing.

Phase '89a

2.	 All four piles were redriven a short distance (70 to 350mm) and the driving records

during these restrike tests were analysed using the Case method (Rausche et al., 1985)
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with signal matching and hammer velocity corrections as described by Brucy & Meunier

(1992a). A second equalisation period of several weeks was allowed.'

3. The lim long piles, CL and CS, were statically loaded in tension followed by

compression (tests T'89a and C'89a).

Phase '89b

4. The soil plugs were drilled out by direct circulation drilling to leave a O.32m high

undisturbed plug at the base of each pile, equivalent to one pile diameter (D) in

thickness. However, some sand subsequently fell out of suspension from the water

inside the piles, fonning a 4D thick uncompacted sand column.

5. All four piles were restruck to the depths shown in Table 8.3. The removal of the soil

plugs resulted in a large reduction in dynamic soil resistance. A third equalisation

period of several weeks was allowed.

6. Piles CL and CS were retested in tension and compression (tests T'89b & C'89b).

A five year ageing period passed.

Phase '94 (Imperial College)

7. Piles CS and LS were load tested in tension in May 1994 (tests CS/T'94 and LS/T'94).

The load tests were carried out in conjunction with a commercial pile testing contractor,

PMC.2 Pile LS did not reach complete failure.

8. Piles CS, CL and LL were extracted in August-September 1994, using hydraulic jacks

and a simple extraction frame. Pull-out loads were measured. Pile LS could not be

extracted. The three extracted piles were examined and logged for damage and

corrosion.

8.3.3 Loading procedures

(a)	 Phases '89a and '89b

The reaction frame for load testing comprised two 7.9m long beams supported at each end on

footings. Loads were applied through a hydraulic jack in increments of-I OOkN in tension and

200kN in compression, with each increment maintained for one hour.

Breakdown of the accelerometers on piles CL and LL meant that dynamic resistances
during driving and restriking were not measured.

2 Precision Monitoring and Control Ltd. of Fulcrum House, Woundales Place, Thirsk,
North Yorks, Y07 4BP, UK, Tel: 01845 537772.
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In accordance with common offshore practice and the interpretations of large-scale tests

described in Chapter 9, failure was interpreted after a pile head displacement of D/I 0, where D

is the pile diameter. In the tension tests this corresponded to the peak load and failure was

ductile in all cases. The compression tests were preceded by tension loading which reduced the

initial base load and stiffness. When the same tension-to-compression loading sequence was

repeated with the closed-ended ICP at Dunkirk in test DK3 (see Chapter 7), a similar load to that

achieved in first-time compression loading was attained after a pile head displacement equal to

the total upward displacement undergone in tension, plus D/l 0. This definition was used to

interpret failure in the CLAROM compression tests.'

(b)	 Phase '94

The IC reaction frame comprised one 12m long beam belonging to PMC, supported at either end

by short I beams bearing on timber footings. The loads were applied by a hydraulic jack,

attached to the pile head by means of Dywidag bars and a cross head system as shown on Figure

8.2. The jack was controlled manually using an air pump.

A load cell was used to record the total load applied to the pile head. This was positioned next

to the jack on a spherical seat to ensure uniform contact. Four 150mm travel electrical

displacement transducers, placed at 90° intervals around the pile, measured pile head

displacement. These were mounted on two 6m long "ladder" reference beams and monitored

the movement of a pile collar, securely clamped around the top of the pile shaft. The

measurements were regularly checked against precise levelling readings and the reference beams

and displacement transducers were shielded from the sun and wind.

Readings of pile head load and displacement were taken on a Campbell Scientific datalogger,

at 3 second intervals during the load increments and at progressively longer intervals during the

holding stages. A second, Schiumberger 3531D "Orion" datalogger with a synchronised clock

was used to monitor the strain-gauges on pile CS.

A maintained-style load testing procedure was adopted similar to that used in the ICP tests and

a modified version of the LPC procedure recommended by Bustamante (1982) (see Section

4.5.3). Piles CS and LS were loaded in increments of -lOOkN and -l5OkN respectively, with

Note that Brucy et al. (199 Ia & b) interpreted failure after half the upward tension
movement, plus D 10.
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FIgure 8.2	 Imperial College test beam set-up
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each load increment held for 30 minutes. As the rate of pile creep increased, indicating

impending failure, the load increments were reduced so that the failure point could be well

defined. Figure 8.3 shows the creep curves from test CS/T'94. Failure was reached in 7 hours

with an average rate of pile head displacement prior to failure of 0.02mm/minute.

Structural failure occurred in the cross head of the loading system during test LS/T'94 at a load

of -700kN. The pile was unloaded so that repairs could be made. The test was repeated two

days later when the pile was taken to the maximum capacity of the reaction frame (-2500kN)

over a 12 hour test period. Pile failure was not achieved but the peak pile load was estimated

by three projection methods described later in Section 8.7.1(b).

8.3.4 Pile extractions

In addition to the well controlled load tests, simpler tension tests were conducted on the

CLAROM piles as they were extracted by hydraulic jacking. The loads required to initiate

movement were measured with a calibrated pressure gauge' connected to the jack system. The

short 2m long reaction beam used in this exercise led to some surcharge-induced increases in

shaft capacities. Simple Boussinesq elastic stress analyses indicated increases of 1 1%2 and

the measured extraction loads were corrected accordingly. Pile LS could not be extracted, even

after the application of a corrected total load of 31 OOkN. Comparison of the corrected load

required to extract pile CL and the failure load deduced from test CS/T'94 showed that the

former was 8% higher. This difference was consistent with the degree of agreement between

the two pile capacities in the previous load tests.

Accurate to loads of ±200kN after possible frictional losses in the hydraulic hoses are
considered.

2 Taking the footings as lm square, located with a 0.lm gap between the footing edge and
the external surface of the pile shaft.
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8.4 STRAIN-GAUGE PERFORMANCE AND INTERPRETATION

8.4.1 Performance

The strains measured by the gauges on the two 1 Im piles, Cs and CL, were converted to axial

loads by multiplying by the Young's Modulus of steel (21 OGPa) and the cross sectional steel

area of the pile. No direct calibrations or exercising were performed prior to installation and

the instrument drifts during pile driving meant that residual loads could not be measured directly.

The gauges were rezeroed prior to each load test, hence only the changes in strain were

measured during loading.

The strain-gauges on pile CS were revived and monitored during test CS/T'94. The survival rate

during the five year ageing period was excellent with 83% of the gauges still functioning as

shown in Table 8.5. The Schlumberger "Orion" datalogger used to monitor the gauges

completed their quarter bridge arrangement through its own internal circuitry. An energisation

voltage of 2.2V was applied, compared to 1OV in the 1989 tests, though this did not appear to

affect the performance of the gauges.

To check that the gauges were still working properly, a simple calibration was performed in test

CS/T'94 by comparing the readings from gauge 10.1, which was at ground level, with the load

cell readings at the pile head. The gauge readings were unusual, rising steadily during the load-

holding stages while the applied forces were held constant to ±lkN. At peak load the

gauge registered a total strain of 470j.tc, one third of which occurred during the load-holding

periods. The mean accumulation of strain during these periods averaged at 0.6i.te/min and did

not vary systematically with load level, being relatively high during the first few load

increments. The other gauges along the pile registered similar strain increases of the same

magnitude.

Direct comparison of the 470p.E reading from Gauge 10.1 and the corresponding load cell

measurement of 720kN suggests a calibration coefficient of I .53kN/. This conflicts with the

theoretical factor of 2.43kN/Mc derived from the pile's cross sectional area and Young's

Modulus, implying strain over-registration and casting further doubt on the anomalous increases

measured during the load-holding periods.
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Test -+	 CL	 CS

Gauge no.	 T'S9a C'89a T'89b C'89b T'89a C'89a T'89b C'89b T'94

Pile head

	

10.1	 E	 E	 E	 E	 E	 E

	

10.2	 E	 E	 E	 E	 E

	

10.3	 E	 E	 E	 E	 E	 E	 E

9.1
9.2
9.3

8.1

	

8.2	 E	 E
8.3

7.1
7.2

	

7.3	 E

	

6.1	 E

	

6.2	 E
6.3

5.1
5.2
5.3

4.1
4.2
4.3

3.1
3.2

	

3.3	 E

2.1

	

2.2	 E	 E
2.3

	

1.1	 E	 E	 E	 E	 E

	

1.2	 E	 F
1.3

Pile toe

Note: E = eliminated signal due to gauge breakdown or anomalous readings

Table 8.5	 Strain-gauge surviva! on piles CL and CS

There are two possible explanations for the anomalous behaviour:

(i)	 Gradual disintegration of the glue bonding the gauges to the pile surface: This might

have been expected given the five year period between strain-gauge installation and

testing. However, creep of the glue would have been expected to reduce the measured

strains, whereas the opposite effect was seen. The simultaneous and similar magnitude
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creep of all 25 working gauges would also have been improbable, making this

explanation unlikely.

(ii)	 Drtft in the earth voltage: The supply voltage changed by 6% during the 6 hours taken

to reach peak load. This was due to floating earth voltages as discussed in Section

4.4.3. The variations in supply voltage were in sympathy with the strain-gauge

fluctuations suggesting that this was the most probable cause for the discrepancies.

The anomalous measurements were removed by editing out all of the readings taken during the

load-holding stages, i.e. only the measurements taken during the loading stages were used. Each

loading stage lasted = 3 minutes and any earth drift effects over this time would have been

insignificant. The edited peak strain from Gauge 10.1 was 310p.c providing a calibration

coefficient of 2.32kN/J.LE which is in much better agreement with the theoretical factor,

particularly when the possible effects of bending at the pile head are considered.' The 1989 load

test data showed very minor changes in axial loads during the load-holding periods at other point

along the pile shaft, causing negligible changes to calculated shear stresses.

At a total load of 720kN (96% of peak pile head load) large fluctuations in the earth voltage

occurred and beyond this point the strain-gauge readings were unreliable. However, for practical

purposes, the axial force distribution developed at 720kN may be regarded as the same as that

at peak load.

8.4.2 Determination of residual loads

The initial drifts in strain-gauge readings during driving in 1989 meant that the residual pile

loads at the end of installation could not be measured directly. As mentioned earlier, the gauges

were rezeroed prior to each load test so that only the changes in strain due to loading were

measured. Brucy et al. (1991a & b) evaluated the residual loads using Briaud & Tucker's

(1984) "Method 3" which assumes (i) the peak apparent base load in tension equals the residual

load after driving and (ii) a linear residual load distribution along the pile (see Section 2.3.2).

Briaud & Tucker showed that the assumptions implicit in this method, and its dependence on

accurate strain-gauge readings at the pile toe, can lead to errors in the shear stress distributions.

Where possible, they recommended the use of the Hunter & Davisson (1969) method in

preference. This assumes that on unloading after a tension test, the pile contains negligible

The theoretical value was used for data reduction.
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residual loads and the apparent strain-gauge readings at this point are equivalent to the residual

loads prior to testing.

The 1989 strain-gauge readings were supplied by IFP in spreadsheet format and the Author re-

analysed the residual stresses using the Hunter & Davisson method, producing more consistent

shear stress distributions. As described in the previous Section, the unloading data from test

CS/T'94 was unreliable and could not be used. Therefore, in this case, Briaud & Tucker's

"Method 3" was used to estimate the residual loads prior to testing. These are compared with

those evaluated after driving and after compression loading in Figure 8.4(a). With one exception

(CS/C'89a'), good agreement is observed with similar forces of between 150 to 250kN

maintained at the pile toe, suggesting that no major alterations in residual shear stresses occurred

between 1989 and 1994.

8.4.3 Interpretation of loading results

The three strain-gauge readings at each level were averaged to give one axial load measurement.

Comparisons between gauges mounted at the same level indicate possible axial load errors of

up to ±5OkN due to pile bending and strain-gauge drift.

The peak axial load distributions were smoothed to reduce the scatter in readings by disregarding

any clearly anomalous readings2 and checking that the interpolated measurements from adjacent

levels were reasonably consistent. 3 These axial loads were then used to calculate the average

shear stress developed between gauge levels. The lowest set of strain-gauges (Level I) was

located 0.3m from the pile toe and this length next to the pile tip is usually the region of highest

shear stress. In order to estimate the true load at the pile base (designated "Level 0") a constant

shear stress distribution, equal in magnitude to that between Levels I and 2, was assumed below

Level I.

The low residual base loads in after this test probably resulted from the retention of high
positive internal shear stresses in the soil plug after unloading.

2 Usually only those from Level 10 which were often erroneous due to pile bending
effects at the ground surface.

Smoothing the axial load readings provides more consistent esults than smoothing the
shear stress profiles, ensuring that the sum of the shear stresses over the pile length
equals the total shaft load.
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Figure 8.4	 Residual stresses on the urn piles
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Figure 8.5	 Stresses acting on open-ended piles

Note that in compression the calculated shear stresses combine the internal shear stresses

mobilised by the soil plug. t,,,. ith those acting on the external pile surface, ;. as

illustrated on Figure 8.5. Average shaft resistance (f) is ealuated by comparing the load

measured at the pile head with that at the pile toe and also includes the plug contribution. This

differs from the usual interpretation of pile beha jour which takes the plug load as a component

of base capacit) since the internal shear stresses can onl be mob ilised after some pile toe

displacement (see Section 2.6). No significant internal shear stresses develop during tension

loading.

8.5 DSTALLAT1ON RESULTS

Figure 8.6 shows the blocounts and dynamic resistances recorded during the installation of pile

LS. These imitate the CPT q profil& with increases at 11 m and I 7m. showing the strong effect

of sand density on installation resistance, similar to that exhibited in the ICP experiments. Tab'e

8.6 lists the evaluated d) namic loads at the end of initial dri ing (EOID). When divided by the

Figure 8.6(b) shovbs the q profile from the CLAROM CPT test P1 v.hich vas 8m from
pile LS.
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Figure 8.6	 Driving blowcounts and dynamic resistances for LS
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R.ight of the soil celuan (a)

Figure 8.7	 Soil plug heights during driving

base area of the pile annulus and instrument channels, the corrected point loads,' RP,, were in

good agreement with q.

Figure 8.6(a) plots the incremental filling ratio 2 for pile LS and Figure 8.7 shows the cumulative

filling curves for all four piles. Behaviour was similar, with no significant differences due to

the pile shoes. Full coring took place over the initial I .5m of pile driving (corresponding to

4.6D) with the height of the soil plug equal to the embedded pile length. Partial plugging

occurred beyond this point leading to final plug heights which were around half the pile length,

corresponding to an average filling ratio3 of 55%.

Corrections were applied for the effects of hammer impact velocity (Meunier et al.
1991).

2 y	 dH/dL (see Section 2.6.2).

Filling ratio =	 where H.p, is the final plug height and L is the embedded pile length.
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8.6 DYNAMIC RESTRIKE RESULTS

Figure 8.8 shows the dynamic resistance forces during the two restrike tests for piles CS and LS

and the results are tabulated in Table 8.6. Both piles displayed high resistances during the first

few blows of the first test, RSTKI, which exceeded the EOID values by around 50%. Meunier

& et al. (1991) hypothesised that this was due to positive set-up effects over the five month

equalisation period and this is supported by the medium and long-term increases in shaft capacit

measured in the static tension load tests described in the next Section. Dynamic resistances

reduced by 25% over the first 40mm penetration, suggesting a reduction in base resistance due

to a partial breakdown of the arching stresses in the pile plug.'

After the soil plug had been cored do'vn to one pile diameter of the pile base, dynamic

resistances reduced by 50% when compared to the peak resistances in RSTKI and there was

little variation with penetration. As described in the next Section, this reduction was no!

matched by a decrease in static pile resistance; both I Im piles registered increases in tensile

shaft capacities and compressive base loads after the removal of the soil plug. During both static

load tests, the top surface of the soil plug moved in unison with the pile, indicating full

plugging.

Brucy & Meunier (1992a) emphasised the different roles played by the soil plug under static and

dynamic loading, with full plugging taking place in the former and partial plugging under

driving. The stress distributions along the pile and in the surrounding soil mass also differ

during the to types of loading. The conflicting trends caution against the over-reliance on

dynamic test data to determine static pile resistance.

The residual shear stresses after installation, equalisation and restriking were evaluated from the

load test data as described in Section 8.4.2. Figures 8.4(a) and (b) show the profiles for piles

CS and CL respectively.

Note that the alues quoted in Table 8.6 are the initial maxima 'which differ from the
mean values quoted b Brucy & Meunier (1992a).
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Stage Pile test Initial	 Time	 Q	 Qb	 P	 q	 q1qC	 N	 dpm
toe	 after	 (kN) (kN) (kPa)	 (MPa)	 (mm)

depth driving
_____ _________ (m) (months) _____ _____ _____ 	 _____	 _____ ______

1	 CSIEOJD	 11.1	 0	 833	 600	 22	 0.28 7.08 0.27	 51	 NM

2	 CS/RSTK1 11.1	 5	 1230 NM	 -	 -	 -	 -	 -	 NM

3a	 CSIT'89a	 11.3	 6	 -395	 -	 -33 -0.41	 -	 -	 -	 -12

3b CS/C'89a	 11.3	 6	 1200	 577	 55	 0.69 6.80 0.26	 48	 90

5 CS!RSTK2 11.3	 8	 569	 NM	 -	 -	 -	 -	 -

6a	 CS/T'89b	 11.6	 9	 -435	 -	 -36 -0.44	 -	 -	 -	 -12

6b CS/C'89b	 11.6	 9	 1199	 664	 47	 0.58	 7.83	 0.30	 54	 82

7	 CS/T'94	 11.6	 65	 -750	 -	 -62 -0.77	 -	 -	 -	 -9.5

8 CS/EXD	 11.6	 68	 NM	 -	 -	 -	 NM

3a	 CL/T'89a	 11.3	 6	 -458	 -	 -39 -0.48	 -	 -	 -	 .20

3b	 CLIC'89a,	 11.3	 6	 1199	 507	 61	 0.77	 5.98	 0.23	 42	 68

6a	 CL/T'89b	 11.6	 9	 -548	 -	 -45 -0.56	 -	 -	 -	 -20

6b	 CL/C'89b	 11.6	 9	 1200	 524	 58	 0.72	 6.18	 0.24	 43	 71

8	 CL/EXT	 11.6	 68	 -810	 -	 -67 -0.83	 -	 -	 NM

I	 LSIEOID	 22.0	 0	 2120	 840	 58	 0.43 0.84 0.02	 3.4	 NM

2 LS/RSTKI 22.0	 5	 3400 NM	 -	 -	 -	 -	 -	 NM

3a	 LSIT'89a5	22.0	 6	 -1730	 -	 -76	 0.56	 -	 -	 -	 -

5 LS/RSTK2 22.0	 8	 1700 NM	 -	 -	 -	 -	 -	 NM

7	 LSIT'946	22.0	 65	 -3200	 -	 -142 -1.04	 -	 -	 -	 =25

8	 LS/EXT	 22.1	 68	 -3100	 -	 -	 -	 NM

8	 LLIEXT	 22.0	 68	 -3100	 -	 -137 1.01	 -	 -	 NM

-	 DK3ILIT'	 7.4	 14.7	 -186	 -	 -80 -1.40	 -	 -	 -	 -7.0
hours

Notes
NM	 Not measured.

1. , peak average shaft resistance taking into account pile self weight (I4kN for I Im piles)
2.
3. c calculated using the entire cross-sectional area of the pile including the channel sections.
4. Extraction loads have been corrected for reaction surcharge effects (see Section 8.3.4).
5. Estimated shaft capacity in 1989 assuming that this increased by the same amount as that on pile

CS (i.e. 85%) during the five year ageing period.
6. Estimated peak load (see Table 8.7).
7. Pile LS could not be extracted under this load.
8. Test DK3/L1 T: first-time ICP tension test (see Chapter 7).

Table 8.6	 CLAROM load test results
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Figure 8.8	 Dynamic resistances during restriking

(a) Soil plug intact (RSTKI)

(b) Soil plug removed (RSTK2)
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8.7 STATIC LOAD TEST RESuLTS

The results from the static load tests and extraction tests are listed in Table 8.6 with the driving

and dynamic restrike data. The results from the first-time ICP tension test, DK3ILIT, are also

included for comparison. Brucy et al. (199 Ia) showed that there was no difference in behaviour

due to the presence of the pile shoe and this was confirmed in the present review and re-

interpretation of the original data.

8.7.1 Load-displacement response

(a)	 urn piles

Figure 8.9 shows the load-displacement curves for the piles CS and CL. The response in tension

shows:

(i) Normalised average shaft resistances (13 = i a',) rose slightly on both piles between

tests '89a and '89b, conducted six and nine months after installation.

(ii) Five years later, a dramatic increase of 85% and 72% was measured in test CS/T'94

compared to tests CS/T'89a and CSIT'89b, respectively. This surprising increase was

confirmed by the high load required to extract CL.

(iii) In all cases failure occurred in a ductile manner.

(iv) The normalised average shaft resistances developed in the first-time tension tests were

=30% of that developed by the closed-ended JCP.

Point (i) indicates a small positive medium-term gain in shaft capacity, but the very large long-

term set-up during the five year ageing period (ii) was unexpected. The rise in shaft capacity

over the initial five month equalisation period measured in the dynamic tests and the similar

short-term gains observed in the ICP tests at Dunkirk appear to have continued over a much

longer timescale. The changes in shear stress distributions during the static load tests are

examined in Section 8.7.2 and the possible causes of the set-up effect are discussed in Section

8.9.

The differences in open and closed-ended shaft capacities are emphasised in (iv), though some

of this is due to variations in sand density with depth. The effects of pile end condition are

examined further in Section 9.3.
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The load-displacement response of test CS/T'94 may be examined in greater detail in Figure

8.10. Failure occurred at 750kN after 9.5mm pile head displacement. Post-peak, the load was

maintained while the pile underwent a further 3mm displacement at a constant rate of

0.O3mmlminute. Controlled unloading to 600kN (80% of peak load) and reloading was carried

out. Increasing the rate of displacement by a factor of 50 to 1.55mm/minute, increased the shaft

capacity by 3% to 770kN.

Figure 8.9 shows that ultimate conditions were not achieved in the compression load tests after

70 to 100mm displacement (0.26D), with the both the shaft and base resistances continuing to

increase with displacement. The upward movement in the previous tension tests resulted in a

much softer base stiffness than that expected from first-time compression loading. The piles

were loaded to l200kN, the maximum capacity of the CLAROM loading frame, by which point

50% of the total pile load was carried by the base. Failure is assumed at this displacement

(= 80mm) which approximates to the upward displacement undergone in tension plus D/l 0 (see

Section 8.3.3). Higher base loads may have been possible with further pile movement.

Contrasting with the medium-term increases in tension capacities, the compression tests

displayed reductions in shaft resistance betveen tests C'89a and C'89b, of 5% and 5% for CL

and CS respectively. The results suggest that a significant proportion of the shaft resistance in

test C'89a was derived from internal shear stresses along the pile plug and this is supported in

the examination of local shear stress measurements described in the next Section. With the pile

plug intact the shaft resistance in tension was 38% lower than that in compression, but after

plug coring this difference reduced to 22%. The latter contrasts with the findings in the ICP

tests at Dunkirk where the same loading sequence of first-time tension followed by compression

loading, resulted in a 25% reduction in shaft capacity, i.e. the mobilised shaft resistance in

compression was less than that in tension (Section 7.4.4). This suggests that elastic "Poisson"-

related changes in pile shape have greater significance for flexible open-ended piles.

(b)	 22m piles

Test LS/T'94 was taken in tension to 2500kN, the full capacity of the PMC loading frame,

without pile failure being achieved. As shown in Figure 8.11, the maximum pile head

displacement was 16mm (=D/20) and the final creep rate was less than 0.01mm/minute. The

peak load was tentatively evaluated at 3.2MN using the three independent approaches

described in Table 8.7. Pile LL was extracted at 3.IMN.
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Method	 Estimated
ultimate load
()

Comparison of the fmal creep rate with those recorded in test 	 -3.2
CS/T'94 indicated that LS was loaded to = 79% of its peak load.

Chin's (1970) hyperbolic load-displacement analysis suggested a 	 -3.8
peak load of =-3.8MN. However, the piles did not behave in a 	 (-3.1 after
perfectly hyperbolic manner. In a check against test CS/T'94 the 	 23%
method overpredicted shaft capacity by 23%.	 correction)

Pile LL (having the same dimensions as LS but without the pile 	 -3.2
shoe) was extracted under a corrected tensile force of -3.IMN.
LS could not be extracted at this load.

Table 8.7	 Evaluation of the ultimate load in test LS/T'94

8.7.2 Shear stresses

(a)	 At peak loads

Figure 8.12 shows the strain-gauge measurements of axial load development in test CS/T'94.

The axial load' and shear stress profiles at peak load for all tests on piles CS and CL are

displayed in Figures 8.13 and 8.14, where solid symbols denote measurements with the pile plug

intact and open symbols are used after the plug has been cored down to one diameter of the pile

base. Inverted triangles and a bold profile distinguish the 1994 test.

In tension, good agreement is observed between the shear stress profiles in tests T'89a and

T'89b for both piles, inferring no changes in tension loading behaviour due to the removal of

the soil plug. Shear stresses were relatively constant at around 4OkPa, reducing slightly due to

the organic layer at 8m and increasing close to the pile tip, echoing the influences of sand

density and height above the pile tip (hfR) identified in the closed-ended ICP tests.

Figure 8.14(a) shows that the higher in capacity in tension test CS/T'94 arose from a =25kPa

increase in shear stress along the lower section of pile, below = 4m.

Unsmoothed profiles - see Section 8.4.3.
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Figure 8.12 CS!T'94 development of axial loads with displacement

In compression, the tests on pile CS on Figure 8.14(a) indicate a 50% reduction in shear stress

along the lower 3 .3m of the pile due to the removal of the plug. As stated earlier, the strain-

gauge measurements combine the effects of internal and external shear stresses, hence the

reduction can be attributed to the elimination of internal shear stresses developed by the soil

plug, t,. These appear to be similar in magnitude to those measured on the external pile wall

in test CS/C'89b and in the tension tests, corresponding to an internal plug load, Q I 24kN or

10% of total pile capacity. The internal shear stresses account for the majority of the 15%



1000 1500

-1000	 -500
0

2

4

0.
C,
0

8

10

12

Axial load (kN)
0	 500 15001000

428

-1000	 -500

0

2

4

6
0.

8

10

12

Axial load (kN)
0	 500

Unsmoothed axial load distrubutions, corrected for residual stress effects.

FIgure 8.13 Peak axial load distributions



Shear stress (kPa)
	 429

-150	 -100	 -50	 0	 50
	

100	 150
0-

2

4

.	 6
*1

C,

0

8

10

12

1(a) P1IeCS II • V89a
C'89a1	 ii

I	 .	 ,.nrsi..i	 1L..
- 1 0	 IOO -------

C'89b	 :fl.	 I

y T94	 I

iIIIIIITIIIIELI	

1111 IIiIIIIIIIIILIIIIIII

-150
0	

I

(b) Pile CL
•	 T'89a	 I

• C89a	 /1
T89b ------------------u"---------------c C'89b

EL-1'	 IIIIEIIII7III7LIIIIIIII

--	 ------

Shear stress (kPa)
-100	 -50	 0	 50	 100	 150

Figure 8.14 Peak shear stress distributions



430
200

i	 150
a-

"-f' 100
U)
U)

•;;	 50
I-

a,
-Cu	 0

50

200

a-
 150

'-•' 100
U,
U)

to	 50
I-
CD
a,

U'	 0
C)
0)

a,	 -50

-100

Soil column Soil column
intact	 partly cored

Tests '89a	 Tests '89b

1T
o	 8	 0

o	 7	 0

o	 6	 0

^-4

Ti"T
I	 I	 I	 COMPRESSION

TENSION

"-t--i-----h--t--

Pile test
• CSIT89a
• CS/C'89a

- -6- - CSIT89b
- -e- - CS/C'89b

• CL/T'89a
• CLJC'89a

I - - CL/189b
- -e- - CLIC89b

-loor	 I'Tr—,--i,-pi	 1	 I

-80 -60 -40 -20 0 20 40 60 80 100 120
Pile head displacement (mm)

T"iH	 ir"

F	

I	 I	 I
I	 I	 I
I	 I	 I	 I

.A___i. -------
I	 I

I	 I	 I	 I
I	 I	 I	 I	 I

-80 -60 -40 -20 0 20 40 60 80 100 120
Pile head displacement (mm)

200

150
a-

"-• 100
(I,
U)

ii,	 50
CD

-C
U)	 0
0)	 I-	 - I	 I	 I	 I

	

-	 I	 I	 I	 I	 I
-50 —_-L_L__1

w	 .	 I	 I	 I	 I	 I

I	 I	 I
I	 I	 I	 I	 I

_100I	
I	 I

_________	 I
-80 -60 -40 -20 0 20 40 60 80 100 120

Pile head displacement (mm)

I	 I

Loose
2	 n-sand

/
/

\ /
Undisturbed

soil plug

Figure 8.15 Mobilisation of shear stresses near the pile base



431

reduction in shaft capacity between the two compression tests. The changes are less apparent

for pile CL but the reduction in shaft capacity was much lower at only 5%.

(b)	 Mobilisation of shear stresses during loading

Figure 8.15 shows how the local shear stresses were mobilised with pile head displacement.

Three plots are displayed for the shaft lengths near the pile base. We note:

(i) In tension, all three plots show that peak shear stresses were mobilised by very small

displacements and remained relatively constant post-peak. There were no apparent

changes after removal of the soil plug.

(ii) In compression, between Levels 1 & 2, plug intact: The solid symbols in Figure 8.15(a)

show the development of shear stresses close to the pile toe in the first-time compression

tests (C'89a). These initially rose sharply to 35kPa, where they remained constant for

30mm displacement. Thereafter they increased steadily with pile displacement, finally

reaching values twice those attained in tension. The clear two-stage development of

shear stresses comprises an initial mobilisation of t0,,, followed by the development of

after the pile base had regained contact with the soil beneath the toe.

(iii) In compression, between Levels 1 & 2, plug removed: Only the initial stage of ;,,

development was exhibited in test CS/C'89b with peak shear stress remaining constant

at around 5OkPa. CL/C'89b displayed unusual behaviour indicating anomalously high

shear stresses which may have been the result of instrument drift.

(iv) In compression, between Levels 2 & 3 and 3 & 4: Lower shear stresses were mobilised

remote from the pile toe and the stresses fell further when the plug was removed. The

measurements did not display the clear two-stage t0 and t development exhibited

in (ii).

The mobilisation characteristics indicate that external shear stresses develop rapidly after small

pile displacements, whereas internal shear stresses develop slowly and only after the plug has

regained contact with the ground beneath the toe. The progressive mobilisation of plug

resistance postulated by Hight et al. (1996) is supported.

8.7.3 End-bearing

The compression load tests were preceded by tension loading, hence the residual base load and

initial base stiffness were lower than that anticipated for first-time loading. Figure 8.16 shows

the mobilisation of base load. After an initial movement of 20-30mm during which the base
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load remained low, the toe regained good contact with the soil beneath, and load loads began

to rise. Further large increases appeared possible if pile displacement had been continued.

The tests showed no reduction in base load due to the removal of the pile plug, infact base

resistance increased in the second test when the undisturbed plug length was only one pile

diameter. In both compression tests the upper surface of the plug moved in unison with the pile,

suggesting full plugging.

The end bearing loads at Level 0 were extrapolated from the strain-gauge readings at Levels 1

and 2, assuming the same average shear stress along the deepest 0.3m portion of the pile shaft

(see Section 8.4.3). At peak load in test CS/C'89a this corresponded to a shear stress, f

=1 l2kPa and a shaft load contribution of 34kN, or 6% of the peak base load. However, this

assumption does not take account of (i) the power law relationship between external shear stress,

and the distance from the pile tip, h/R, indicated by the ICP tests or (ii) the high

concentration of internal shear stresses, ;,,,., along this length next to the pile toe (Section

2.6.4). Therefore, the extrapolated base loads are not fully reliable and may be overestimates.

The peak base loads achieved on the 1 im piles in first-time compression represent half the (otal

pile capacity and, evaluating base resistance over the full base area of the pile and plug, give qb

=6.80 and 5.98MPa in tests CS/C'89a and CL/C'89a respectively. This corresponds to =25%

of q, (=26MPa) and bearing capacity factors, N q =48 and 42.

Evaluating base resistance over the annular steel base area gives values of q,1 (where the

subscript "a" denotes annular area) 20% higher than q. This indicates that the calculation of

base resistance assuming q=q, would lead to a 20% underprediction of base capacity.

The similar scales of the pile wall and the CPT suggests that can be considered as a

reasonable approximation for the base resistance beneath the pile annulus. This infers a

"surplus" base load in CSIC'89a of 96kN, corresponding to an average shear stress along the

lower O.3m of 31 6kPa, nearly three times greater than that between Levels I and 2. This very

high shear stress supports the arguments for full plugging, with sand dilation within the soil plug

allowing it to "lock up", developing large shear stresses against the pile wall and enabling the

formation of a vertical soil arch which is able to resist the further influx of soil, Significant base

resistance can then develop across the soil plug as illustrated on Figure 8.17.
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8.8 PILE EXTRACTION AND CORROSION STUDY

The loads required to extract the piles are tabulated in Table 8.6 and generally corroborate the

peak loads measured in the 1994 static load tests.

8.8.1 Pile examination

After extraction the piles were examined and logged for corrosion and the findings are given in

Figure 8.18. No deformation was apparent at any of the pile toes. Some of the instrument

channel covers on Pile LL appeared to have been dislodged during driving, explaining the

malfunctioning accelerometers on this pile.

Obvious corrosion had taken place along the upper 7m of the piles with the rust product

combining with dissolved carbonates to produce a strongly adhering sand-rust-carbonate layer,

up to 5mm thick as shown on Figure 8.19(a). However, below this point only slight corrosion

was found on the short piles and this was mainly confined to the instrument channels (Figure

8.19(b)). Pile LL suffered moderate corrosion between 7m and 1 4m and slight corrosion below

this level. A uniform thin layer of black iron oxide was found on the pile surface but this was

most probably millscale, formed during pile fabrication as the hot steel surface was exposed to

air, rather than the result of in situ corrosion.

8.8.2 Corrosion of buried piles

(a) Introduction

The clear corrosion along the upper part of the piles initially appeared to provide a rational

explanation for the large positive set-up in shaft capacity over the five year ageing period.

Samples were cut from the piles and returned to the laboratory for further studies and a

corrosion expert from Imperial College's Earth Resources Department was consulted. The

results from these studies are documented and the following Section quantifies the possible

effects of pile corrosion on shaft capacity.

(b) Possible mechanisms for corrosion-induced pile set-up

Increases in peak local shear stress could have occurred through a combination of the following

two factors related to corrosion:



435

(i) Bonding of the sand particles to the pile surface could have forced the principal

displacement shear band out into the sand mass. This would have led to peak local

friction angles close to 4, stronger dilation during shearing (see Section 5.3.7) and a

small increase in the effective pile surface area.

(ii) The creation of the insoluble ferric oxide rust product could have led to volume

increases and a consequent rise in radial stress, a'.

(c)	 Corrosion chemistry

Corrosion occurs as a result of an electrochemical reaction between two adjoining areas of metal

with different electropotentials. Steel naturally contains impurities and variations in

microstructure due to different grain orientations and this causes small local potential differences.

Anodic and cathodic areas are created and a small electrical current passes between them

allowing the corrosion process to take place. Oxygen and an electrolyte such as water are

required.

Anode:	 Fe -+ Fe2 + 2e

Cathode:	 02 + 2H20 + 4e -^ 40ff

Overall:	 2Fe + 2H20 + 02 - 2Fe2 + 40W -* 2Fe(OH)2

The ferrous hydroxide product is unstable and oxidises to rust in oxygenated solutions:

2Fe(OH)2 + H20 + V202 - 2Fe(OH)3

Galvanic coupling between two different types of metal causes stronger reactions, as do acidic

conditions, high temperatures, high stresses, agitated electrolytes, and stray currents such as those

from railways. Intense corrosion can also occur in crevices a few tens of microns wide due to

the stagnation of the solution, e.g. where pieces of metal overlap, around millscale and beneath

sand grains (Fontana & Green, 1978).

Weak carbonic acid is naturally present in rainwater and this can react with calcium carbonates

in the soil to form highly soluble calcium bicarbonate. The reaction is reversible, allowing

calcium carbonate to precipitate out of solution at other locations and form layers of mixed rust

and lime (sometimes known as "chalky rust") which protects the steel from further corrosion

(Knöfel, 1975).

CaCO3 + H2CO3 i Ca(l-1CO3)2
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LL
	

CS	 CL
0
	 —

1
Type A: 3mm thick layer of medium
dense, coarse, yellow-brown 	 over a
layer (up to 5mm thick) of very strongly
adhering, yellow-brown and white -
becoming rust-orange, sand, carbonate.
shell and rust over heavily corroded steel.

Type B: D3mm thick layer of yellow-
brown becoming rust orange, very
strongly adhering, coarse sand, carbonate.
shell and rust over black iron-oxide
miliscale and steel.

Type C: Light dusting of loose, fine,
yellow-brown and in some areas a
thin layer of medium dense, light-brown
sand over black iron-oxide millscale and
slightly rusty steel.

Type D: Orange-brown. moderately rusty
channel sections with sand grains firmly
bonded in the rust spots. Between the
channels a 1mm thick layer of
moderately adhering, medium, brown sand
and intermittent patches and spots of

Type E: Layer (2-5mm thick) of firmly
adhering yellow-brown, coarse sand and

fls becoming very fine close to the pile

surface, over black iron-oxide millscale
and slightly rusting

Type F: Light dusting of loosely
adhering, brown, medium
Intermittent hard, black iron-oxide
millscale over very slightly rusting çj
(mainly confined to the in5trument
channels).

Type D2: Light brown, moderately
adhering	 over orange brown and
dark red, very rusty i with individual
rust-orange and dark-red sand grains
bonded in rust spots.

Figure 818 DescTiption of corrosion on the exhumed piles
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In areas of limited oxygen, aerobic corrosion can only take place until the supply is exhausted

and after this point, only anaerobic corrosion can occur in the presence of sulphate reducing

bacteria. These have been found in a wide variety of soil conditions, though UK and American

studies have found insignificant corrosion damage to steel piles in locations where such bacteria

were known to exist (BS8004, 1986). The researchers' postulate that this may have been due

to chemical inhibitors in the soil such as tannates and phosphates, or the physical soil

densification caused by pile driving.

The reactions described above account for the following features observed on the CLAROM

piles:

(i) Most corrosion took place along the upper 7m of the piles, in the partially saturated

region above the water table and in the oxygenated zone immediately beneath the water

table at 4m.

(ii) Carbonitic cementing also occurred, forming a thick sand-rust-carbonate layer.

(iii) At greater depths, the rust was concentrated around the channels sections where there

was galvanic coupling between the two types of steel.

(iv) Near the pile toe the oxygen supply was low, only allowing crevice corrosion which

created small spots of rust beneath individual sand grains.

(v) There was no evidence of anaerobic corrosion.

(d)	 Onshore and offshore experiences

Onshore studies have shown that corrosion is more prevalent in fill materials or loose disturbed

soil which is aerated and more likely to contain contaminants. In natural, undisturbed soils the

risk of corrosion on driven piles is low as the oxygen supply is limited and the pH is generally

neutral. Recent investigations on steel piles extracted from natural soils (BS8004, 19862)

revealed negligible corrosion implying steel losses of between 0.01 and 0.02mm/year.

Offshore, more attention is directed towards corrosion along the free pile length immersed in

seawater and in the intertidal zone at the sea surface, rather that beneath the seabed where

oxygen levels are low. The depth of seabed oxygen penetration was investigated by Revsbech

et al. (1980) in the coastal waters of Denmark using oxygen microelectrodes, revealing an oxic

Listed in Part (d).

2 Romanoff, 1962; Shreir, 1976; Morley, 1978; Beckwith, 1979; Eadie, 1979; Eadie &
Kinson, 1980 and Morley & Bruce, 1983.
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layer of less than 6mm. Oxygen was only found at larger depths where animal burrows were

also present. However, the authors suggest that the oxic layer may be up to im thick in some

deep-sea sediments. The findings indicate a very low rate of aerobic corrosion beneath the

North Sea, probably not exceeding that in undisturbed onshore deposits and having little effect

on pile capacity, unless the presence of sulphate reducing bacteria allows anaerobic corrosion

to occur.

8.9 CAUSES OF PILE SET-UP IN SANDS

Although it is well known that the capacities of piles in clay can change with time due to pore

pressure dissipation and soil consolidation, in free-draining granular soils, complete pore pressure

dissipation is expected within a day after driving and pile capacity is not expected to vary with

time thereafter. The results from the 1994 load tests on the CLAROM piles clearly contradict

these assumptions, with an 85% increase in shaft capacity measured over 5 years. This Section

investigates the possible mechanisms responsible, with a detailed examination of evidence from

case histories, ageing tests in laboratory interface shear experiments and the understanding of

pile behaviour developed from the JCP tests at Dunkirk.

8.9.1 Comparison with previous studies

A thorough review of the published literature and international enquiries within the geotechnical

community uncovered the case histories of pile set up and relaxation described in Section 2.7.

These included eleven sources of medium and long-term pile set-up in cohesionless materials.

Details of these are provided in Table 8.8 and Figures 8.20 and 8.21 compare these trends with

those measured at Dunkirk. The first graph shows the change in total capacity with time and

involves combined shaft and base resistances. The Dunkirk points were derived from the 1989

restrike and compressive load tests and the 1994 tension capacities, plus estimated base

resistances.' Figure 8.21 shows the more limited data set covering shaft resistance alone. The

high degree of scatter arises from the following:

(i)	 Differences exist in the definition of initial total capacity, Q,.0. Tavenas & Audy (1972),

Astedt et al. (1992) and Bullock & Schmertrnann (1995) assessed Q from tests

conducted 6 to 48 hours after driving. In the remaining cases, Q was measured at the

Assuming these would have been the same as in C'89b.
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end of initial driving (BOlD): short-term pore pressure effects may play different roles

in these instances.

(ii) Although not strictly comparable, both dynamic and static load tests have been included.

(iii) The tests were interpreted using different static loading failure criteria.

(iv) The data plotted in Figure 8.20 from Bullock & Schmertmann (1995) and Tomlinson

(1996) are for shaft resistance alone.

(v) Shaft capacities from tension and compression tests are plotted in Figure 8.21. The

CLAROM capacities in tension were 25% lower than compression at Dunkirk.

(vi) The majority of Tomlinson's data was estimated from compression load tests where

shaft capacities were separated from base loads using Chin's (1970) graphical method

of analysis.

The case histories indicate that base resistance gains are relatively small. However, shaft

capacity increases by around 50% (±25%) per log cycle of time in the medium to long-term.

The trends from the Dunkirk tests prove that the process does not halt after 20 days as suggested

earlier by Tavenas & Audy (1972).

8.9.2 Basic mechanisms

The possible causes of pile set-up in sand may be examined using the framework for pile

behaviour developed from Lehane's (1992) research at Labenne and confirmed by the tests at

Dunkirk described in Chapter 7. The local shear stress acting on the pile shaft at failure, r, is

expressed using the Coulomb failure criterion:

tf = (a'+ M'r) tan ö1

where a',, is the radial effective stress on the pile shaft after installation and equalisation, .a',

is the increase during pile loading (due principally to dilation) and tan ö is the interface angle

of friction at failure (see Section 2.2.5).

Three possible reasons for the 85% increase in shaft capacity measured at Dunkirk include:

(a) chemical effects or corrosion;

(b) the effects of age on sand properties

(c) changes in the stress regimes around the piles.

The changes in pile behaviour caused by these effects are considered separately with respect to

the Coulomb criterion. The possible increase in shaft capacity are estimated where possible.
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(a)	 Chemical effects or corrosion

As discussed in Section 8.8.2, pile corrosion was initially thought to be responsible for the gains

in shaft capacity, leading to the following increases for pile CS:

Migration of the shear surface away from the pile interface would increase the friction

angle from 827° to, at most, $.=37°, producing a 48% increase in t1.

Movement of the shear band 5mm into the sand mass would produce an additional 3%

rise in effective surface area.

The shear box tests on Dunkirk sand (see Section 5.3.7) indicate that dilation in soil-soil

tests is approximately four times greater than that in interface tests. The new analytical

model developed to predict a' in sands, described in Section 9.2.4 and calibrated

against ICP and other instrumented pile test results, suggests this would lead to a 59%

increase in r1.'

The upper 7m of the pile originally accounted for 44% of shaft capacity, hence the combined

effect of the increases in local shaft resistance along this length where corrosion and bonding

were observed would have produced an increase in average shaft capacity of 62%. This

suggests that the 16% shortfall was derived from a rise in a' due to the volume increases

associated with iron oxide production.

Assuming an upperbound rate of steel corrosion rates for atmospheric conditions of 0.05mm/year

(BS8004, 1986), calculations based on molar reactions 2 suggests a 0.25mm/m 2 radial

expansion over five years which could easily account for the 16% shortfall. However,

metallurgical experience shows that in reality the stress changes fall well below the calculated

values and are difficult to predict, since iron oxide is highly porous and compressible (Kelsall,

1996).

While the above calculations suggest that corrosive effects might account for the 85% measured

increase in shaft resistance, the shear stress distributions given in Figure 8.14(a) directly

contradict the corrosion argument: tf increased most strongly below the water table (4m) where

corrosion and sand bonding were far less apparent. Furthermore, reports in the literature show

similar set-up for piles of corroding and non-corroding materials (steel, concrete and timber),

= 2 0 öh IL using 0 values for Dunkirk sand from in situ seismic cone and CPT
correlations (see Section 5.3.6).

2 The density of iron oxide can be as low as half that of the source iron (Kelsall, 1996).
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installed above and below the water table, and in carbonate-free sands. Although the corrosion

explanation was initially attractive, it is unlikely to be the principal cause of pile set-up in sand.

(b)	 Effects of age on sand properties

Several researchers have noted that newly deposited or densified hydraulic fills can undergo

increases in CPT resistance with time. Laboratory tests on aged samples have also displayed

increases in stifihess, dilation and strength (e.g. Daramola, 1980; Schmertmann, 1991). Mitchell

& Solymar (1984) postulated that the formation of silica acid gel at the particle contacts has a

cementing effect, creating a cohesive strength intercept (c') in aged sands, though Mesri et al.

(1990) and Schmertmann (1991) argued that the effects of secondary compression or creep are

greater, causing increased micro-interlocking, higher friction angles (') and stronger dilation on

shearing.

Pile driving causes large disturbance to the volume of soil surrounding the pile, possibly

resulting in reductions in strength and dilatancy which might be re-established with time.

Preliminary grain studies by Astedt et al. (1992) did not reveal any link between pile set-up arid

grain angularity and there were no indications of pressure solutions or precipitations, though the

authors noted that these may have been destroyed during sampling and handling.

Laboratory direct interface shear tests on samples of dense, saturated Dunkirk sand described in

Section 5.3.7 showed that sample age did affect shearing behaviour. In a suite of tests subjected

to ageing periods of up to 63 days, shear stiffness increased and stronger dilation was apparent

with time, though no changes in 8, were detected and failure was ductile in all cases. The

samples underwent imperceptible increases in density during ageing, so the changes in behaviour

must be attributable to micro-structural rearrangements of the sand grains and their contacts with

time.

As described in Section 2.2.5, Lehane (1992) showed that sand stiffness (G) and interface

dilation (öh) affect the magnitude of &r', during pile loading and that 'r is inversely

proportional to pile radius. Increases in G and öh due to ageing may increase capacity

significantly, particularly for small diameter piles. It is feasible that 5h could double, and that

global G could increase by 50% over 5 years. However, calculations for the CLAROM piles'

Using the new design approach and the equivalent radius (R*) modification for open-
ended piles described in Chapter 9.
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suggest that these changes could only account for one third of the 85% increase in capacity

observed between 1989 and 1994. The fact that the database shown on Figures 8.20 and 8.21

does not indicate more pronounced set-up effects on small diameter piles reinforces the view that

changes in soil properties due to ageing are unlikely to be the major factors controlling set-up

in sand. As discussed below, this conclusion is further supported by the apparent absence of set-

up with bored piles in sand.

(c)	 Changes in the stress regimes surrounding the piles

The arguments given above indicate that the increases in shaft capacity measured at Dunkirk can

not be fully explained by local changes in interface shearing resistance, dilatancy or global sand

shear stiffliess. This implies that the explanation must be an increase in a',,. At first this seems

improbable as the radial stresses on the pile shaft are greater than those in the free-field (a'hO)'

and sand creep might be expected to reduce a',, with time. The measured increases in capacity

could only have occurred if stresses greater than a' were acting nearby in the sand mass.

Laboratory model pile tests by Robinsky & Morrison (1964), Allersma (1988) and Chong (1988)

have shown that the high degree of sand compaction at the pile tip during driving can create a

thin "sleeve" of loose sand around the pile shaft. High hoop stresses (a'0) could

then be sustained in the surrounding denser sand by arching as illustrated on Figure 8.22. Sand

creep could lead to a reduction in the arching effect, allowing a', to increase close to the pile.

This hypothesis is supported by the only direct measurements of a',,: those given by Ng et a!.

(1988) shown on Figure 2.35 and the ICP measurements at Dunkirk and Labenne on Figures

7.14 and 7.15. Note that sand creep may also play a dual role by increasing the dilation effects

during shearing as described in (b). Higher values of a',, acting a short distance from the pile

would also repress the tendency of the shear zone to migrate away from the pile surface.

Final comments

It is interesting that no instances showing set-up have been found for bored piles in sand.

Indeed, a research programme with concrete Atlas screw piles showed no increase in capacity

with time (Van impe, 1995). On the basis of present information, the most plausible explanation

for the marked set-up effects on driven piles is that sand creep weakens the arching mechanisms

surrounding the pile shaft, so increasing a',,. Stronger dilation effects may also occur during

Assuming 627° and taking a'Ja',. = 15%, as indicated by the new design method,
interpretation of test CS/T'89a indicates an average ratio a',,Ia' 1.7, with larger values
existing towards the pile base.
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:\ "Sleeve" of loosened sand created
by the vertical down-drag of sand

• :" beneath the penetrating pile toe.
" After Chong (1988) and

Robinsky & Morrison (1964)

Hoop stress
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looser sand

Figure 8.22 Arching mechanisms around tho pile shaft
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loading, though current knowledge of pile behaviour and the absence of noticeable scale-effects

suggests that this would have a weaker effect.

Randolph (1996b) reported that dynamic tests have measured pile set-up in some sand deposits

in Western Australia, though the same has not been observed in low strength carbonitic sands.

Pile driving in these collapsible materials requires little effort with very low blowcounts and

dynamic resistances. This implies low installation base resistances and a reduced likelihood of

a sleeve of loose sand forming around the pile shaft. Consequently, circumferential arching

stresses would be lower and there would be little set-up effect. This is supported by the ICP

trends: in the loose to medium dense sand at Labenne the equalisation increases in a' 1 were

smaller than those measured in the dense Dunkirk sand. It is worth noting that none of the case

histories listed in Table 8.8 involve piles completely embedded in loose sand and that smaller

set-up effects may apply in these materials.

8.9.3 Implications of pile set-up

The practical implications of set-up are numerous; a few examples are listed below:

(i)	 Pile testing procedures need to be standardised for the effects of time. A pause period

of at least 20 days is recommended. Reported pile capacities should be accompanied

by time details.

(ii) Substantial cost savings may exist if piles can be installed early and allowed to age

before loading.

(iii) Higher working loads may be allowed on existing aged piles (see Jardine & Overy,

1996).

(iv) The soil resistances analysed from pile driving records are unlikely to match those

available in the medium to long-term.

8.9.4 Further research

Although the first case of medium-term pile set up was reported in 1969, its occurrence was

already known to Belgian and Dutch engineers.' However, despite the growing number of

documented cases, little attempt has been made until now to analyse the mechanisms behind this

feature. Further research remains necessary before the considerable potential gains in capacity

See footnote on next page.
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may be quantified and relied upon for pile design. In particular, the following should be

investigated:

(i) The postulated increase in should be verified through long-term, systematic ageing

tests on instrumented piles with reliable radial stress sensors. In ideal circumstances, a

large number of such piles is preferable, with each pile only tested once, since the ICP

tests have shown that multiple load tests can alter the stress states created by driving.

(ii) The rates of set-up for different pile types and sand conditions, particularly in loose,

compressible and carbonitic sands where the effects may be smaller.

(iii) The effects of cycling and sustained loading. (Note, however, that there was no

indication from the ICP tests at Dunkirk that rapid load cycling in compression to 80%

of peak load caused any reduction in radial stresses on the pile shaft: see Section 7.4.5).

(iv) Whether similar effects are responsible for the long-term set-up measured in clays after

full pore pressure dissipation (e.g. Eide & Hutchinson, 1961; Cooke et al., 1979;

Karlsrud et al., 1993b).

Valuable information may be obtained from further tests on the EURIPIDES large-scale

instrumented pile in the dense sand at Eemshaven, the Netherlands. This has been left for long-

term ageing as a direct result of the findings at Dunkirk, reported earlier by Chow et al. (1996).

The Author's research was also drawn to the attention of the engineers for the Jam una Bridge

project in Bangladesh. As described in Section 2.7.3 and reported by Tomlinson (1996),

unusually low 3-10 day shaft capacities were measured on 0.762m diameter, open-ended trial

piles driven in micaceous sand. However, a nine month ageing period saw shaft capacity rise

by a factor of 2.7. This result, and the database collated by the Author, prompted a study of set-

up rates at Jamuna through static load tests on onshore concrete piles. Preliminary results are

shown on Figures 8.20 and 8.21 though the study is still not yet complete.

In a letter to the Author, Tavenas (1995) wrote: "At one of the Special Sessions of
JCSMFE in Mexico City in 1969 I presented the results of the "design pile load tests"
(from Si. Charles River) and mentioned this time dependent increase in the discussion.
This elicited the following comment from Prof De Beer and, I thinlç Mr. Begemann

from Holland: "Young man, there is nothing unusual about time dependent increases in
bearing capacity of piles in sand, with no relation to any kind of pore pressure
dissipaiion!" They both went on to say that this had been a common observation of
theirs in Belgium and Holland, but that they had not produced or seen any publication
on the matter. I do not know myself of any publication dealing with this issue ... and
I have no good explanation for our observations."
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CHAPTER 9

THE DESIGN OF PILES IN SAND

9.1 INTRODUCTION

The Author's ICP tests in dense sand at Dunkirk, presented in Chapter 7, showed remarkable

agreement with the earlier trends from Labenne, despite the large differences in sand density and

measured pile capacities and supported the basic precepts used by Lehane (1992) in the

development of his tentative design approach for shaft capacity, described in Chapter 2.

This Chapter re-examines and improves the design approach for single closed-ended piles in the

light of the new results. The a' expression is extended to include the new data from dense

sands and longer piles. A new approach to estimate the increase in radial effective stress during

loading (a'1) is developed which reconsiders basic cavity expansion theory and the interface

rolling mechanism of sand grains against the pile surface.

The new approach is applied to the full-scale, open-ended CLAROM piles at Dunkirk, described

in Chapter 8. The differences between predicted and measured shear stresses provide guidance

on the effects of end condition. Possible approaches to account for these effects are evaluated.

The final recommendations for shaft capacity are applied to a small number of high quality

closed and open-ended pile tests and the predictions are compared with those obtained using

other popular existing design methods. Excellent results are obtained. The proposals are then

tested an a wider, newly assembled database comprising 65 high quality pile tests on open and

closed-ended piles, where base and shaft capacities were accurately determined and installed at

sites where the ground conditions were reliably established. The results verify the applicability

of the new design proposals to full-scale piles and a broad range of soil conditions. Major

advantages in accuracy and reliability are highlighted in comparison to the API RP2A (1993)

recommendations, most widely used in offshore design.

The database also revealed interesting trends in base capacity. In conjunction with the review

of laboratory, field and numerical studies in Chapter 2, the effects of scale on closed-ended piles,

end-bearing in open-ended piles and pile plug behaviour are identified. Design approaches

which reflect these trends are proposed and evaluated in comparison to other existing methods.
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9.2 CALCULATION OF SHAFf CAPACITY FOR CLOSED-ENDED PILES

This Section re-examines Lehane's (1992) original provisional design approach for shaft capacity

with respect to the new ICP results in dense Dunkirk sand. Improvements are made to the

expression for a' and a new cavity expansion-interface rolling approach is developed to model

b& during loading.

The results from the CLAROM pile tests have highlighted the large changes in shaft capacity

which can occur with time. Since no systematic research has been conducted into this feature,

and the magnitude of the possible set-up on open and closed-ended piles in different sand

deposits is uncertain, no attempt has been made at this stage to project the ICP's short-term

effective stress measurements to the medium or long-term conditions.

The aim of the research has been to develop simple design procedures that capture the main

trends in pile behaviour and can easily be applied to offshore pile design. In order to achieve

this goal, some of the secondary features, known to affect shaft capacity and highlighted by the

work in this Thesis, have not been explicitly modelled. These include:

the large number of drained loading cycles imposed during driving which may lead to

a stronger decay of stresses along the pile (or h/R effect) than that experienced through

jacking;

the varying effects, along the pile shaft and in different sand states, of principal stress

rotation during loading;

the effects of Poisson-type changes in pile shape under load.

The potential influences of these features, and that of time, are examined in Section 9.5 where

the ICP approach is tested against a large database of high quality field pile test data. The need

for additional modifications to the approach to account for these effects are assessed.

9.2.1 The original IC approach

The development of the provisional design approach by Lehane (1992) and Lehane & Jardine

(1994) is described in Section 2.2.5. This is based on the Coulomb failure criterion with the

radial stress at failure, cT'd, expressed as the sum of two components: the value at the end of

equalisation (a',,) and the increase during loading (&?j:
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= a f tan 8

tf = (a' + &') tan 6	 Eqn 9.1

Relationships for a', and	 were developed from the Labenne measurements and other model

pile test data and 6 was found to equal constant volume 3, from direct shear tests using an

interface with the same roughness as the pile.

The Dunkirk ICP measurements confirmed the general trends in pile behaviour, showing the

following key features:

(i)	 The values of a', were much greater than those at Labenne and varied in sympathy with

CPT resistance, q1, reflecting the influence of relative sand density.

(ii) When normalised for the effects of q 1, the a' values reduced with distance from the pi!

tip or h/R, following the trend observed at Labenne.

(iii) Pile loading saw a slight initial reduction in local a' 1 due to the rotation of principal

stress directions and the anisotropic sand fabric created during pile installation. As

interface failure was approached large dilation-related increases in a' were measured.

(iv) Peak t1 and a' coincided as local shaft failure took place. In compression, the stress

obliquity at this point, { tan' (t/a',)} approximated to E from direct interface shear

tests and in tension, 4 from soil-soil tests.

(v) While a'11 reflected changes in D 1, of remained relatively constant.

(vi) The pile base resistance (q1,) developed during installation was equal in magnitude to the

CPT end resistance, q. At peak shaft capacity in load tests q, O.72q1.

9.2.2 Comparison of ICP behaviour with predictions

Predictions for the stress changes on the ICP, made using the provisional design approach, are

compared with the Dunkirk measurements on Figure 9.1:

(a)	 Figure 9.1(a) displays values for a'; note that the predicted and measured stresses on

the short pile, DK2, are greater than those on DKI due to the h/k effect. In general the

predictions are reasonable although there is some overprediction along the upper half of

the piles and underprediction between 5-6m. The latter is due to unusually low q,

values at this depth, which was probably related to a local ground feature confined to

the location of the BRE CPT tests and not present in the ICP testing area (see Section

7.2.1). If pile base resistances, q,, were used in place of q 1 the profile would show a

smooth increase in a', towards the pile tip, in better agreement with the measurements.

(b)	 Figure 9.1(b) shows that Lehane's ta', expression underpredicts the stress changes
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during tension and compression loading by an average of 45%. The discrepancies

appear greater in the zones of higher sand density along the upper part of the pile.

(c)	 The combined effects of (a) and (b) and taking 8f=2l, produces the shear stress

profiles shown in Figure 9.1(c). Both local SST t readings and average ALC f,

measurements are plotted. While the shapes of the predicted profiles are reasonable, the

magnitude of the stresses are slightly low and overall, shaft capacities are underpredicted

by =30%.

Considering that the provisional design approach was developed from pile tests in much looser

sand conditions, the general agreement between predictions and measurements is encouraging

and indicates that the influence of sand density was modelled correctly. However, the approach

gives slightly conservative predictions and there remains some scope for improvement. The new

data collected at Dunkirk allow the correlations for a' and a'r to be enhanced for dense sand

conditions and longer piles. These developments are reported in the following sections.

9.2.3 Correlation for equalised radial effective stress, 'rC

At Labenne there was relatively little change in a' during the equalisation periods and Lehane

developed a correlation for c'1. using the 80 a', data sets recorded between the installation jack

strokes while the pile was stationary (all stresses in kPa):

02a'rc = 0.114 q, a,	 (h/R)° 33	 Eqn 9.2

As discussed in Chapter 7 and shown in Figures 7.8 and 7.16, the a',., and a',. measurements at

Dunkirk were in good agreement with these trends. However, during the 14 hour equalisation

periods a'1. increased by an average of 20%. In order to make use of the installation data which

covers a far wider range of hJR, q, and a' combinations than the three sets of equalised a',

results, the a',, readings taken during installation were increased by the same amount in order

to approximate to the 14 hour a',, values expected at shallower penetrations. Combined in this

way, the Dunkirk and Labenne tests gave 306 datapoints, with the Dunkirk measurements

providing new information on behaviour in denser sands, greater depths, higher overburden

pressures and larger hfR values, as shown in Table 9.1.
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Labenne	 Dunkirk

Mean relative sand density, D, (%)	 50	 85

No. of pile installations	 2	 3

Maximum installation depth (m)	 6.0	 7.4

Maximum slenderness ratio (L/D)	 59	 73

Maximum a',,, (kPa)	 81	 102

No. instrument clusters	 3	 4

MaxSSThJR	 50	 74

Mean a', measured in load tests (kPa) 	 50	 150

Mean t, measured in load tests (kPa) 	 30	 80

Number of a',, data sets	 80	 226

Table 9.1	 ICP measurements at Labenne and Dunkirk

Several different forms of expression were tested, including an exponential fraction as opposed

to a power law trend for the h/R term. However, the best-fit relationship followed the same

form as before, with regression coefficient r 2 = 0.75:

013
a',, = 0.016 q a ,,	 (h/R)° '	 (all stresses in kPa)

This can be non-dimensionalised by introducing a term for standard atmospheric pressure, P1

(= 1 OOkPa):

= 0.029 q (a'IP.)°' 3 (hi'R)° 3'	 Eqn 9.3

The new expression predicts a stronger hJR decay and weaker dependence on a',, 0 than Equation

9.2, as illustrated on Figure 9.2. Note that the regressions were developed using the base

resistance measured during pile installation, q,, since this provided the best indicator of local

sand conditions. This may be replaced by CPT q, values for design purposes since the two

parameters were in good agreement at Labenne and Dunkirk.

Over the short distance between h/R=8 and h/R=1 Equation 9.3 predicts a doubling of a',, and

for typical L/D ratios, this portion would account for 10% of the shaft capacity. Lehane

envisaged that at the pile tip a', = qbr, the residual base load, but this has not been proven since

the deepest SST on the ICP was located at WR=8. Indeed, model pile tests (Robinsky &

Morrison, 1964; Allersma, 1988; Chong, 1988 and Wersehing, 1987) suggest that the high
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degree of vertical sand compression beneath the pile tip can result in the formation of a "sleeve"

of loose sand around the shaft, promoting circumferential arching and lower radial effective

stresses. Due to the uncertainties in the stresses acting in this region, a conservative approach

is recommended by limiting the h/R values to a minimum of 8 close to the pile tip. The values

for q and a', corresponding to these depths are input in the usual way.

The new predicted stress distributions at Dunkirk are compared with the field measurements in

Figure 9.3, showing improved agreement along the upper part of the pile, though the values of

on pile DKI at the leading and following' locations are still underestimated.

9.2.4 Prediction of G'r during loading

(a)	 Background

Lehane's semi-empirical expression for ' (Equation 9.5) gave conservative predictions for the

stress changes at Dunkirk. It was felt that a better solution could be reached by returning to the

original cavity expansion theory and using parameters obtained from laboratory and in situ tests.

As discussed in Section 7.4.3, the radial effective Stress change during pile loading, cr' r, can be

considered as the sum of two components: the initial reduction, 	 due to the rotation of major

principal stress directions and the dilation related increase, 	 In compression loading, a'

is relatively small and, for practical purposes, its variable effects may be ignored.

Cylindrical cavity expansion theory relates the change in radial stress due to dilation, Aa'rd, to

the cavity strain, ( h/R), using the sand's shear modulus, G:

rd = 2 0 c

Ord = 2 G 6h /R	 Eqn 9.4

The model pile test data assembled by Lehane and illustrated in Figure 2.6 obeyed the

relationships suggested by this approach, with the increase in stress inversely proportional to the

pile radius and proportional to 	 and D 1, both of which are related to 0. The following

correlation was given:2

The magnitudes of a' at the following instrument were identical in DKI and DK3.

2 Note that the expression is given in terms of z.&, and not cY'1d since all of the
measurements included the minor effects of &?,,.
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1cY'r i'Io', = 0.22 Dr IR	 Eqn 9.5

However, the estimation of Dr in the field is sensitive to the method of interpretation. The main

difficulties with the direct application of Equation 9.4 are in the estimation of öh, the radial sand

dilation in the shear zone, and G. The two parameters are discussed separately below, beginning

with 8h.

(b) Dilation during shearing

Direct interface shear box tests performed on the Dunkirk sand at IC displayed increases in

sample height of 6h 0.1mm during shearing.' However, recent studies by Shibuya et al. (1993)

have shown that dilatancy effects are strongly affected by the size of the gap allowed between

the two halves of the shear box; small gaps restrain the formation of the shear band causing

more dilatant behaviour. Shibuya et al. suggest allowing a gap width of about 20D (where D30

is the mean particle size), corresponding to the thickness of the shear band. However, this

would allow too much sample loss in the conventional apparatus and at IC a gap of 0.5mm was

used ( 2D0).

The results from the direct shear box are also limited since shearing takes place under "free

dilation" conditions where the normal stress remains constant and there are no restraints against

expansion. On the other hand, undrained simple shear tests prevent volume change, assuming

that the soil mass surrounding the pile shaft is completely rigid. The reality lies between these

two extremes, with dilation at the pile-soil interface resisted by the soil stiffness, i.e. shearing

takes place under "constrained dilation" conditions. Boulon & Foray (1986) developed a

constant normal stiffness apparatus in order to model this. Sand samples sheared against

interfaces2 in this apparatus displayed similar r - a' stress paths to those measured by the ICP

during load tests. However, in reality shear stiffness is only constant over very small strains and

reduces with increasing strain level as discussed later in part (e).

(c) Interface rolling mechanisms

Interface roughness is known to have a major influence over the frictional resistance between

sand and steel and the dilation angles developed. Uesugi & Kishida (1986b) demonstrated that

8 is related to the ratio of interface roughness to mean sand grain size, i.e. normalised

in soil-soil tests on dense sand the change in sample height was around four times
greater.

2 Unfortunately, no details of interface roughness were provided
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roughness, R,=R./D50. The clearest indication of particle shearing behaviour was provided by

Uesugi et al. (1988) who performed photographic studies of dry Seto sand in simple shear tests

showing that a rough interface (R.=68xl0 3) induced particle rolling and sliding accompanied

by strong dilation, whereas a smooth interface (R=1 5x1 0 -i) only produced sliding with very little

dilation as shown in Figure 9.4. These mechanisms were confirmed by Tejchman & Wu (1995)

who investigated interface shear behaviour in three different apparatus' and developed a

numerical programme using the Cosserat continuum model to simulate particle rolling and

dilatancy. The significance of sliding and rolling behaviour on dilation was first highlighted by

Skinner (1969) who analysed this in terms of interparticle friction and energy balance.

Taking a conservative simplified physical viewpoint, the interface dilation involved in particle

rolling can be assumed to equal the average peak-trough roughness of the steel surface (5h Rj,

since during shearing the sand particles at the interface must experience some radial

displacement to disengage from the steel asperities and roll over the rough peaks (Figure 9.5).

This argument is not valid for particles much smaller than R 1 which could fill the asperities.

However, the typical roughness of industrial piles lies in the range R=O.0l to 0.02mm (Tika-

Vassilikos, 1991) and the diameter of sand particles varies between 0.06 and 2mm, i.e. sand

particles are larger and only silt or clay particles are small enough to infill the troughs. Coarse

sized particles would be expected to interlock with the steel asperities through their angular

edges. Little research has focused on the shearing process involved in pile installation and the

degree of particle crushing and sorting that takes place in the shear zone. Lehane (1992) found

that the interface shearing resistance of Labenne sand measured in the ICINGI ring shear

apparatus was the same as that in the direct shear box. However, a more detailed study into the

interface shearing behaviour of different sand types and the effects of the various test methods

and ring shear configurations is required to confirm this.

(d)	 Interface roughness

There are two definitions of interface roughness in common usage:

(i) Centre-line-average roughness (R 11) is the average height of peaks and troughs above

and below the centre-line (determined by equal volumes of peaks and troughs) taken

over a gauge length of 8mm. This definition is used by material scientists.

(ii) R... is the maximum peak-trough distance over a gauge length equal to the mean particle

diameter (LG Dy,). This definition has been used extensively by Uesugi et al. in their

studies of interface shear behaviour.

Plane strain, direct shear and a planar silo.
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The two definitions are not directly related, depending on the roughness profile (shape of the

peaks and troughs), gauge lengths and the uniformity or irregularity of the surface. Rcia is judged

to be the more amenable for use in pile design since it is (i) widely used in other branches of

engineering, (ii) can be easily measured using a Talysurf moving stylus machine, (iii) is not

dependent on D50 (which could lead to the same pile having different R,,, values in different

sand deposits) and (iv) does not require a vast number of very small measurements to evaluate

a representative value, since the gauge length is reasonably long and an averaging procedure is

incorporated by the apparatus. Evaluating R,,,., for fine sand deposits (where D 50 is small) is also

problematic.

Therefore, R,, the average peak-trough height, is equal to twice R 11 , or - 0.02mm for the ICP

tests at Dunkirk where the pile was shotbiasted to the same roughness as typical industrial piles.

For Dunkirk sand this approximates to a normalised roughness, R=80x10 3, i.e. a rough

interface. Use of 6h:=0.O2mm gives a cavity strain of c=0.04% for the ICP and 0.004% for a

Im diameter pile.

(e)	 Shear modulus

In addition to h, Equation 9.4 also requires a value for shear modulus, G. Porovic & Jardine

(1994) and Porovic (1995) showed that the stiffness characteristics of a reconstituted sand are

anisotropic, non-linear, pressure dependent and inelastic for strain levels above y>10 3%. For

a given YSR and relative density, was found to be proportional to (p')", where n=0.5 for

very small strains (i.e. for Gm ) and n1.0 at large strains. Five approaches could be used to

assess the most appropriate values of G for substitution into the cavity expansion model:

(i)	 Using the values calculated as	 = iq/3M, from locally instrumented triaxial tests on

reconstituted Dunkirk sand samples at appropriate strain levels and normalising for p'0.

Section 5.3.6 showed that triaxial shear stiffness is highly anisotropic with the values in

extension twice those in compression for samples at YSR=1. Triaxial extension

resembles the radial sand dilation process most closely with the increase in radial stress

dominating behaviour.

(ii) Taking G data from resonant column or static torsional shear tests on Dunkirk sand

samples at appropriate strain levels and normalising for P'o

(iii) Performing in situ seismic cone tests which measure the velocity of horizontally

polarised, vertically propagating shear waves (using geophones set one metre apart),

leading to GVh. Since this involves small strain levels (l0%) these values should be

comparable to 0m from ideal resonant column tests.

(iv)	 Conducting in situ pressuremeter or cone-pressuremeter tests. Installation of the cone
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pressuremeter imposes the soil to the same stress paths as those experienced around

displacement piles. The expansion of the instrument leads to Gb, which is most

applicable to the radial sand dilation process.

(v)	 Using empirical correlations such as that offered by Baldi et al. (1989) who related Gm

from resonant column tests to in situ CPT q for uncemented quartzitic sands (see

Section 5.3.6).

The derived and measured values of G,,, at Dunkirk are compared in Figure 5.29 and discussed

in Section 5.3.6.' The CPT correlation (v) gives good agreement with the seismic cone results,

reflecting the variations in sand density with depth and falling midway between the projected

triaxial extension and compression data at YSR=l. Although the CPT values do not involve

direct measurements of shear modulus, these were adopted for the formulation of the design

expressions since the tests are routinely carried out in offshore site investigations and subject the

soil to the same stress paths as pile installation. In the absence of CPT tests, q can be estimated

from SPT or relative density measurements. The use of advanced laboratory testing methods

and seismic techniques have become more widespread in recent years though very little of this

type of information accompanies the full-scale pile test data reported in the literature, making

the applicability of the alternative measurements of shear rnoqulus difficult to assess.

(1)	 tT'r prediction

New predictions for at Dunkirk were made using Equation 9.4 with 6h=0.O2mm and Gm,

given by the CPT correlation. Figure 9.6 shows improved agreement with the compression

loading measurements. This is slightly unexpected since the cavity strain levels involved in the

ICP tests are relatively high (; = 0.04%, equivalent to c, = 0.016% using the constant volume

relationship given by Jardine, 1992). The variations in triaxial shear modulus with strain shown

on Figure 5.28 imply that the operational values of G would have been approximately 70% of

suggesting that use of the latter would lead to overpredictions in The good overall

agreement may arise from higher sand densities and stress states around the pile shaft which

might have increased G. The cavity strains associated with full-scale piles are an order of

magnitude smaller, justiing use of G.

Pressuremeter tests were not performed. Resonant column torsional shear tests on
Dunkirk sand are in the process of being conducted at IC by Kuwano.
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Figure 9.6	 New predictions for Ao'. during loading at Dunkirk

Figure 9.7 compares the cavity expansion predictions 1 for with the model pile test data listed

in Table 9.2. Values of Sh=O.O2mm provide good agreement with Eissautier's (1986) tests on

dense sands at high stress levels but lead to overpredictions in Ic?r in most other cases, possibly

due to lower pile roughnesses in the laboratory experiments. 2 The ICP was not shotbiasted prior

to the Labenne tests and the SST's were reported to have roughness R,=O.Olmm (Lehane,

1992). Substitution of this value for h leads to better agreement. Conversely, the concrete pile

tested by Ng et al. probably possessed a greater surface roughness, explaining the higher

measurements. Some of the scatter in results may be attributed to boundary effects in the

laboratory experiments and the different methods of pile installation. There was no systematic

variation with mean particle size.

The new relationship for 	 in Equation 9.4 gives reasonable results when tested against the

instrumented pile data used by Lehane in the derivation of Equation 9.5. The return to

cylindrical cavity expansion theory and the physical parameters controlling dilation (oh and G)

Values of G,,,, were estimated from D using Lunne & CEristoffersen's (983) D-q
correlation and Baldi et al.'s (1989) 	 correlation.

2 Few details of pile roughness were given.
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is an improvement on the original semi-empirical expression which uses a' and relative density

(1)3. Values of 8h=O.02m and G,, from CPT correlations are suggested for pile design but

appropriate alternatives may be substituted if measurements are available. More research into

interface dilation behaviour, the effects of interface roughness and mean particle size, and

possible changes in sand grading at the pile surface are required before the approach can be

developed further. However, potential errors have a relatively minor effect, since a' only

contributes to 10-15% of the shaft capacity of full-scale piles.

(g)	 Au', in tension loading

Shaft capacities in tension were 14% and 17% lower than those in compression at Dunkirk and

Labenne, respectively. The effective stress measurements show that lower peak shear stresses

developed as a result of larger a',,, reductions during loading, caused by principal stress axis

rotation. As discussed in Sections 7.4.4 and 8.7.1, Poisson effects relating to changes in pile

diameter in compression and tension loading as described by De Nicola & Randolph (1993) were

not observed for the ICP but were probably more significant for the relatively flexible open-

ended CLAROM piles.

Symes (1983) found that loose sands displayed greater anisotropic effects in the hollow yPnder

apparatus and Briaud & Tucker (1984) collated pile test data indicating that the difference

between shaft capacities in tension and compression was higher in loose sands.' The ICP results

suggest relatively little difference between the reductions in dense and loose sands. At present,

insufficient is known about the changes in the complete stress state surrounding the pile to

quanti1' these effects and Lehane's proposal of reducing a', by 80% in tension loading remains

a simple and probably conservative method of accounting for this effect.

9.2.5 Application of the new IC approach to closed-ended piles

The improved design approach for closed-ended piles incorporates:

(i) a new expression for a',. (Equation 9.3) with h/R limited to a minimum of 8;

(ii) a cavity expansion equation for iS.&, (Equation 9.4), derived from the assumption that

dilation (öh) equals interface roughness (R1 = 2R= 0.02mm) and that Baldi et al's

(1989) correlation for G,,, from CPT q applies (Equation 5.1);

(iii) a friction angle at failure equal to the constant volume angle of friction measured in

Though the key data from loose sand at Drammen (D r 35%) where Q,/QC 50%
may have been affected by residual stress errors, showing unusual shear stress profiles.
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Sand type,	 D50	 R	 a',,0 Loose (D,<35%)	 Medium	 Dense (1),>65%)
reference	 (mm) (mm) (kPa)

	

A'	 A'	 A'
& test details	 a,	 max	 a,	 max	 a,

_______________ ____ ____	 (MPa) (kPa) (MPa) (kPa) (MPa) (kPa)

Hostun2	 0.7	 16	 10	 13	 14	 -	 -	 24	 36
Eissautier (1986)	 16	 40	 30	 28	 -	 -	 51	 128
(L, P, C)2	16	 100	 52	 27	 -	 -	 85	 250

16	 300	 98	 0	 -	 -	 158	 450
16	 500	 131	 0	 -	 -	 211	 520
16	 800	 171	 0	 -	 -	 277	 640

Leucate	 0.5	 25	 5	 9	 2	 12	 7.5	 15	 18
Lebegue (1964)	 65	 5	 9	 0	 12	 3.5	 15	 11
(L,P,1)	 112	 5	 9	 0	 12	 3	 15	 7

Leighton Buzzard	 0.45	 57	 17	 18	 10.7	 -	 -	 -	 -
Wersching (1987)	 57	 22	 21	 6.8	 -	 -	 -
(L, J, C)	 57	 28	 24	 6.6	 -	 -	 -	 -

Hostun 2	 0.7	 28	 20	 20	 13	 -	 -	 35	 64
Puech et al (1982)
(F, P, T)

Silty sand	 m0.1	 137	 55	 37	 4	 -	 -	 -	 -
Puech et al (1982)
(F, J, T)

Labenne	 0.32	 51	 24	 -	 -	 39	 23.0	 -	 -
Lehane (1992)	 51	 54	 32	 13.0	 -	 -	 -	 -
(F, J, C)	 51	 65	 -	 -	 51	 29.0	 -	 -

51	 73	 52	 17.6	 -	 -	 -	 -

Dunkirk	 0.25	 51	 62	 71	 64	 -	 -	 -	 -
This Thesis	 51	 77	 76	 72	 -	 -	 -
(F, J, C)	 51	 89	 79	 50	 -	 -	 -	 -

51	 98	 81	 50	 -	 -	 -	 -
51	 37	 66	 133	 -	 -	 -	 -
51	 58	 67	 45	 -	 -	 -	 -
51	 74	 76	 62	 -	 -	 -	 -
51	 84	 -	 -	 77	 35	 -	 -

Hunters Point	 0.3	 86	 62.1	 -	 -	 51	 31	 -	 -
Ng et al. (1988)	 86	 75.2	 -	 -	 56	 36	 -	 -
(F, D, C)	 86	 90.4	 -	 -	 63	 78	 -	 -

86	 97.3	 -	 -	 68	 86	 -	 -

Notes: 1. G,,.., was estimated from D, or from q using Lunne & Christoffersen's (1983) D,-q
correlation and Baldi ci aI.'s (1989) 	 correlation.

2. F = Field test; L Laboratory test; P = sand poured around pile; J = pile jacked; T =
Tension test; C = Compression test.

3. Values of Aa', were inferred from shear stress measurements assuming 8=24°.

Table 9.2	 Measurements of tu', during loading
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direct shear interface tests using an interface with the same roughness as the pile (8 =

6j. Figure 5.32 shows that at a given surface roughness, 	 is inversely related to D.

(iv)	 a 20% reduction in a' for tension loading to account for volumetric sand contraction

during the rotation of principal stress directions and Poisson loading effects.

Table 9.13 of Section 9.9 summarises the design procedure. The calculations can be easily

executed on a spreadsheet program by inputting the relevant soil parameters and integrating over

small depth intervals. Table 9.3 makes a statistical comparison of the predictions for the ICP

tests at Labenne and Dunkirk in terms of QJQ,, the ratio of calculated to measured shaft

capacities. Values of QJQm<l represent conservative predictions while QJQm>1 indicate

overpredictions. Figure 9.8 compares the final calculated and measured peak shear stress

profiles. The new approach provides closer predictions with average QJQm=0.91, though the

Dunkirk predictions are still slightly conservative due to: (i) the unusually low CPT q values

measured between 5 and 6m depth (see Section 9.2.2); (ii) the use of 827° (higher values of

32° were indicated in tension loading); (iii) use of the 20% reduction in a' in tension loading.

In test DK3ILIT the actual reduction was smaller at 10%.

At Labenne, Lehane's (1992) tentative approach adopting 8=30° resulted in good predictions.'

However, direct shear and ring shear interface tests gave ö28° and the SST pile

measurements indicated 6r28•5°• Following the standard design procedure, the present

calculations use the laboratory measurements and assume 8h=0.O2mm, even though different

values may have been operating in reality. The assumptions lead to good predictions.

Pile Test
	 Depth	 Qm'	 Qc'Qm

___________ __________ ___________	 approach New approach	 API R.P2A

DK1/LIC	 7.40	 218	 0.68	 0.74	 0.39

DK2IL1C	 6.00	 153	 0.77	 0.84	 0.39

DK3IL1T	 7.40	 -185	 0.68	 0.77	 046

LB1ILIC	 5.95	 62	 0.66	 0.93	 0.58

LB2ILIC	 1.83	 15	 0.72	 1.11	 0.36

LB2ILIT	 5.92	 -49	 0.71	 1.08	 0.73

Average	 0.70	 0.91	 0.49

Note: 1. Measured shaft load, Qm, has been corrected to account for pile self weight.

Table 9.3	 Predicted ihaft capacities for the ICP tests at Dunkirk and Labenne

Lehane's interpretation of the ICP data suggested that this was the value of & operating
on the mild steel casings between instrument clusters.
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9.3 MODIFICATION OF THE IC SHAFT CAPACITY APPROACH FOR OPEN-

ENDED PILES

This Section examines the shaft capacities of the open-ended CLAROM piles at Dunkirk and

investigates the effects of end condition. The tests described in Chapter 8 highlight the large

changes in shaft capacity which are possible with time. Only the first-time, medium-term

CLAROM tests T'89a and C'89a, performed - 180 days after driving, are analysed. The

measurements from the tension tests are considered more reliable since these are free from the

potential errors in estimating residual stresses and there are no contributions to shaft capacity

from the pile plug.

9.3.1 Performance of the unmodified IC approach

The new IC approach was developed using measurements from the closed-ended ICP and can

be applied successfully to a wide range of different closed-ended piles and sand conditions as

will be shown in Section 9.5. However, most offshore piles are open-ended. In these cases,

application of the "closed-ended" expressions generally leads to the overprediction of shaft

capacity. This is illustrated on Figure 9.9 for pile CS where the predicted peak shear stress

profiles were calculated using the newly developed expressions, incorporating the ICP

measurements at Dunkirk, described in Section 9.2. While the shape of the predicted tf profile

mimics the trend of the test results fairly well, the shear stresses are overpredicted, particularly

towards the pile toe, and shaft capacity is overestimated by 74%.

9.3.2 Comparison of the stresses developed on open and closed-ended piles

Section 2.6.3 describes comparative laboratory experiments conducted by Nauroy & Le Tirant

(1983) and Foray et al. (1993). Open-ended piles displayed lower driving resistances, induced

smaller increases in radial stress at a particular distance from the pile shaft and possessed lower

shaft capacities in loading. Some of these trends were confirmed in full-scale field tests by

Beringen et al. (1979) and Mello & Galgoul (1992).

The influence of end condition for fully coring piles in clay was also investigated in Strain Path

Method (SPM) analyses (Baligh, 1985) as described in Section 3.4.3. The SPM has not yet been

fully extended to free-draining granular materials and the effects of partial plugging have not

been considered. However, the patterns in behaviour observed in cohesive soils give some

useful insights into the differences between open and closed-ended pile penetration in sands.
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	 Unmodified IC shear stress predictions for the open-ended CLAROM

pile at Dunkirk

Figure 3.21 compares the contours of octahedral shear strains, y, for an open-ended pile and

a closed-ended pile with the same solid volume and equivalent radius, R= (R 20 - R2er).

The y contours give an indication of the mean strains, and hence the mean stress changes,

developed during pile penetration.

The main conclusions drawn in Section 3.4.3, are summarised below:

(a) Away from the influence of the pile tip, the y4 contours around the two piles are almost

coincident, i.e. y is related to pile displacement ratio, ps,.

(b) The open-ended pile develops a localised bulb of high strains around the pile toe,

indicating a concentrated region of intense shearing and high stresses which rapidly

decay with increasing distance from the pile tip. More gradual changes in strains are

predicted around the closed-ended pile.

The laboratory, field and numerical studies indicate that lower shaft capacity of open-ended piles

stems from the smaller stress changes induced during pile installation. These could result from

(1) the lower volumes of soil displaced during instaIIaion or (ii) the more localised zone of

intense shearing developed around the pile annulus and faster decay of stresses away from the

pile tip. The relative influences of these effects is examined in the following Section.
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9.3.3 Assessment of potential modification methods

Reference to the Coulomb failure criterion in Equation 9.1 shows that the lower shaft capacities

developed on open-ended piles can only be explained by reductions in a', i.a' or tan 3. The

earlier discussions have shown that & 1 and tan are essentially related to pile radius, surface

roughness, soil shear modulus and grain size, hence these are not expected to be affected by pile

end condition. This implies that the differences arise from reductions in a',,, the radial stress

acting on the shaft after installation and equalisation, which is supported by the results of the

laboratory and field experiments (particularly those of Nauroy & Le Tirant, 1983) and the SPM

analyses.

The new a', expression for closed-ended piles takes the form:

a,, = 0.029 q, (o',,JP1)°'3 (hfR)°38

In the absence of a',., measurements on large-scale open-ended piles', an equivalent equation for

open-ended piles can only be postulated. Keeping all the coefficients constant, five possible

approaches to modifying the above equation for open-ended piles have been considered as

described below and illustrated on Figure 9.10:

Set A: Modifying the q, term

The ICP tests at Dunkirk and Labenne showed that local a', was directly related to the local pile

base resistance (q,,) which could be interchanged with CPT q,. However, open-ended piles

develop lower base resistances during driving. Therefore, one approach may be to reduce the

q, term in proportion to the displacement ratio of the open-ended pile which would reduce a',,

by the same percentage. There are three definitions of displacement ratio which could be used:

Al	 q could be reduced in proportion to the pile displacement ratio, p,,, where p,, is the

ratio of annular area of steel to the full circular area of the pipe, p,, = (R2 ,,,. -

This effectively simulates full coring during installation with q,, = q,

beneath the pile annulus.

In Spring 1995 instrumented tests of this type were performed on 0.76m diameter piles
as part of the EURIPIDES programme in the Netherlands. However, the results will not
be released into the public domain until the year 2000.
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R

Closed-ended pile

= f ( q, a' ,, h/R)

hi 4' 'I,	 =
Mb Mc

SET A
Assume open-ended pile has a
lower Installation base resistance, q

Reduce In relation to either
Al pile displacement ratio
A2 incremental filling displacement ratio
A3 dynamic displacement ratio

R*	 SETB
Assume the decay of stresses along the
open-ended pile is similar to that on a
closed-ended pile with equivalent radius R

Replace "R" in the h/R term with either.
BI R* = half wall thickness
B2 R* = radius of a closed-ended pile with

the same solid base area
qb

Figure 9.10 Approaches for modelling local stresses on open-ended piles
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A2 Partial plugging can be considered by using the pile's incremental filling ratio' during

installation, y, to estimate the incrementalfihling displacement ratio, p7. Assuming no

changes in soil volume 2 and that the steel displaces soil outside the pile rather than into

the plug, 3 p7 = p+(l-yX1-p), i.e. in situations of full coring y1 and p 7 p,,, whereas

with full plugging r0 and p71.

A3 Alternatively, the pile's base resistance assessed from dynamic stress-wave analyses

(b)d may be substituted in place of q. This may be viewed as using a dynamic

displacement ratio, Pd' where the assumption that (qb)d,,= q results in an equivalent

closed-ended base area during driving and hence p,, i.e. Pd = (Qb)d,/(q t It02).

Set B: Modi1ying the hfR term

The SPM analyses indicate a zone of intense soil shearing around the pile annulus that leads to

a localised region of high stresses at the pile base which reduce rapidly with distance from the

tip. This could be simulated by substituting a smaller equivalent radius, R into the h/R term

of the a' expression and leaving the q term unchanged. The faster decay of stresses would

result in a lower average stress along the complete pile length and hence a lower shaft capacity.

Two hypotheses can be considered:

B! The pile wall can be thought of as a closed-ended pile with R* equal to half the wall

thickness. This presumes that the decay of stresses along the pile wall in plane strain

conditions is similar to that along the axisymmetric ICP.

B2	 The open-ended pile can be regarded as a closed-ended pile with the same solid base

area, i.e. P = 'P2	 - R2 11,,,)". This approach matches the volume of soil being

displaced away from the pile tip to that in full coring conditions.

The five approaches were tested for the open-ended Dunkirk pile tests, yielding the QC'Qm values

shown in Table 9.4. Figure 9.11 compares the measured and predicted shear stress profiles for

pile CS and notable features are summarised on Table 9.5.

= dH,/dL, i.e. the change in plug height over change in pile penetration. r 1 for full
coring and 0 for fully plugged piles (see Section 2.6.2).

2 In reality some soil compaction or densification would occur.

Supported by the analyses of Paikowsky et al. (1989).
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Test	 Qm'	 Qc/Qm
(kN)	

Unmo-	 Al	 A2	 A3	 B!	 B2	 API
dified

CS/T'89a	 -381	 1.74	 0.60	 1.17	 0.68	 0.87	 1.47	 1.12

CL/T'89a	 -444	 1.49	 0.42	 0.96	 0.58	 0.68	 1.20	 0.96

CS C'89a	 637	 1.26	 0.41	 0.84	 0.46	 0.61	 1.06	 0.67

CLIC'89a	 706	 1.13	 0.30	 0.72	 0.42	 0.50	 0.91	 0.60

LS/T'89a2	-1702	 0.97	 0.34	 0.59	 0.46	 0.46	 0.82	 0.81

Average	 -236.80	 1.32	 0.41	 0.86	 0.52	 0.62	 1.09	 0.83

Note: 1. Measured shaft load, Qm, has been corrected to account for pile self weight.
2. The 180 day capacity of pile LS was estimated assuming an 85% positive set-up between

1989 and 1994, similar to that measured on pile CS.

Table 9.4	 Assessment of the modified design approaches for the open-ended
CLAROM piles

Notes	 tf profile

Al	 The annular base area including the instrument 	 tr is underpredicted along the
protection channels and pile shoe give a pile 	 entire pile length.
displacement ratio, p,,=O.247.

A2 The incremental filling ratios were deduced from	 Reasonable match.
the filling curves given by Brucy et al. (1991a) and
shown in Figure 8.7. ' reduced with depth.'

A3	 The dynamic pile resistances for pile CS were	 r is underpredicted along the
almost identical to those for the longer pile LS 	 upper half of the pile.
displayed in Figure 8.6 (IFP, 1991). (Qb)d was
takenas RP from the latter (Meunier et al., 1991). ________________________________

B I	 Pile wall and shoe thicknesses gave an equivalent 	 Very high t1 predicted at the pile
radius, R=9.5nim.	 toe, rapidly reducing to reasonable

values along the lower half of the
pile, but slightly underestimated
stresses along the upper part.

B2	 Annular base area including the instrument 	 rç is slightly overpredicted below
protection channels leads to Rt=8lmm.	 8m, otherwise a good match

Table 9.5	 Notes on the modified IC approaches for open-ended pile CS

Note that use of the final filling ratio, H/L (=0.5), as opposed to the incremental ratio,
dH dL, would have led to a conservative prediction with QC'QIII 0.87 for CS/T'89a and
500 o of the shear stresses shown on Figure 9.9.
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(b)	 Method A2: q factored by incremental filling displacement ratio

Figure 9.11 Predicted t 1 profiles using the modified approaches
for open-ended piles
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Figure 9.11 (cont.d) Predicted c profiles using the modified approaches
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The strong link between a' and q noted in the ICP tests and the trends displayed in the SPM

analyses initially attracted the Author to the approaches where q was factored according to the

pile displacement ratio during driving. However, there was great difficulty in estimating the

effects of partial plugging and this was shown to have a strong influence: Method Al where full

coring was assumed underestimated the shaft capacities by more than 50% with average

QjQ,,,O.4 1. The two other methods which attempted to account for plugging effects gave

improved results, particularly A2 which examined the changes in plug height. Unfortunately,

at present, incremental filling ratios are very difficult to predict and field measurements are

seldom taken, making this method difficult to use in design or assess for other sites. The same

objections apply to the parameters required in Method A3.

Reasonable results were obtained using the Set B approaches, which substitute an equivalent

radius (R*) to model the rapid stress decay behind the pile tip. Method B2, which simulates this

assuming the same solid pile volume gave the best overall results with mean QJQm=l.09 and

a good match to the shear stress distributions. Unlike Methods A2 and A3, the calculations are

very simple to perform, requiring no extra information other than the pile wall thickness.

Therefore, this approach appears to be the most reasonable and practical for use in design.

There is a slight tendency in these tests for tension capacities to be overpredicted and this is

investigated further in the following sections where the applicability of the modified approach

is examined for a wide range of pile sizes and sand conditions.

9.4 PREDICTIONS FOR SHAFT CAPACITY USD4G EXISTDG METHODS

In order to assess whether the revised IC design method offers any practical advantage over

other existing approaches, some of the popular methods described in Section 2.4, were tested

against the high quality pile test results reported in this Thesis. In order to extend the study to

cover large-scale offshore piles, an additional test on a O.66m diameter, 38m long conductor pile

driven in dense sand at the Leman BD platform in the southern North Sea was also analysed

(Jardine & Overy, 1996).

Table 9.6 summarises the results while the predicted and measured shear stress profiles (where

available) are compared in Appendix D. The statistical parameters evaluated in Table 9.6

include the mean (pt), standard deviation (s) and the coefficient of variation (COV=s/t) for

QJQm
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"Normal" statistical interpretations of the QC'Qm data can be misleading since the QC'Qm

distribution is skewed with an optimum value of 1, a minimum of 0 and maximum of infinity.

This reduces the significance of the standard deviation since more weight is given to

overpredicted results. The problem can be alleviated by taking the natural logarithms Of QCQm

Briaud & Tucker (1988) proposed the use of a Ranking Index (RI) which enables the overall

performance of the different approaches to be compared. This considers the accuracy of the

predictions in terms of (i) the mean lfl(QJQm) and (ii) the precision or standard deviation:

RI = I J4 ln(QJQm)J I + 5[lfl(QJQm)J

Good overall predictions are signified by a low RI since the first term has an optimum value of

zero and the second term should be small for low degrees of scatter. The addition of the two

terms is useful, as an apparently accurate method (with mean QjQ=I) may have unacceptably

low precision (i.e. high standard deviation). RI is a quality index parameter with no physical

meaning, its purpose being simply to aid comparison of the different methods.

Qc"Qm

Length	 Qm	
API	 API	 LPC Toolan Randolph IC

Test	
()	 (kN)	 RP2A	 N. Sea	 Cone	 et al.	 et al.	 (1996)

_________________ ______ ______ (1993) variant (1982) (1990) (1994) ______

Labenne LBIILIC	 5.95	 62	 0.58	 0.41	 0.58	 -	 0.53	 0.93
ICP	 LB2ILIT	 5.92	 -49	 0.73	 0.37	 0.73	 0.51	 0.62	 1.08

Dunkirk DK1/LIC	 7.4	 218	 0.39	 0.27	 0.71	 -	 0.53	 0.74
ICP	 DK3ILIT	 7.4	 -185	 0.46	 0.23	 0.84	 0.92	 0.56	 0.77

Dunkirk CS C'89a	 11.3	 637	 0.67	 0.59	 1.27	 -	 1.51	 1.06
open-	 CS/T'89a	 11.3	 -381	 1.12	 0.70	 2.13	 1.40	 2.16	 1.47
ended	 CL/C'89a	 11.3	 706	 0.60	 0.53	 1.15	 -	 1.37	 0.91

CIJT'89a	 11.3	 -444	 0.96	 0.60	 1.82	 1.20	 1.85	 1.20
LSIT'89a	 22	 -1702	 0.81	 0.51	 1.13	 0.62	 0.90	 0.82

Leman	 BDITI	 38	 -5000	 0.90	 0.56	 1.18	 0.46	 1.77	 0.95

Mean, i	 0.72	 0.48	 1.15	 0.85	 1.18	 0.99
Standard deviation, s 	 0.23	 0.15	 0.50	 0.39	 0.63	 0.22
Coefficient Of Variation = s/si	 0.32	 0.32	 0.43	 0.45	 0.53	 0.22
R1=	 [h1(QJQm) I + S[Ifl(QJQm))	 0.70	 1.16	 0.48	 0.71	 0.60	 0.24

Table 9.6	 Predictions of short to medium-term shaft capacity using existing design
methods for the ten highest quality pile tests
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The following points are apparent:

The API RP2A (1993) predictions are conservative, underestimating shaft capacity by

an average of 28% and more than 50% for the closed-ended Dunkirk piles. The latter

is due to the low values recommended for limiting r 1 (see Table 2.1); around a third of

the ICP Dunkirk measurements exceeded the maximum limit specified for very dense

sand (t=I14.8kPa) by as much as 4OkPa (35%), even though the CPT density

correlations classi& the Dunkirk conditions as dense. For the pile tests considered,

COV=O.32 which is relatively low and below that obtained by Tang et al. (1990)' in

their reliability study. The RI ranks the method as fourth best (out of six).

In contrast the North Sea variant of the API method2 advocated by Hobbs (1992), is

more conservative; on average shaft capacity is underestimated by more than 50% and

the Dunkirk closed-nded piles are only predicted to develop 25% of their measured

capacities. The RI clearly identifies this as the least accurate method.

The LPC cone method (Bustamante & Gianeselli, 1982) which is unmodified for

different pile end conditions, appears to be unconservative for all of the open-ended

piles and conservative for the closed-ended piles. The shear stress profiles in Appendix

D shows near vertical distributions, which do not reflect the very high shear stresses at

the pile tip and reductions along the pile length.

Toolan, Lings & Mirza (1990) also gives conservative predictions for the closed-ended

piles. Shaft capacities for the I Im long open-ended piles are overpredicted but as the

pile lengths increase the method becomes progressively more conservative, reaching

QJQm= 0.46 for the 38m long Leman pile. This is due to the assumption of a linear as

opposed to exponential decay in local shear stresses.

Randolph, Dolwin & 'Beck's (1994) method displays the highest coefficient of variation

of 0.53. The shear stress profiles show that t1 close to the closed-ended pile tips are

well predicted but the stipulated reductions along the pile shaft are too severe, resulting

in conservative shaft capacity predictions. No modifications were suggested for open-

ended piles and the assumption of q, = q leads to overestimated shear stresses and

highly unsafe designs. Randolph (1996a) has since suggested that lower q, values

should apply.

The new IC approach and suggested modifications for open-ended piles provide the best

Tang et al.'s reliability study evaluated COV=46% for the API RP2A shaft capacity
recommendations for piles in sand.

2 This recommends K0.7 and 0.5 in compression and tension respectively with no
difference between open and closed-ended piles.
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accuracy and precision with ji.=0.99 and COV=0.22. This is reflected in the best

ranking index out of all of the methods.

The favourable results suggest that the new IC approach should offer significant advantages over

existing methods and support the tentatively proposed modifications for open-ended piles. More

detailed investigations involving a larger database of pile tests are required to assess whether any

further changes are required to improve reliability.

9.5 DATABASE OF PILE TESTS IN SAND

9.5.1 Description of the database

In order to assess the new method more thoroughly a larger database was assembled, comprising

65 high quality tension and compression tests on open and closed-ended, steel and concrete piles

where base capacity could be accurately separated from shaft capacity and ground conditions

were reliably established. Table 9.7 summarises the range of pile types and sizes and key

features are listed below.

Sources of information:

(i) Information on all the pile tests was obtained from the literature or this Thesis, with the

exception of those at Cromarty Firth, documented in a GCG report to Shell Expro

(GCG, 1988) and Tomlinson (1994).

Soil conditions.

(ii) Only pile tests in siliceous sand deposits with carbonate contents of less than 15% have

been selected. CPT or SPT records were available in all cases. The data tends towards

dense sand deposits (mean Dr=65%), with some piles in very dense sand conditions

similar to those found in the North Sea

(iii) 8 tests were in mixed cohesive and cohesionless deposits. In all of these, less than 40%

of their embedded shaft length was in clay.

Pile types:

(iv) All of the piles were parallel sided and pre-formed steel or concrete. Pile shapes were

generally circular or square; H piles and tapered piles were excluded. Driving was the

main installation method with only 8 jacked piles and one vibrodriven.

Pile tests:

(v) Pile tests were conducted an average of 50 days after driving, though time details were

only reported in 48% of the case records. With the exception of the ICP tests and that
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at Ogeechee (F,, O.5 days), the minimum equalisation time was 14 days. Therefore,

the database represents medium-term pile capacities.

(vi) In compression tests where no clear peak was indicated, failure was defined after a pile

head displacement of DuO where D is the external pile diameter. Failure in tension was

usually well defined and occurred before this displacement.

(vii) Only reliable results have been used. 75% of the compression tests were on strain-

gauged piles and of these, 83% included some evaluation of residual stresses.' Where

base loads were not measured directly, shaft loads were estimated from tension tests.

Therefore the base loads have been determined with reasonable accuracy.

(viii) The drawback to direct measurements of base load in open-ended piles is that the

resulting shaft loads include external and internal shear stresses as explained in Section

8.4.3. The contributions from the pile plugs may result in the measured shaft capacities

in compression being significantly higher than those in tension. However, Kishida &

Isemoto (1977), Brucy et al. (1991a) and others (Section 2.6.4) indicate that the internal

shear stresses reduce exponentially from the pile toe and are usually concentrated along

a lower length of two diameters. Therefore the greatest proportion of these stresses

would not be detected by the strain gauges, the lowest of which were ID from the

pile toe, and plug contributions would be interpreted as a component of base capacity.

(ix) Soil properties such as D have been averaged along the pile length using the spreadsheet

calculation files which, on average, divide the embedded pile length into 17 layers.

Table 9.8 gives the individual pile details; more information is provided in Appendix D where

the methods of data interpretation are also described. Figure 9.12 displays the measured peak

average shear stresses, , and 3 coefficients, illustrating the range of pile capacities, lengths and

sand densities covered by the database. The alphabetical data labels in these plots refer to the

test site as identified in Table 9.8.

The strict selection criteria, large number of pile tests and wide range of soil conditions makes

this database a significantly more reliable benchmark for offshore pile design than those

compiled by Olsen & Dennis (1983), Lings (1985), Briaud & Hossain (1994), Randolph et al.

(1994) and Gavin & Lehane (1996) as discussed in Appendix D.

The remaining four piles were large diameter, open-ended and from Japan. No mention
was made of residual stresses, though it is possible that these were taken into account.
Generally, open-ended piles retain lower residual stresses than closed-ended piles, hence
the potential errors are lower.
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Closed-ended	 Open-ended	 All

Number of piles	 41	 24	 65

Steel	 30	 23	 53

Concrete	 11	 1	 12
Tension tests	 21	 13	 34

Compression tests 	 20	 11	 31

Average embedded length (m)	 14.0	 20.7	 16.4

Range of lengths (m)	 1.8 -34.3	 5.3 -45.4	 1.8 -45.4

Average diameter (m)	 0.34	 0.64	 0.45

Range of diameters (m) 	 0.10 - 0.61	 0.32 - 2.00	 0.10 - 2.00

Average sand density, D (%)	 62	 71	 65

Range Of Dr (%)	 34 - 97	 31 - 100	 31 - 100

Average test time after installation 	 50 days
Range of elapsed times (days) 	 0.08 - 200

Table 9.7	 Summary of pile types in the sand database

9.5.2 Performance of the design approaches

Predictions have been made for each test in the database using both the standard API RP2A

(1993) method and the Author's new proposals. The individual results are tabulated in

Appendix D and the two methods can be compared in Figure 9.13 where Q is plotted against

Qm Figure 9.14 displays the API QC'Qm ratios against relative sand density and normalised pile

length, L/D, while Figures 9.15 and 9.16 show the new IC predictions for closed and open-ended

piles respectively.

The API predictions exhibit a great deal of scatter with QJQm ranging between 0.14 and 3.25.

For simplicity and the reasons given in point (viii) above, the estimates of internal shear stress

are not included at this point but are considered in Section 9.7. All of Lings' (1985) case

records are contained in this new database and his observation that the API method is skewed

remains apparent. Very conservative predictions are made for short piles in dense sand with

only 14% of the available shaft capacity being predicted for Hoogzand (Beringen et al., 1979)

while shaft capacity is overpredicted by more than a factor of three for the long piles in loose

Drammen sand (Gregersen et al., 1973). The latter is incompatible with the low factors of safety

used offshore (typically 1.5). Some of the clarity in Lings' trends is lost as many of the new

additions to the database fall between the two extremes, e.g. the Dunkirk ICP tests are long1

piles in dense sand. Also, the capacities of most closed-ended steel piles were underpredicted.

In terms of normalised length, L/D.
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Qm

SI,.	 LocatIon & R.fat.nc.	 PU. Teat	 PU. type	
Lu	

R (at) LiD Dr (S tee	 lead	
ti

	

(days)	
((iN)

ARKANSAS RIVER	 1	 Steel closed	 1	 1818	 0339	 47	 82 7	 827 430
A	 Man.ir&Hunter	 1	 Steel closed	 C	 1618	 0339	 477	 62 7	 757	 774 402
A	 (1970)	 2	 Stedclosed	 T	 1609	 0431	 373	 62	 7	 999 393
A	 2	 Steel closed	 C	 1609	 0431	 373	 62	 7	 1068	 1083 416
A	 3	 Steel closed	 1	 1615	 0518	 312	 62	 7	 1079	 378
A	 3	 Stee(closed	 C	 16.15	 0518	 31.2	 62	 7	 1424	 986	 345
A	 4	 Conc closed	 T	 1225	 0459	 267	 60 7	 820 412
A	 10	 Steel cloeedV T	 16 15	 0431	 37 5	 62	 7	 955 36 5
A _________________	 10 Stee closedV C	 1615	 0431	 375 62 7	 712 1439 549
B	 LOW SILl.	 2	 Steel dosed •	 1	 1981	 0 518	 382	 66 18	 1676 47 9
8	 Manst,&Ksufmsn	 4	 Steel dosed •	 1	 20.12	 0419	 480	 66 16	 1783 61.2
8	 (1958)	 5	 Ste.ldo.ed	 1	 13.72	 0.419	 327	 57 18	 715	 360
B _________________	 6	 Steel closed	 1	 1981	 0468	 423 66 18	 1655 519

OGEECHEE RIVER

C	 Vesic(1970)	 (4-16 Stee)closed	 1	 1501	 0457	 328	 69 05	 1539	 71.4

o	 DRAMMEN	 A	 Conc. dosed	 1	 8.00	 0.280	 286 38 7	 94 13.4
D	 Gr.gats.n, Ass & Dibsgio	 A	 Conc. closed	 C	 8.00	 0.280	 28.8	 38	 7	 69	 214 30.4
0	 (1973)	 D/A Conc. closed	 1	 16.00	 0.280	 57.1	 31	 7	 254	 180
o	 0.4 Conc. closed	 C	 16.00	 0.280	 57.1	 31	 118	 397	 282
D _____________________	 E	 Conc. closed	 1	 23 50	 0.280	 83.9	 31	 7	 287 13 9

LOWER ARROW LAKE
E McCsmmon & Colder (19701	 1A	 Steel open	 C	 45 42	 0610 0067 74 5	 34 20	 2750 1629 18 7
F	 MUSTANG ISLAND	 1	 Steel open -	 T	 21 03	 0610 0076 34.5	 85	 7	 1823 56 8
F	 Rese & Cox (1976)	 2	 Steel open	 1	 21 03	 0610 0076 34 5	 85	 7	 1677	 52.2
G	 HOOGZAND	 I-, Steel open	 1	 7.00	 0356 0074 19.7	 92	 7	 817 1045
G	 Beringen. Windle &	 I-c	 Steel open	 C	 7.00	 0.356 0.074	 197	 92	 7	 956	 1323 169 2
G	 Van Hocydonk (1979) 	 II. t	 Steel closed	 1	 675	 0356	 190	 91	 7	 1105 146.6
0	 II - c	 Steel closed	 C	 6.75	 0.356	 19.0	 91	 7	 1324	 1535 203.6
G _____________________ Ill . t Steel open	 1	 5 25	 0.356 0.074 147	 88	 7	 538 91 7

OK	 DUNKIRK ICP	 DK1IL1C Steel closed J	 C	 7.4	 0.102	 72.5	 85 0.55	 92	 218	 92 1
OK	 This Thesis	 DK2/LIC Steel dosed J 	 C	 59	 0.102	 584	 89 0.63	 79	 153 80.3
OK _____________________ 01(3 Lii Steel closed J	 1	 7.4	 0.102	 72.5	 85 061	 185 77 8
OK	 DUNKIRK - CLAROM	 CLIT$9a Steel open •	 1	 11.3	 0.324 0.069 34.9	 77 176	 444 38.6
OK	 Brucy. Meunier & Nauroy CLJC89a Steel open • 	 C	 11.3	 0.324 0.069 34.9	 77 177	 507	 706	 61 4
OK	 (1991)	 CS/T89a Steel open • 	 T	 11.3	 0324 0.081	 34.9	 77 188	 381	 33.1
DK	 sad this thesis	 CSIC89a Steel open • 	 C	 11.3	 0.324 0081	 34.9	 77 189	 577	 637	 55 4
OK _____________________ LSIT89a Steel open •	 T	 2200	 0.324 0 081 67 9	 75 188	 1702 780
LB	 LABENNE - ICP	 L31/L1C tee) closed J	 C	 5.95	 0 102	 58.3	 48 0.63	 36	 62	 32.7
LB	 Lshane	 L82/L1C tee) closed J	 C	 1 83	 0.102	 17.9	 74 0.08	 37	 15	 26.1
LB	 11992)	 (.82 LiT 'eel closed 4 	 1	 592	 0 102	 58 0	 48 063	 49	 25 8

HUNTERS POINT
HP	 Biiaud eta) (1989)	 S	 tee) closed •	 C	 7.78	 0273	 28 5	 60	 24	 289	 151	 195

RAS TANAJIB
PT	 Heltrich eta) 119851	 C L2T tee) open •	 T	 1800 _0 610 0.150 295 100 30 - 12632 366.2
HT	 HSIN TA	 TP4	 tee) closed	 C	 34.25	 0 609	 56 2	 41 30	 890 2572 63 3
Hi	 Yen et al. (1989)	 TP5	 tee) closed *	 T	 34 25	 0609	 56 2	 41	 30	 1968	 484

AK	 AKASAKA	 IC	 Steel closed 4	 C	 7.00	 0.200	 35.0	 60	 7	 525	 628 142 8
AK	 BCP Committee	 69	 Steel closed 4	 C	 4.00	 0200	 200 48 7	 125	 46 18 2
AK	 11971)	 6C	 Steel closed	 C	 11.00	 0.200	 550	 69	 7	 561	 575	 83.2

LOS BARRIOS
LS	 Mey et SI (1985)	 P1/T2 Conc open	 1	 18 50	 0914 0253 202	 65	 7	 2300 43 3

S	 SEATTLE	 A	 Conc. closed	 C	 29.87	 0.610	 49.0	 56	 1112 3740 653
S	 Gurtowskj & Wu 11984)	 B	 Conc closed	 C	 25 60	 0610	 42.0	 56	 7	 1125	 3077 62 7

BG	 BAGHDAD	 1-Ill Conc. closed	 C	 11 00	 0285	 38.6	 47 50	 370	 592 53.2
80	 Aitaee at a). (1992)	 1-IV Conc. closed	 T	 11.00	 0.285	 386	 47 200	 584	 507
BC	 Aitsee at al (1993)	 2	 Conc closed	 C	 15 00	 0285	 52.6	 43	 30	 400	 1251	 824

BD	 LEMAN, Jardine 1995	 BD	 Steel open	 T	 38 10	 0660 0 141	 57 7	 50 80	 5000 63 3
ANVERS

AN	 Dc Beer & Waflays (1969	 GIl Steel open	 T	 8 30	 0318 0040 26 1	 67	 7	 872 105.1

LD	 LOCK & DAM 26	 3-2 Steel closed	 T	 1097	 0.305	 360	 97 23	 511 486
ID	 Bnsud. Moce. & Mitchell 	 3-5	 Steel closed	 1	 11.13	 0356	 31.3	 97 16	 561	 45 1
ID	 (19891	 3-9 Steel closed	 1	 1113	 0408	 274	 97 17	 823 579

HOKKAIDO
HO	 Kusakabe et sI (1989	 1	 Steel open •	 C	 4000	 1 016 0 154 394	 58 14	 1962 13544 108 1

CHIBA
C14	 Kusaltabe at 5) (1989	 2	 Steel open	 C	 4056	 0800 0 112 507 •••_	 •6	 5064	 497

KIMITSU
K	 lslxhsrs at 5) (1977)	 (427 Steel open •	 C	 19 80	 1 200 0 134	 16 5	 67	 7	 6000	 9100 121 9

TRANS-TOKYO BAY
I	 Shiou at ii (1992)	 TP	 'teel open	 C	 3060	 2 000 0290	 15 3	 76 52	 8397 26874 1399

CR	 CROMARTY FIRTH	 1	 Steel opn	 C	 13 10	 0.610 0121 21 5	 59	 7	 1240	 780 31 1
CR	 GCG(1988)&	 2	 Steelopen	 C	 1940	 0610 0.121 318	 64	 7	 1200 1283 345
CR	 Tomhn.on (1994)	 2	 Steel open	 1	 1940	 0610 0.121	 318	 64	 7	 1137 306
CR	 3	 St.elcpen	 C	 2810	 0762 0138 389 83 7	 1350 1960 291
CR	 3	 Stee open	 T	 2810	 0762 0136 369	 63	 '	 1640 244

Notes • With external channels	 % Assuming en 85% increase in siiaft capacity over 5 years
Excluding cohesive layers	 J Jacked	 V Vubrodrlven

Table 9.8	 Database of pile tests in sand
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Figure 9.12 Database of pile tests in sand: Peak average shear stress
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Figure 9.14 API predictions for shaft capacity in sand
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Figure 9.15 IC predictions for closed-ended piles
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Figure 9.16 IC predictions for open-ended piles
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The Author's new approach for closed-ended piles leads to a much lower degree of scatter than

the API calculations and no obvious skew for different sand densities, pile dimensions, test

direction or installation method (jacked vs. driven). Similarly, the proposed modifications for

open-ended piles give reasonable results, although there is more scatter than with closed-ended

piles and a slight tendency for capacities in tension to be overpredicted. The full range of

predictions for open and closed-ended piles lie between QJQm = 0.33 to 1.74, i.e. the variation

in results is half that found with the API method.

The statistical analysis of the predictions is summarised in Table 9.9 and displayed in detail in

Table 9.10 which subdivides the records according to pile type and test direction. Mean QC'Qm

(ii), standard deviation (s), coefficient of variation (COV=s/j.t) and the ranking index (RI)

described in Section 9.4 are tabulated.

We note the following:

The API RP2A method leads to p.=0.86, s=O.56 and COV=0.65.

All variations of the IC approach give more reliable predictions.

Table 9.10 shows that the Author's new IC approach for closed-ended piles is an

improvement on the original 1992 version, providing t values closer to unity and

smaller s. RI is improved for all pile types and test directions. Less variation was

found for the steel piles, probably due to the higher quality of the test data. Overall for

closed-ended piles, Lt=O.94 and COV=0.27.

Adoption of the R* modification for open-ended piles significantly improves accuracy

and reduces scatter. Although the new IC approach gives the best performance, Table

9.10 shows that the open-ended capacities were still overestimated by an average of 12%

in tension and 4% in compression. The difference may be due to lower shaft capacities

in tension loading due to the Poisson-related reductions in pile diameter (as exhibited

by the CLAROM piles - see Section 8.7.1) or contributions from the pile plugs in

compression loading. Overall for open-ended piles, l.08 and COVO.34.

Combination of the new IC equations and the R* approach for open-ended piles leads

to z=0.99 and COV=0.30 for the complete database and the lowest overall RI of 0.38.

The new approach effectively removes the systematic bias with pile length and sand

density and more than halves the variation about the mean.

The greatest precision was obtained for the tension tests on closed-ended piles (COVO.21) and

this is probably the best achievable given the quality of the strain-gauge data, available soil
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parameters,' different pile types, loading methods, time effects after installation and interaction

effects between adjacent reaction piles and loading frame surcharges.

The reliability of the Author's new approach tested against the full database is statistically much

better than that offered by the LPC cone, Toolan et al., and Randolph et al. methods as assessed

against the more limited number of tests considered in Section 9.4, or by Gavin & Lehane's

(1996) independent study.

At present, the R* modification for open-ended piles slightly overestimates shaft capacity In

tension (probably due to larger Poisson effects for more flexible open-ended piles) and for

design purposes a reduction factor of 0.9 is recommended. 2 In compression, the average

overprediction is just 4% and a reduction factor is not considered necessary, though any

additional contribution from internal shear stresses should be disregarded. Plug effects are

concentrated close to the pile toe and are considered as being contributors to base capacity, as

discussed in Section 9.7.

There was no discernable tendency for QC'Qm to reduce with increases in the allowed

equalisation period. In the absence of systematic research into ageing effects in different sand

types and for various pile configurations, specific time-related modifications have not been

incorporated into the design approach. It is possible that some of the secondary features of pile

behaviour, listed in Section 9.2 might have counteracted the time-related gains in shaft capacity.

However, the trends shown in Figure 8.21 may be used as a tentative guide to long-term set-up

where load tests have reliably measured medium-term shaft capacity.

The new proposals have been shown to offer a great improvement on existing design methods,

performing well for open and closed-ended piles, in a range of different sand densities and for

a wide variety of different pile types and sizes.

The precision was greater for predictions made using CPT measurements compared to
SPT blowcounts (with s=O.27 and 0.33 respectively for all of the available case records).

2 Application of this reduction factor leads to the following changes to the statistical
results in Table 9.10: for the open-ended piles tested in tension, i reduces to 1.01 and
COV remains the same; for the complete database ,.L=O.97, COV=O.30 and R1=O.39.
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Mean	 Standard Coefficient of Ranking
deviation	 variation	 Index

______________________	 M	 s	 COV	 RI

API RP2A (1993)	 0.86	 0.56	 0.65	 0.96

IC approach (1992)	 1.16	 0.53	 0.45	 0.47
umnodified for open-ended piles

IC approach (1992)	 1.04	 0.39	 0.37	 0.39
with R* for open-ended piles

New IC approach (1996)	 1.11	 0.44	 0.40	 0.41
unmodified for open-ended piles

New IC approach (1996)	 0.99	 0.30	 0.30	 0.38
with R* for open-ended piles

Table 9.9	 Assessment of shaft capacity predictions for 65 pile tests

9.6 BASE CAPACITY OF CLOSED-ENDED PILES

9.6.1 Background

In addition to shaft capacity, pile designers must also consider contributions from the base,

particularly for piles in sand where this may amount to 10 to 70% of total pile capacity (Figure

9.17). However, the large number of existing design methods described in Section 2.5 suggest

a wide range of possible values for end resistance. Very few of these methods take account of

the scale effects that have been highlighted in field and laboratory studies. Dc Beer (1965)

noted that the bearing capacity of surface footings reduced with diameter and similar trends were

observed by Tatsuoka et al. (1994) who attributed this to the formation of thin shear bands,

around 20 sand grains thick (20 D50). Dilation effects concentrated within these shear bands

would have a greater effect on the bearing capacity of small foundations. Variations in sand

strength and stiffness with anisotropy and stress and strain levels may also contribute. Scale

effects for deep foundations have been detected by, amongst others, Kérisel (1961), the BCP

Committee (1971), De Beer (1979) and Tejchman & Gwizdala (1979) as described in Section

2.5.4. The only references to these in design are given in:

(i) the LPC cone method (Bustamante & Gianeselli, 1982) where factored values of CPT

q are recommended and

(ii) Meyerhof (1983) who published a series of q,Iq reduction curves for large diameter

bored and driven piles, founded in sands of different densities.
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	Closed-ended	 Open-ended

	

Calculation method	 Concrete	 Steel	 Steel & Concrete
	 Total

	

______________________ comp tens comp tens All comp tens 	 All

Number of piles	 N	 6	 5	 14	 16	 41	 11	 13	 24	 65

API RP2A	 i	 0.85	 1.62	 0.68	 0.77 0.85	 0.91	 0.83	 0.87	 0.86

(1993)	 s	 0.27	 1.05	 0.35	 0.24	 0.52	 0.74	 0.55	 0.63	 0.56

COV	 0.32	 0.65	 0.51	 0.31	 0.61	 0.81	 0.66	 0.73	 0.65

	Ri	 0.55	 0.97	 1.13	 0.75	 0.86	 1.13	 1.17	 1.14	 0.96

IC approach	 i	 0.85	 0.92	 0.92	 0.96	 0.93	 1.48	 1.61	 1.55	 1.16

(1992)	 s	 0.43	 0.23	 0.29	 0.23	 0.28	 0.56	 0.68	 0.62	 0.53

unmodified for	 COV	 0.50	 0.25	 0.31	 0.24 0.30	 0.38	 0.42	 0.40	 0.45

open piles	 RI	 0.74	 0.36	 0.41	 0.31	 0.42	 0.69	 0.86	 0.78	 0.47

IC approach	 ji	 As above	 1.20	 1.27	 1.24	 1.04

(1992)	 s	 0.49	 0.48	 0.47	 0.39

with R* for	 COV	 0.41	 0.38	 0.38	 0.37

open piles	 RI	 0.50	 0.62	 0.56	 0.39

IC approach	 .i	 0.81	 1.03	 0.96	 0.94	 0.94	 1.34	 1.48	 1.41	 1.11

(1996)	 s	 0.33	 0.33	 0.25	 0.19	 0.25	 0.49	 0.59	 0.54	 0.44

unmodified for	 COV	 0.41	 0.32	 0.26	 0.21	 0.27	 0.36	 0.40	 0.38	 0.40

open piles	 RI	 0.69	 0.34	 0.30	 0.29	 0.37	 0.58	 0.76	 0.68	 0.41

IC approach	 j.	 As above	 1.04	 1.12	 1.08	 0.99

(1996)	 s	 0.37	 0.37	 0.36	 0.30

with R* for	 COV	 0.36 0.33	 0.34	 0.30

open piles	 RI	 0.38	 0.47	 0.41	 0.38

Notes: comp = compression; tens = tension
= mean Of Qc1Qm

s = standard deviation
COV = coefficient of variation = s x
RI = ranking index I [lfl(QcIQm) I + 5[lfl(Qc/Qm)1 Optimum value =0

Table 9.10	 Statistical analysis of shaft capacity predictions

The compilation of the database of high quality pile tests in sands, where base loads are

measured accurately and residual stress effects are taken into account, has allowed a fresh insight

into the factors affecting base capacity. The accuracy of current design approaches are examined

and new design recommendations for base capacity are proposed. . This Section deals only with

closed-ended piles; the open-ended condition and plug behaviour are considered in Section 9.7.
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9.6.2 Observations from the database

The API RP2A (1993) approach evaluates base capacity in terms of N q ( q/a') and imposes

maximum limits for q, as described in Section 2.5.1. Both are considered to vary with grain size

and density as listed in Table 2.1. Figure 9.18 compares the API N q and qb limiting values with

the database measurements. It is clear that the API recommendations are generally higbly

conservative for closed-ended piles (particularly the small diameter ICP), but unconservative for

the large 0.6m diameter piles at Seattle (denoted "S") and 1-Isin Ta (HT).

As discussed in Chapter 2, shallow foundation bearing capacity theory does not offer a sound

approach for the analysis of deep foundations, which are better modelled using contained failure,

cavity expansion type approaches. However, the parameters required for the latter, such as shear

modulus (0), dilation angle (M') and strength (4)) are difficult to determine and vary with stress

state, strain level and sand anisotropy. Design methods using CPT q measurements circumvent

the need to assess the full end bearing failure mechanism since the CPT provides direct evidence

of the resistance developed beneath a pile-shaped penetrator. The effects of YSR and c' are

included in the measurements and averaging techniques can be used to combat the effects of

sand inhomogeneity. The ICP results at Dunkirk and Labenne correlated well with CPT values.

The qb' values for the closed-ended piles are shown on Figure 9.19(a), where 4 is the average

CPT base resistance 1.5 pile diameters above and below the pile toe depth, as recommended by

Bustamante & Gianeselli (1982). Where CPT measurements were not available SPT N values

were converted to equivalent CPT q using the procedure described in Appendix D. Full details

of the measured base capacities and pile sizes can also be found in Appendix D. The following

observations are made:

•	 A striking scale effect is visible, with the proportion of CPT resistance mobilised by the

pile decreasing with increasing pile diameter.

A very slight density effect is noticeable for piles of the same diameter, with qb'

reducing with increasing density, confirming the trends noted by the BCP Committee

(1971). The exception was in the loose sand at Drammen (D) where q << . The base

capacities at this site were probably underevaluated as the shear stress profiles suggest

that residual stress effects were not fully accounted for.

Pile jacking as opposed to driving had little effect with the jacked piles at Akasaka (AK)

developing 10% lower base capacities in comparison to the driven pile. However,

vibrodriving at Arkansas (A) reduced the base resistance by 33% in comparison to the

three driven piles.
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9.6.3 Trends for closed-ended piles

In order to verify the trends noted above for base resistance and to examine behaviour at

diameters greater than 0.6m, the database results were supplemented by those from a field study

at Kallo by Dc Beer (1979). In this thorough research programme the effects of scale were

studied using a conventional 36mm diameter CPT, a 250mm CPT and 6 straight shafted Franki

piles with expanded bases. The Franki piles were formed by driving a steel pile with a

detachable, over-sized, steel base plate to = 9.5m and then hammering in dry concrete to force

out the base plate and create an enlarged bulb. The upper 8m of pile shaft was formed through

soft clay and peat and the base capacity was evaluated by deducting the estimated shaft load

from the total load. Since the shaft component was small (= 10% of total load), any errors in

this assessment would have made little difference to the calculated base loads. Before pile

driving, a CPT test was conducted over the exact pile location and after testing, the piles were

exhumed for precise measurement of the bulb dimensions.

The Kallo results (denoted "KA" on Figure 9.19(a)) range from 0.25 to 0.9m in diameter and

show remarkable agreement with the trends from the database. A regression analysis was

performed on the complete set of results (28 datapoints) yielding the following best correlation

(r2 = 0.65):

q/q = I - 0.5 log (D/DCPT)	 Eqn 9.6

where CPT diameter, D 1=0.036m. The scatter in results meant that no meaningful relationship

with relative sand density could be deduced.

Equation 9.6 is superimposed on Figure 9.19(a) and indicates a 50% reduction in base resistance

for a tenfold increase in diameter from the CPT at 36mm to a pile of 360mm; extrapolating to

2m diameter leads to q,/=O.I3, and at 3.6m q,/ö =0 is inferred. The last result is clearly

unreasonable. Examination of open-ended pile behaviour in Section 9.6 shows that the

assumption of q = beneath the solid pile annulus leads to reasonable predictions for

unplugged base capacity. The pile wall thickness is similar to the diameter of the CPT and scale

effects are not considered significant. This relationship leads to the base capacity of a I .55m

diameter open-ended pile equalling that predicted using Equation 9.6 for a closed-ended pile of

the same dimensions. In the absence of pile test data for diameters greater than a metre, this is

considered a reasonable lower bound for closed-ended piles, i.e. at D>1.55m, q =

However, closed-ended piles of this size are rarely used in practice.
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Most pile design methods, including the cavity expansion models and those using direct in situ

test results, do not consider the strong scale effects displayed by the database. Randolph et a!.

(1994) imply that pile base resistance should equal CPT q, which would lead to highly

unconservative predictions at large diameters. The scale effect explains why the API method

overpredicts the base capacities of the O.6m diameter piles at Seattle and Hsin Ta but

underpredicts the small diameter pile tests. In light of this phenomenon, the scatter in results

and range of proposed theories on Figure 2.16 is not surprising.

Figure 9.19(b) indicates the trends with pile scale evaluated by Meyerhof (1983) and the design

qb1q ratios specified in the LPC approach. While Meyerhofs curves do not match the present

findings, the LPC recommendations are in good agreement with Equation 9.6 for pile diameters

between 0.3 and 0.6m, i.e. typical onshore pile sizes.

9.7 BASE CAPACITY OF OPEN-ENDED PILES

9.7.1 Background

The base capacity of open-ended piles is complex since it comprises end-bearing on the annular

area of steel and some internal shaft friction from the soil plug as described in Section 2.6. The

behaviour of the pile plug, the magnitude of the internal stresses developed and the factors

controlling plugging are still not fully understood. A brief description of base behaviour is given

below to assist the following arguments.

During loading the end-bearing capacity of the soil beneath the annular steel pile tip is mobilised

first. With further penetration the pile plug is forced to move upwards. Plug movement is

resisted by shearing at the pile wall and the development of internal shear stresses. Hight et al.

(1996) show that the shear band is narrow and develops progressively from the base upwards.

In dense sand conditions' dilation is produced, causing an increase in the internal radial stress

(a'), the magnitude of which depends on the soil compressibility and pile diameter. In small

diameter piles, dilatancy can promote arching mechanisms and plugging such as that shown in

Figure 8.17 where the plug "locks up" and moves in synchrony with the pile. The influx of new

material through the base is opposed, causing the development of significant resistance over the

full base area of the entrapped cylinder of soil. The displacements required to mobilised this

Sand density is usually high in the plug and around the pile base (Kishida, 1967).
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plug end resistance are greater than that for closed-ended piles since the internal shear stresses

and arching mechanisms can only be developed after some plug compression or movement.

Kishida & Isemoto (1977) and others (see Section 2.6.4) showed that the internal shear stresses

are concentrated along the lower two pile diameters next to the pile toe. This is supported by

the full-scale field tests at Dunkirk described in Chapter 8 where full plugging was maintained

and the base resistance and stifThess remained undiminished after the soil column was cored

down to a height of only one pile diameter. Similar results were found in the CLAROM tests

on 70mm diameter piles installed in loose, dense and calcareous sands. However, Hight et al.

(1996) highlighted the strong influence of pile diameter on plugging due to the confined stress

conditions within the plug. In the absence of further large-scale instrumented pile tests where

this is investigated, it is difficult to predict the soil plug contribution at moderate settlements

(e.g. DuO). The joint-industry EURIPIDES field tests in the Netherlands may provide additional

much-needed information on plugging mechanisms for large-scale piles in sand!

The base capacity at failure of a plugged open-ended pile would be expected to be lower than

that of a closed-ended pile since:

(i) the overall base stiffliess is lower as some initial pile displacement is required to

mobilise plug resistance. This develops progressively from the base and depends on the

vertical stiffness, shear stiffness, dilation characteristics and radial compressibility of the

sand core;

(ii) the density and stiffness of the sand directly beneath the pile base will be less than that

beneath a closed-ended pile (Kishida, 1967) because the sand beneath the soil column

has not experienced the same degree of pre-stressing and pre-stiffening during driving.

9.7.2 Observations from the database

In order to examine the effects of scale, the four CLAROM pile tests on 70mm diameter open-

ended piles in dense Dunkirk sand at the Pont a Roseaux site (see Section 8.2) were added to

the database of base capacity measurements in sand, bringing the total number of open-ended

compression tests to 14. Base load, Qb. was evaluated by extrapolating the axial load

distributions beyond the lowest set of strain gauges (located I diameter from the pile toe), as

The results are planned to be released in the year 2000.
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described for the CLAROM piles in Section 8.4.3.' Note that the database is biased towards

dense sand conditions and there were no piles founded in sand with D, < 55%. Though this is

applicable to many North Sea locations, plug behaviour in loose sands may be quite different.

As the pile base resistance is first developed on the annular area of steel, it seems appropriate

to begin by examining end resistance in terms of this area, i.e. q,, = Qb/Øt - R2mn)).

Figure 9.20 shows q,,Jö against pile diameter and initial sand density at the founding level. In

sharp contrast to the closed-ended piles where was always less than I, q/ö ranges between

0.91 and 4.3, tending towards the higher values for small diameters and high sand densities. The

results indicate that q1,j=I can be considered a reasonable lower bound for open-ended base

capacity, i.e. the base capacity of unplugged piles may be calculated:

Qba = ti it (R2 0 , -	 Eqn 9.7

(a)	 Plugging criteria

One possible reason for q 3/ exceeding unity may be the stress interactions between the

opposite sides of the pile wall. This could cause distorted failure mechanisms around the pile

wall and higher bearing capacities, as shown two dimensionally by Stuart & Hanna (1961) and

described in Section 2.6.4. However, their results suggest that this effect should be minor for

the wall thickness to diameter ratios considered in the database.

The most likely explanation for the high q 1,,/ values is the existence of internal shear stresses

acting below the lowest strain-gauges which are due to partial or full pile plugging similar to

that found for the full-scale CLAROM piles at Dunkirk (Section 8.7.2). Note that in the case

where a full plug forms, bearing capacity failure in the underlying sand may not develop before

the settlement reaches D/l 0. The ultimate resistance will also be subject to a similar scale effect

to that seen with closed-ended piles.

Direct measurements at Dunkirk (DK) and Hoogzand (G) showed no changes in plug height

during loading, implying full plugging, but not necessarily full end-bearing failure. At these

sites, the base resistances evaluated over the annular area (q) were slightly higher than the

mean CPT resistance, . This suggests that qt,1>. may be used as an indicator for full plugging

and that only the three piles where q 1^ remained unplugged, i.e. those at Hokkaido (HO),

Except at Cromarty (CR) where the base load was evaluated by comparison of tension
and compression capacities.
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Trans-Tokyo Bay Highway (T) and the 0.76m diameter pile at Cromarty (CR).

Figure 9.20 shows that the occurrence of plugging depends on both pile diameter and sand

density with plugging generally occurring for piles with diameters smaller than 0.7m founded

in sand densities greater than 70%. However, plugging was also apparent for a 1.2m pile at

Kimitsu (K) founded in very dense sand. The relationship between pile diameter and sand

density is explored in Figure 9.21(a) which distinguishes between plugged and unplugged piles.

The available data allows the following criterion for plugging to be proposed:

D, < 0.02 (D1 - 30)	 Eqn 9.8

where is the internal pile diameter in metres and D, is expressed as a percentage. This

implies that plugging is unlikely for pile diameters greater that I .4m or piles of any practical

diameter installed in sand with relative density less than 30%. Alternatively, Figure 9.21(b)

shows the relationship with direct measurements of q. The criterion for plugging becomes:

^ 0.03 q

where D, is in metres and q is in MPa. .This may be expressed in non-dimensional terms

by introducing the CPT diameter (DCPT = 0.036m) and atmospheric pressure (P 1=1 OOkPa):

DI,.,IDCPT ^ 0.083 q1P1 	 Eqn 9.9

The results from Kishida & Isemoto (1977) and I-light et al. (1996) and the one-dimensional plug

capacity analyses of Murif et al. (1990) and Randolph Ct al. (1991) indicate that the development

of a long plug in a relatively small diameter pile (i.e. one with a high PLR 2) during driving

would encourage plugging in static loading. This suggests that higher values of q1,1/o would be

obtained for piles with high PLR. The test data on Figure 9.20(a) are annotated with PLR and

overall filling ratios3 but no such trends are visible. The Kimitsu pile (K) exhibits plugging even

One "probably plugged" pile at Cromarty lies outside the zone where plugging is
predicted, suggesting that this criterion is more conservative than that in Equation 9.8.
The Cromarty results are less reliable since the piles were not instrumented and q was
inferred from SPT results.

2 Plug length ratio = H.JD where H. is the plug height.

Filling ratio = H/L, an indicator of the relative vertical stress at the base of the plug
compared to the free-field vertical effective stress.
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though PLR13, while plugging is not apparent for the Hokkaido pile (1-10) with PLR=35. The

results show that sand density has a greater effect and supports the conclusions of Tomlinson

(1994) (see Section 2.6.4) and Brucy et al. (1991) who showed that reducing the plug height to

one pile diameter did not reduce the static base capacities of the 0.324m diameter piles at

Dunkirk.

(b)	 Plugged base resistance

Figure 9.22 compares q,, the pile base resistance over the full base area (q, = Qb/xR2O,,), and

. The values of q,Iö calculated using the lower bound q( relationship given in Equation

9.7 are indicated by crosses. The magnitude of this value depends on the wall thickness to

diameter ratio. The capacities of the three unplugged piles are well matched. However, the base

resistances of the plugged piles are significantly greater and follow a similar trend to closed-.

ended base resistance, with qb'q reducing with increasing pile diameter. A curve representing

50% of qb' for closed-ended piles provides a conservative fit to the II plugged pile results.

The fact that fully plugged piles develop lower base capacities than closed-ended piles of the

same dimensions is not surprising, as peak load in compression tests was defined after a pile

head displacement of DuO and open-ended piles possess lower base stifThess characteristics for

the reasons described in Section 9.7.1. The capacity of open-ended piles often continues to rise

with displacements greater than DuO, suggesting that base capacities could approach those of

closed-ended piles at very large displacements. This "reserve" base capacity could provide an

extra factor of safety against catastrophic failure in compression.

The base resistance of fully plugged open-ended piles is recommended as being 50% of that

given by Equation 9.6 for closed-ended piles, i.e.:

Qb =	 t R2	 [0.5 - 0.25 log (DfD,.)]	 Equ 9.10

At large diamete& this falls below the lower bound base resistance for unplugged piles given

by Equation 9.7. Therefore, it is suggested the base resistance of plugged large diameter piles

should be calculated using both the plugged and unplugged formulae taking whichever is the

greater as the design capacity.

The proposed design procedures for base capacity are summarised in Table 9.14 of Section 9.9.

At D>1.4m for a typical pile with 10% displacement ratio.
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9.7.3 Comparison with Japanese National design recommendations

The database results are in general agreement with the Japanese National codes (e.g. OCDI,

1991) and the Hight et al. (1996) study which predict plugging for pile diameters smaller than

0.6 or 0.7m respectively (Section 2.6.5). However, the present study has highlighted the dual

effect of sand density at the founding level, indicating that piles of up to I .4m diameter may

plug if founded in very dense sand and suggesting that plugging would not occur at any practical

diameter in loose sand where Dr<30%.

The Japanese codes assume that plugged piles develop the same base resistance as closed-ended

piles. Whereas this may be true after large displacements, the field and laboratory data indicate

that open-ended piles have lower base stiffnesses and only attain =50% of the base resistance

achieved by equivalent closed-ended piles after D/1 0 displacement.

It is believed that the high quality pile test data and direct comparison of q and q' used in this

study reduce the scatter in results and provide a clearer insight into base behaviour.

9.7.4 API recommendations

The API uses a static equilibrium approach to assess the likelihood of plugging as described in

Section 2.6.5. The internal shaft friction is computed using the same procedure as external

friction for the entire plug length. The resulting plug capacity is compared to the end bearing

capacity calculated over the full base area, and the lesser of the two is adopted as the pile base

capacity.

The recommendations diverge from observed trends in open-ended pile behaviour in the

following respects:

Internal shear stresses are assumed to develop along the entire plug length after

relatively small pile displacements.

The magnitude of internal and external shear stresses are assumed to be identical.

The exponential increase in internal shear stresses towards the pile toe is not modelled;

plug capacity is presumed to be proportional to plug height.

The effect of pile diameter on soil dilation, arching and the onset of plugging is not

considered.

The Japanese used SPT blowcounts. GCGfHight et al. used bearing capacity factors, Nq.
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Fully plugged piles are expected to develop the same end bearing capacity as closed-

ended piles.

The next Section examines the accuracy and reliability of the new IC base capacity proposals

in comparison to those of existing design methods.

9.8 PREDICTIONS FOR BASE CAPACITY USD4G EXISTD4G METHODS

Predictions were performed for the closed and open-ended piles in the new database of pile base

capacity measurements in sand using the following:

The API RP2A (1993) recommendations which give N q values based on sand density

and grain size and use a static equilibrium approach to assess the likelihood of plugging.

•	 The LPC cone method (Bustamante and Gianeselli, 1982) which estimates q, b

applying reduction factors to based on sand density. The authors noted that plugging

may not occur in open-ended piles and that their base capacities should be checked

through load tests. In this simple analysis all open-ended piles are assumed to be fully

plugged.

An approach which implies that q, = regardless of pile diameter or sand density (as

in cavity expansion theory). Open-ended piles were assumed to be plugged in this

analysis.

The Author's new proposals described in Sections 9.6 and 9.7

Descriptions of the existing design methods are given in Section 2.5 and 2.6 and the predictions

are tabulated in Appendix D. Table 9.11 summarises the main features of the extended database

for base capacity and Table 9.12 presents the statistical analysis of the predictions. Figures 9.23

to 9.25 display the QiQm predictions, distinguishing between the piles which were evaluated as

being plugged and unplugged in the calculations.

The following observations are made:

•	 Figure 9.23 shows that the API estimates of closed-ended base capacity are highly

skewed with respect to pile diameter with underpredictions for small diameter piles and

overpredictions for the large diameter piles at Seattle. On average, base resistance is

underpredicted by 30% and COVO.59.



513

Closed-ended	 Open-ended	 All

Number of piles	 28	 14	 42

Steel	 16	 14	 30

Concrete	 12	 0	 12

Average length (m) 	 11.3	 16.4	 13.0

Range of lengths (m) 	 1.1 -45.4	 2.0 - 40.6	 1.1 - 45.4

Average diameter (m)	 0.40	 0.59	 0.46

Range of diameters (m)	 0.10 - 0.91	 0.07 -	 2.00	 0.07 - 2.00

Average sand density, D (%)	 69	 84	 74

RangeofD(%)	 25-95	 57-96	 25-96

Table 9.11	 Properties of the database of base capacity measurements in sand

Calculation method	 Closed-ended	 Open-ended	 Total

Concrete	 Steel	 All

Number of piles	 N	 12	 16	 28	 14	 42

API RP2A (1993)	 .t	 0.85	 0.59	 0.70	 0.92	 0.78

s	 0.49	 0.32	 0.41	 0.90	 0.62

COV	 0.58	 0.54	 0.59	 0.98	 0.80

RI	 0.78	 1.15	 1.01	 1.57	 1.23

LPC cone method	 0.66	 0.65	 0.65	 1.87	 1.06

Bustamante &	 s	 0.42	 0.32	 0.36	 1.45	 1.04

Gianeselli	 COV	 0.64	 0.48	 0.54	 0.78	 0.98

(1982)	 RI	 1.46	 1.11	 1.26	 1.33	 1.22

"Cavity expansion"	 2.36	 1.95	 2.13	 5.22	 3.16

approach	 s	 0.58	 0.61	 0.62	 3.46	 2.50

COy 	0.24	 0.31	 0.29	 0.66	 0.79

RI	 1.13	 0.93	 1.03	 2.10	 1.53

IC approach (1996) 	 1.01	 1.06	 1.04	 0.93	 1.00

	

0.25	 0.19	 0.22	 0.14	 0.20

COV	 0.25	 0.18	 0.21	 0.16	 0.20

RI	 0.28	 0.21	 0.23	 0.25	 0.22

Notes: t mean of Qc/Qm
- standard deviation

COV = coefficient of variation = slj.i
RI = ranking index = I t [lfl(Q,/Qm) I + S[lfl(QcIQm)1 Optimum value =0

Table 9.12	 Statistical analysis of base capacity predictions in sand
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Figure 9.23 API predictions for base capacity
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Plugging is only predicted for two of the open-ended piles, Hokkaido and Chiba, though

the field measurements at Hokkaido do not indicate plugging. This results in the base

capacity at Hokkaido being greatly overpredicted while unforecasted plugging in the

other piles led to substantial underprediction of capacities. The mean Q/Qm0.92 but

the scatter is unacceptably high with COV=0.98.

Figure 9.24(a) shows that the LPC cone method is very conservative for closed-ended

piles founded in loose sands. No guidelines were given to assess plugging, hence open-

ended base capacities are generally overpredicted with mean QJQm=1.87. For the

complete database COV=O.98, but the ranking index identifies this as being the second

best out of the four methods, marginally ahead of the API method.

The qb-q assumptions lead to the worst predictions as shown in Figure 9.24(b) with the

base capacities of all of the open and closed-ended piles being severely overpredicted.

A distinct scale effect is displayed with the 2m diameter Tokyo pile overpredicted by

a factor of 13.

The Author's new proposals for the base capacity of closed-ended piles shown on Figure

9.25 provide excellent results with average Q/Qm=1.04 and COV=0.2l. No scale effect

is visible with comparable accuracies for steel arid concrete piles.

The predictions for open-ended piles are slightly conservative with QC'Qm =0.93 and

COV=0.16.

For the complete database QJQm =i .00 and COV=0.20. The ranking index confirms the

superior predictions.

The Author's design proposals for base capacity in sand were developed using the same database

as that used to test their reliability and can therefore be expected to give good results. However,

the analysis highlights the severe deficiencies in the current design methods which appear to be

unsafe for long open-ended piles and conservative for small diameter, closed-ended piles. The

assumptions made in the current API recommendations contradict many of the observations

made in field and laboratory tests and result in misleading predictions for plugging.
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The basic mechanisms involved in plug behaviour have not been researched thoroughly and the

Author's new proposals have been developed using the features of pile behaviour identified by

previous research and field tests to interpret a database of high quality pile tests. The following

factors are taken into account: (i) the effects of pile diameter on closed-ended pile capacity, (ii)

the effects of sand density and pile diameter on plugging in open-ended piles, (iii) the lower base

stiffnesses of fully plugged open-ended piles compared to closed-ended piles (iv) the reduced

base capacity of unplugged piles. The conclusions require further verification for large-scale

piles and piles in loose sands.

Clearly, there is a need for more detailed investigations into plug behaviour and the internal

shear stresses developed at the pile toe. Large-scale field tests are desirable since base

resistance, dilation and arching are all strongly affected by scale; the results of the EURIPIDES

programme will be valuable in this respect. Numerical analyses may shed more light on the

separate influences of pile diameter and sand density on plug capacity or provide an insight into

the interaction effects between stresses developed beneath the pile annulus and those acting on

the internal and external pile walls.

9.9 RECOMMENDATIONS AN]) CONSIDERATIONS FOR DESIGN

The proposed design recommendations are summarised below in Tables 9.13 and 9.14.
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9.9.1 Shaft capacity

A SHAFT CAPACITY OF CLOSED-ENDED PILES

Al Q 7rD hf dz	 Shaft capacity is the integral of the local shear

stresses along the embedded shaft length

A2 t = c? tan 8	 Local shear stress is expressed using the Coulomb

(o' + Aa,)	 failure criterion

A3 a	 0.029 q (a',jPJ° (h/R)° 3	Local radial effective stress after pile installation

and equalisation is a function of CPT base resistance,

free-field vertical effective stress (normalised by

standard atmospheric pressure, P = lOOkPa) and the

normalised height above the pile tip. q is not

corrected for YSR and hJR is limited to a minimum

of 8.

A4	 ' = 2G öh IR	 The dilatant increase in local radial effective stress

G,,.., = q,, [A + B - Cr1 2 J'	 during pile loading is related to sand shear stiffuess,

where ii = q (P1 o' 0y° 5	pile roughness and radius. G is given by Baldi et

A = 0.0203	 al.'s (1989) correlation with CPT q. 6h =

B = 0.00125	 2Rcia0.02mm for typical offshore piles

C = I.216e-6

AS 8 =	 The interface angle of friction at failure is equal to

that in constant volume shearing interface ring shear

e.g. D50 = 0.1,	 = 32 0	tests. Alternatively it may be estimated using mean

D50 = 0.5, 8 = 25 0 	 grain size (D50) and the relationship shown on Figure

= 1.0, &.,, = 23°	 5.32.

A6 rf = (0.8a' + a'1) tan 5.	 In tension loading Equation A6 should be used in

place of Equation A2. This accounts for reductions

in shaft capacity due to principal stress rotation and

Poisson-type contraction of the pile shaft under load.

B SHAFT CAPACITY OF OPEN-ENDED PILES

B3	 = 0.029 q (a.,JP1)° (h/R')° 38	As above, except that Equation A3 is replaced by B3

R* (R2 - R2m )	 incorporating an equivalent radius, R*. hIR*^8.

Shear stresses in tension should be reduced by a

further 10% to account for further Poisson effects.
=

Table 9.13	 Procedures for shaft capacity calculations
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As a guide, and illustrating the effects of scale and relative sand density, Figure 9.26 shows the

resulting 3 ( Iã',) curves for closed-ended piles of different slenderness ratios, LID. These

were calculated for (a) a O.32m diameter closed-ended pile and (b) a Im diameter closed-ended

pile. The water table was assumed to be at the ground surface and 8 = 27°.

9.9.2 Base capacity

C BASE CAPACITY OF CLOSED-ENDED PILES

Cl q = 4 [I - 0.5 log (DfD)]	 Pile base resistance is related to the average CPT

end resistance at the founding depth, and the relative

pile and CPT diameters.

A lower bound limit f q, = O.l84 is suggested for

piles with D> 1.55m.

is averaged 1.5 pile diameters above and below the

pile toe. D=0.036m.

D BASE CAPACITY OF OPEN-ENDED PILES

Dl	 <0.02 (D1 - 30)	 A rigid basal plug can develop during static loading

if these criteria are satisfied.

^ 0.083 öJP1	The first equation gives D,, in metres and D in %.

Atmospheric pressure, P1=1 OOkPa.

D2 Qb = qb iz R2	Fully plugged piles develop 50% of the end

q = 4 [0.5 - 0.25 log (DfD 1)J resistance of closed-ended piles of the same diameter

(given by Equation Cl) after a pile head displacement

of D/lO. Equation D3 provides a lower bound to this

expression at large diameters.

D3 Qb = qb.' (R2 , - R2 a)	 Unplugged piles sustain end bearing on the annular

qb. =	 area of steel only. Base resistance is equal to average

CPT end resistance at the founding depth.

Contributions from internal shear stresses should be

ignored.
=

Table 9.14	 Procedures for base capacity calculations
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9.9.3 Other considerations for design

This Chapter has concentrated on the development and validation of design approaches for

medium-term shaft and base capacities of single closed and open-ended piles in sand. However,

other results described in this Thesis also have important implications for practical pile design.

These have been discussed with the results and analyses and will not be repeated here. The

major fmdings are summarised below with references to the relevant sections of the Thesis

where a more complete description may be found.

(a) Time effects

The large-scale tests on the CLAROM piles at Dunkirk described in Chapter 8 showed that large

changes in shaft capacity are possible with time: an 85% increase was measured between 6

months and 5 years after driving. The database of pile ageing tests described in Section 8.9.1

indicate that shaft capacity at time t (in days) after installation may be evaluated as:

(QJ / (Qs)r=Iday = 1+ (0.5 ± 0.25) log 10 (t)

The newly developed design recommendations give good predictions for medium-term (50 day)

pile capacity without requiring adjustments for time effects. The expression given above may

be used as a tentative guide to long-term shaft capacity, though a thorough study of ageing

effects in different sand types is still required. A period of at least 20 days is recommended

between the end of driving and load testing to allow for medium-term increases in shaft capacity.

(b) Group effects

The ICP tests at Dunkirk described in Chapter 7 showed that the stress regimes around single

piles are greatly altered by the installation of neighbouring piles. As a result, shaft capacity in

loading can increase by up to 50% and base contribution reduce as a result of pile uplift.

Further research is required to investigate these changes for open-ended piles, though these are

probably affected to a lesser extent due to the smaller volumes of soil displacement involved

during installation. The effects of stress changes during installation should not be ignored when

considering pile group behaviour and load distribution.

(c) Cyclic loading

The application of one-way load cycles in compression to the relatively stiff ICP at Dunkirk

produced local two-way cycling near the pile head, leading to permanent pile movements and

a reduction in peak cyclic shear stress. Static capacity, measured after a short equalisation



523

period, showed a slight increase due to a rise in a',. More significant reductions in local peak

shear stress may be expected under more substantial two-way cycling on more flexible piles and

in less free-draining sands.

9.9.4 Two case histories

The purpose of the research is thrown into sharp relief by two case histories, drawn to the

Author's attention by Mr. R.Wilhiams of Molt MacDonald Ltd. These involved large diameter

pipe piles for nearshore foundations which, on load testing, developed unexpectedly low

capacities. The poor reliability of the traditional pile design methods used in these cases resulted

in the final pile lengths being twice those originally envisaged, with substantial time and cost

implications. The key features are summarised below and further details are reported by Roberts

(1993) and Williams et al. (1997). Note that the piles were not instrumented and the tests are

not included in the Author's database of pile tests in sand, since the strict selection criteria were

not fulfilled. It is also worth recalling that the capacities of offshore piles are rarely confirmed

through static load tests.

(a)	 Sungai Perak Bridge, Malaysia

The project, which took place in the late 1980's, involved the construction of a I 60m long,

balanced cantilever bridge in Western Malaysia. The main piles were installed in water depths

between 12 and 20m, through a thick deposit of medium dense, gravelly sand' with layers of

soft peat and firm to stiff clay.

The piles were designed using standard correlations with in situ test results (SPT and CPT) and

confirmatory calculations were performed using the API RP2A recommendations. This led to

the selection of 1.5m diameter, open-ended steel piles, founded 45m below datum with

embedded lengths of 33m.

Only half the expected axial capacity was measured in compression load tests, conducted

approximately two weeks after driving. Replacement of the soil plug with concrete did not

produce a significant improvement. A second test pile was driven to -6OmOD but the predicted

increase in shaft capacity did not materialise. Finally, the decision was made to extend all of

the piles to bedrock, at an average depth of -85mOD.

D30 = 1mm. Approximately 20% gravel.
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(b)	 Hound Point, Firth of Forth, Scotland

Foundations were constructed in 1992 for a new berthing terminal, involving 1.2m diameter

open-ended steel piles installed through 23m of water and founded in a thick deposit of medium

to dense gravel and cobbles, overlain by 15 to 20m of soft clay and loose sand.

In this case, pile design was carried out in accordance with the North Sea (or pre-1984) variant

of the API recommendations with K=O.5 in tension and K=O.7 in compression (see Section

2.4.1).' The test pile had an embedded shaft length of 26m, 8m of which was through the gravel

stratum.

Loading testing was carried out in compression, 21 days after driving. The predicted shaft and

base capacities were developed, 5ut only after large displacements. The test pile was redriven

8m deeper and tested in tension 11 days later, but on this occasion the observed shaft resistance

was only 80% of that predicted. Finally the pile was redriven a further 7m and, four days later,

a second tension test was performed. This met the design criteria, but developed a lower shaft

capacity than that predicted.

Comments

In both cases, the traditional design methods severely overpredicted shaft and base capacities.

Table 9.15 lists the pile dimensions while Tables 9.16 and 9.17 tabulate the pile test results.

Predictions for shaft, base and total pile capacities have been made by the Author using her

newly proposed design approaches and the current APi RP2A (1993) recommendations. The

Author's predictions are reasonable, with total capacities generally within ±20% of those

measured. In comparison, the API method overpredicts capacity by an average of 77%.

The reasons behind the discrepancies are outlined below:

The API approach does not account for the reductions in K f with distance from the pile

tip (h/R effect). This leads unconservative shaft capacity predictions for long piles.

The API's recommendations for the interface angle of friction in gravel is very high at

8,3 5°. In contrast, direct interface shear tests at IC have shown that coarse-grained

materials tend to develop the lowest interface shearing resistance with 8=23° as shown

in Figure 5.32.

Note that the study of existing design methods in Section 9.4 identified this method as
being the most conservative of the five traditional approaches tested.



525

The current edition of the API recommendations does not distinguish between loading

in tension and compression. The data presented in this Thesis show that shaft capacity

in tension is approximately 80% of that in compression, particularly for relatively

flexible open-ended piles which experience greater Poisson-type changes in pile shape.

The API's static equilibrium approach for modelling plug behaviour assumes that

internal shear stresses are mobilised along the full plug length which results in plugging

being predicted for all but the shortest piles. This is not the case at practical pile

displacements. The IC approach shows that the main parameters governing plugging are

internal pile diameter and sand density. Use of the proposed criteria did not result in

plugging being predicted for any of these large diameter piles.

Displacement piles in granular materials can undergo large set-up with time. Tests

performed less than 20 days after driving may register lower capacities than those

available in the medium to long-term.

The case histories provide a valuable reminder of the drawbacks to the existing methods of pile

design and reinforce many of the earlier conclusions drawn from the Author's research into pile

behaviour in sands.

_________________________	 Sungai Perak Bridge	 Hound Point

External diameter (m) 	 1.50	 1.22

Wall thickness (mm)	 25	 25

Shoe?	 None	 None

Internal diameter (m)	 1.45	 1.17

Equivalent radius, R* (m)	 0.192	 0.173

Table 9.15	 Sungai Perak Bridge and Hound Point pile dimensions
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Test	 Al	 A2	 BI	 B2
__________________________ _____________ (concrete plug) _____________ _____________

Mudline (mOD)	 -12	 -12	 -22	 -22

Toe depth (mOD)	 -45	 -45	 -60	 -84.3

Test direction	 Compression	 Compression	 Compression	 Compression

Approx. no. days after driving 	 -14	 -18	 -14	 -14

Total pile load (MN)	 5.1	 6.2	 9.1	 Il

Measured shaft load, Q (MN) 	 4.6	 3.8	 6.6	 11

Measured base load, Qb,,, (MN)	 0.5	 2.4	 2.5	 Terminated
prematurely

Pile head displacement (turn) 	 50	 150	 110	 45

Prediction method	 IC	 API	 IC	 API	 IC	 API	 IC	 API

Shaft capacity, Q,4JQ,,,,	 1.03	 1.68	 1.24	 2.04	 0.95	 1.45	 1.07	 1.72

Base capacity, QbIQbTh	 1.01	 1.23	 1.91	 4.24	 0.48	 2.37	 -	 -

Total capacity, QT©/QTm	 1.02	 1.64	 1.50	 2.88	 0.82	 1.70	 1.07	 1.72

	

Notes: 1.	 Measured base and shaft capacities were interpreted by Mott MacDonald using the
general shape of the load-displacement curve.

2. IC predictions were made following the procedures given in Tables 9.13 and 9.14.
Contributions from the clay layers were made using the procedures given in Chapter 10.

3. API and IC estimates of base capacity at DuO displacement were reduced in relation to
the actual pile displacements, assuming a linear mobilisation of base resistance.

Table 9.16	 Sungai Perak Bridge: measured capacities and predictions

Test	 1	 2	 3

Mudline (mOD)	 -23	 -23	 -23

Toe depth (mOD)	 -49	 -57	 -64

Test direction	 Compression	 Tension	 Tension

No. days after driving	 21	 11	 4

Total pile load (MN)	 7.0	 -4.5	 -4.5

Measured shaft load, Q (IMN)	 4.0	 -4.5	 -4.5

Measured base load, Qbm (MN)	 3.0	 -	 -

Pile head displacement (mm)	 122	 25	 25

Prediction method	 IC	 API	 IC	 API	 IC	 API

Shaft capacity, QJQ,,.J	 0.96	 0.91	 0.83	 1.39	 0.99	 1.87

Base capacity, Q,.JQbm	 0.81	 1.51	 -	 -	 -	 -

Total capacity, Q1JQ111,	 0.89	 1.17	 0.83	 1.39	 0.99	 1.87

	

Notes: 1.	 Measured base and shaft capacities were interpreted by Mott MacDonald using the
general shape of the load-displacement curve.

	

2.	 IC predictions were made following the procedures given in Tables 9.13 and 9.14 and
contribuflons from the clay layers were made using the procedures given in Chapter 10.

Table 9.17	 Hound Point: measured capacities and predictions
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CHAPTER 10

THE DESIGN OF PILES IN CLAY

10.1 INI'RODUCTION

The review of design methods for piles in clay presented in Chapter 3, described the formulation

of the tentative shaft capacity approach, developed by Lehane (1992) from high quality effective

stress measurements. The approach takes into account pile slenderness as well as the interface

shearing characteristics, overconsolidation ratios and sensitivity of the clay layers encountered.

This Chapter tests and extends the approach beginning with an examination of the stress

predictions for the closed-ended ICP at Pentre. The effects of partial dissipation or dissipation

cycles during installation are considered. The new parameter for sensitivity, A1, developed in

Section 5.2.5, is introduced in place of the term originally proposed by Lehane. The latter

is strongly affected by stress history and a poor indicator of sensitivity for overconsolidated

clays. The effective stress correlations used in the IC design approach are re-evaluated using

the new Al. parameter.

The revised IC approach is applied to the ICP and NGI closed-ended piles with good results.

The open-ended Large Diameter Piles (LDP) and NGI piles at Pentre and Tilbrook are also

assessed. The differences arising from end conditions are reviewed and the need for a modified

design approach for open-ended piles, similar to that proposed in Chapter 9 for piles in sand,

is examined.

Predictions made using the new design proposals are compared to those using popular existing

design methods for ten instrumented pile tests, revealing significant improvements in reliability.

Finally the approach is validated against a larger database of 55 high quality, large-scale open

and closed-ended pile tests showing that the new approach is twice as reliable as the current API

RP2A (1993) recommendations.

Research with the ICP and trends from the new database have provided insights into the factors

influencing the base capacities of closed and open-ended piles. New approaches for estimating

base resistance and the onset of plugging are proposed and the resulting predictions are

compared to those made using traditional design methods.
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10.2 CALCULATION OF SHAFT CAPACITY FOR CLOSED-ENDED PILES

10.2.1 The original IC approach

A full description of Lehane's (1992)' tentative proposals for calculating the shaft capacity of

piles in clay is given in Section 3.3. This is based on the Coulomb failure criterion where cfd

is divided into three effective stress parameters describing the stress changes during the pile's

history (see Figure 1.3):

=	 tan ö1	 Eqn 10.1

[K1 IKf 1
t f = [H.] 

I HJ {ij vO taflôf Eqn 10.2

where H, is the normalised radial total stress during installation 	 H = (ar, -

is the normalised radial effective stress after equalisation 	 K =

Kf is the normalised radial effective stress at failure 	 K1 =

a' is the initial free-field vertical effective stress

5- is the interface angle of friction at failure

10.2.2 Predictions for the ICP tests at Pentre

(a)	 Installation

Pile behaviour at Pentre was strongly influenced by the high horizontal permeability of the

laminated deposit and the effects of high degrees of partial dissipation during installation.

Dissipation to this extent had not been observed at any of the previous ICP clay sites; Lehane's

provisional design approach was developed from measurements in much lower permeability

clays. Partial dissipation resulted in the following departures from expected behaviour:

(i)	 Low excess pore pressures were measured during installation, with dissipation 80%

complete at the trailing and lagging instruments and =30% complete at the leading

Also described by Lehane et al. (1994).
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instrument during the final jack stroke (Section 6.2.5(d)). In low permeability clays

veiy little pore pressure dissipation was seen during installation.

(ii)	 The H1 values were similar in magnitude to the final, fully-equalised K6 values and about

half of those predicted from the trends in low permeability clays.

(b)	 Equalisation

Surprisingly, the Pentre results showed that the values of K 6 at any particular h/R were also

affected by the drainage conditions during installation, reducing with the number of dissipation

cycles experienced by the soil element. As discussed in Section 6.3.4, installation involving a

large number of opportunities for dissipation resulted in reductions in K 6 along the entire pile

length, averaging at 25%. Soil elements close to the pile toe which had only undergone one

shearing cycle developed K 6 values twice those predicted for low permeability clays.

The measured and predicted K profiles are compared in Figure 10.1 showing:

(i) Reasonable predictions for the installations involving a small number of dissipation

cycles (PT4If, PT5I, PT6shf & PT7sh), except close to the pile tip at hIR=8, where the

measurements were much higher than expected.

(ii) Overpredictions in K6 for the standard jack stroke installations (PTI, P12 & P13), where

a large number of dissipation cycles were experienced, and K 6 was lower than expected.

This was most significant for P11.

(c)	 Loading

Loading testing was conducted at very slow rates to enable full pore pressure dissipation. In

confirmation of the results from Bothkennar (Lehane, 1992), there were no major pre-failure

differences in behaviour between drained and undrained load tests.

Loading in compression reduced the radial effective stresses giving a loading factor K/K6 =

0.9±0.14. In tension there was a tendency for slight increases, with K/K 6 = 1.05±0.26. In both

cases K/K6 exceeded the conservative value of 0.8 recommended by Lehane for design.

Translation of the predicted radial stresses into shear stresses and hence shaft capacity requires

values for , the interface angle of friction at failure. This soil parameter was difficult to

determine for the Pentre clay-silt since the particle size and clay content vary considerably with

depth and metastable shearing behaviour was displayed in ring hear tests. Average measured

peak and ultimate interface friction values were 8., = 423° and 8 = h= 190. The ICP tests



532

0.0
10 -

11 -

12 -

13

E14 -

0	 -

16 -

17 -

18 -

I, - I

r c - 
' rc " vO

0.5	 1.0	 1.5	 2.0	 2.5	 3.0

	

I 1+	 Measured
,I_l--------------	 •	 PT1

	

/II	 A PT2

	

I- II •	 • PT3
.1111----------------• PT4If

	

•"''E	 v PT5I
----{LSPT4&6 ---

	

: \\\	 • ____ Predicted

\T1
_.Lf(_y ------------ 1. ---- - .1 -----

All	 I

I 	 I 	 I 	 I 	 I

I 	 I

----4--------------------

PT2,5&7	 V

	

A	 5
19r

Figure 10.1 Predicted and measured K for the ICP tests at Pentre

using Lehane (1992)

Peak shear stress, f 8 (kPa)

0	 20	 40	 60	 80	 100

-Iu
=	 Compression tests

11 ---------------• PT1

	

Ill	 A	 PT2
S	 i	 • PT4If

12 -------i-R-- ---------	 PT6shf

	

'	 II PT4&6	 z PT7sh
13	 1	 Predicted

_________ -

-----------------------------

	

:1	 :'PT1	 I

15 -

16 --------

17 --------------------------
\ PT2&7

18 ---------------\-- --------------

19
Note: f5 is the peak shear stress measured on

the pile casings between instrument clusters

Figure 10.2 Measured and predicted peak shear stress
using Lehane (1992)



533

confirmed diverse behaviour with 5 ranging between 11 and 31°, averaging at 	 19° and

16°. The higher values measured in the laboratory tests suggest that the samples were not

subjected to sufficiently large displacements during fast shearing (see Section 6.4.6) and the

lower pair of values have been adopted as best estimates for evaluating the Lehane procedure.

Lehane's (1992) provisional method was used to predict the shaft capacities of the seven first-

time ICP tests, adopting a lower limit of h/R =8 in Equation 3.5 to prevent extreme values in the

calculations close to the pile tip, following the arguments for piles in sand (Section 9.2.5). The

ratios of calculated to measured shaft capacities (QIQm) are listed in Table 10.1. Average QC'Qm

is close to unity for peak and ultimate conditions, but most values fall slightly below 1,

representing marginally conservative predictions. The main exception is test PTI/LIC where

peak QJQm= 1.42. In this case the measured shaft capacity was unusually low due to very

strong partial dissipation effects. Excluding the results from PTIJLIC, mean peak Q'Qm= 0.93.

Note that the predictions are sensitive to the values of ö 1 adopted; for example, using the

alternative value of 3,=23° suggested by the ring shear tests, increases the predictions by 23%,

giving mean peak Qc/Qm= 1.15. Likewise, the limited number of IC oedometer tests suggest that

YSR is 15% greater than that assessed by Lambson et al. (1993), as described in Section

5.2.6. Substitution of these higher values would lead to a 6% rise in QC'Qm.

Pile test	 BH depth	 Toe depth	 Qm t'kN)	 Qc'Qm

(m)	 (m)	
Peak	 Ultimate	 Peak	 Ultimate

PTI/LIC	 10.50	 14.81	 33.5	 32.0	 1.42	 1.20

PT2/LIC	 10.50	 19.00	 81.0	 79.4	 1.08	 0.89

PT3/L1T	 12.00	 17.47	 72.4	 49.4	 0.81	 0.96

PT4IfILIC	 8.14	 14.02	 65.7	 59.2	 0.87	 0.78

PT5L'LIT	 8.14	 18.73	 121.8	 91.3	 0.83	 0.90

PT6shf7LIC	 10.25	 14.00	 45.0	 43.3	 0.90	 0.76

PT7shTLIC	 10.25	 19.00	 83.6	 82.2	 1.07	 0.88

Average	 1.00	 0.91

Table 10.1	 Predictions for ICP shaft capacities at Pentre using Lehane (1992)
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Figure 10.2 shows the predicted profiles of peak shear stress in the compression tests which

match the measurements surprisingly well, both in terms of shape and magnitude. Similar

agreement is obtained for the tension tests. The following observations are made:

(i) The f measurements in PT2ILI C and PT7shIL1C are uniformly 7kPa (= 20%) greater

than the predictions along the lower half of the pile. Despite the discrepancies in K on

the two piles, the f measurements correspond closely. This is mainly due to the

difference in mobilised 8,, which differ by at least 4°. PT7shILIC developed the lowest

values, averaging at 12° and resulting in a coefficient of friction (tan 8) 25% lower than

that for PT2IL1C. The very low shearing angles possibly result from the slower rates

of shearing during the final jack strokes which allowed a higher degree of clay particle

alignment on the displacement shear.

(ii) The f, readings in PT4If7LIC and PT6shfILIC also correspond well, though in this case

there was closer agreement between the K values. The very high K measurement at

the leading instrument (h!R=8) in PT41f was not reflected in a high value of f along the

lead-follow casing. This suggests that the high K values were concentrated close to the

pile tip, having little overall effect on the average shear stresses. The measurements

exceeded the predictions slightly.

(iii) PTI, which suffered significant reductions in K due to the large number of installation

dissipation cycles, developed lower shear stresses than predicted.

The results indicate that there are a number of counterbalancing factors operating in the

measurements and calculations. Variations in and K/Ks counteract the differences in K,

producing (perhaps fortuitously) reasonable, generally conservative predictions. As noted above,

only the capacity ofPTl/L1C is significantly overpredicted and this pile was subjected to a large

number of dissipation cycles during installation. Piles installed in highly laminated or permeable

clays or silts where large degrees of partial dissipation occur during driving, may warrant a 25%

reduction in K along the entire pile length. However, as discussed in Section 6.3.4(d), large

diameter of offshore piles require longer pauses for partial dissipation to commence (since the

rate of consolidation is related to R 2), most are driven rapidly with few pauses and highly

permeable materials, such as Pentre clay-silt, are atypical of most massive northern North Sea

deposits. Therefore, this effect is unlikely to be significant in most practical situations. This

hypothesis is assessed for the large-scale LDP test at Pentre in Section 10.4.3 and for further

full-scale pile test data in Section 10.6.2.
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10.3 DEVELOPMENT OF THE IC APPROACH FOR CLOSED-ENDED PILES

Although Lehane's approach gave reasonable overall predictions for the ICP tests at Pentre,

possibilities for further refinement were examined. The clay sensitivity parameter, .L. used

by Lehane in the K,JH, correlation of Equation 3.4, was not considered ideal since it combines

the effects of YSR and S, and is highly dependent on stress history. A new sensitivity parameter

independent of YSR, SJ was developed and the K/H, correlation was re-evaluated as

described in the following sections. The applicability of the revised approach is examined in

relation to the high quality closed-ended 1CP and NGI tests.

10.3.1 Background to bJ,,

Clay sensitivity is usually defined as the ratio of intact to reconstituted strengths where the latter

is free from the effects of structure as discussed in Section 5.2.5(d). This may be defined in

terms of one dimensional compression as S 1 = aI .>Ja *, where a',,' is the vertical effective stress

of the reconstituted material at the same void ratio as a'.' Lehane's initial pile design approach

examines this in terms of the intrinsic void indices 2 as shown on Figure 10.3 where M is the

difference between in situ and intrinsic void indices at the same stress level:

= 1, -

(e - eo*)/C*

log a' - log a'

= (log a', - log o' 1,) - (log a'	 - log

log (a',,Ja') - log (a',0*/a',,)

If the difference between a'' and a' is small (i.e. for normally and lightly overconsolidated

clays), then:

AI0	 -log YSR + log S,

= log (S/YSR)

See, for example, Smith et al. (1992).

' The void index of an intact material, I = (e - e 1 )/C, where e*1 is the void ratio of
the reconstituted material at o'=10OkPa and C is the intrinsic compressibility - see
Sections 5.2.5(b) and (c).
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Figure 10.3 In situ void indices of overconsolidated clay

However, the LiI parameter is a poor indicator of sensitivity for overconsolidated clays. It is

strongly influenced by YSR and can have highly negative values, even in sensitive clays, i.e. the

influence of YSR masks the effects of clay sensitivity as shown in Figure 10.3.

10.3.2 A new parameter for sensitivity

in order to overcome the problems with M, a new parameter for sensitivity, was developed

in Section 5.2.5(d). This examines the void indices at yield and is equal to the logarithm (to the

base 10) of sensitivity as illustrated in Figure 10.3 and expressed below: -
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i,-i•

= (e - e,*)/C, *	 Eqn 10.3

log a',,, - log a'

= log S,

There are three possible methods for determining AM,,,..

(i) The most direct approach, and that recommended for design, compares the oedometer

compression curves of intact and reconstituted samples. Section 5.2.5 describes these

tests for Pentre clay-silt. If tests on reconstituted samples are not available, Burland's

(1990) expression for the intrinsic compression line may be adopted as detailed in

Section 5.2.5(b).

(ii) The most common method of determining S, is though comparison of s,, measured in

unconsolidated undrained triaxial compression tests on intact and remoulded samples.

The remoulded strength, s,,(),, is often evaluated from correlations with liquidity index,

LI, e.g. S,,01	 1.7[lO2(1I)].

(iii) Appendix C describes how Al,,., may be evaluated by reconstructing the intact oedometer

compression curve through knowledge of the initial void ratio, YSR and using a

correlation for the intact recompression index, C 1 developed by the Author.' The void

ratio at yield may then be compared with that of the intrinsic material using Burland's

(1990) equation for the intrinsic compression line.

Appendix C examines the different measurements and derivations for S 1 for various materials,

showing that comparable values are obtained using the three approaches. Note that for accurate

measurements, the intact tests should be conducted on high quality samples.

10.3.3 Re-examination of the effective stress correlations

(a)	 Relaxation coefficient, KJH

The data from the ten highest quality instrumented pile tests examined by Lehane (1992) in the

development of his original correlations (Table 3.2) were reassessed from the source documents

and values of Al,,., were determined as described in Appendix C. The K/H I correlation in

Equation 3.4 was re-evaluated using the new sensitivity parameter, Al,,., in place of Al,. Several

forms of correlation were tested including power-law and exponential relationships. However,

C1 = 0.126 LL' (0.3 + 0.7 log YSR) for 1<YSR^20
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as found by Lehane, linear correlations consistently gave the best regression coefficients which

improved with the inclusion of YSR. Figure 10.4 displays the trends of KjH, with AM,,., and

YSR. The following best fit correlation was found:

K/l-1, = 0.552 + 0.004 YSR - 0.222 AI	 Eqn 10.4

The relationship reflects the trends for lower values in more sensitive clays with YSR having

a mild effect. Note that accurate measurements of (or log S 1) are essential; if sensitivity is

underestimated (e.g. due to sample disturbance) the equation will infer higher shaft capacities.

At YSRI.0 a change in	 of 1, corresponding to a reduction in S from 10 to 1, results in

a 40% rise in KJI-11, though this effect is smaller for overconsolidated clays. For conservative

predictions, upper bound estimates of 	 should be used.

Although iSJ,.,, is more appropriate as a sensitivity measure for overconsolidated deposits, the

coefficient of regression, r2, has reduced slightly from 0.80 for Lehane's Equation 3.4, to 0.76

in Equation 10.4. K/H values are predicted to ±20% of the measurements in 25% of the cases

using Lehane's relationship, compared to 31% of the cases using Equation 10.4. This is due to

the uncertainties in evaluating for the sites in the database; direct measurements of from

oedometer compression curves were only available in four of the ten cases and at other sites

was evaluated from laboratory and field S 1 measurements. Comparison of these measurements

with the values obtained through reconstruction of the one-dimensional compression curve

suggests that some of the former may have underestimated clay sensitivity. If this is the case,

the values of K.JHI delivered by Equation 10.4 are conservative and potential problems in

underevaluating S 1 in design are not so critical. At present, the statistical analysis indicates that

Lehane's original expression is more reliable, though further improvements to Equation 10.4 will

be possible with the collection of more high quality instrumented pile test data with direct

measurements of 1I,,., following the recommended test procedure.

(b)	 New expression for K

Possible relationships between H, and sensitivity were investigated using the new AI.,, parameter

but no clear trends were found. No improvements could be made to Lehane's original

expression given in Equation 3.3, which, when combined with Equation 10.4, gives the

following expression for K:

= [2.2 + 0.016 YSR - 0.870 I] YSR° 42 (hIRy° 2°	 Eqn 10.5
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(c)	 Final expression for i'

Following from the above, and retaining the loading factor, K /K = 0.8, the new expression for

t becomes:

= [1.7 + 0.013 YSR - 0.696 M} a' YSR° 42 (hIR)° 2° tan 8	 Eqn 10.6

The design procedure is summarised in Table 10.14 of Section 10.10.

10.3.4 Application of the new expressions to the ICP tests

The validity of Equation 10.6 to closed-ended piles was checked using the ICP results from the

four clay sites. Table 10.2 shows that in comparison to the original method the new correlation

leads more conservative predictions with average peak QC'Qm reducing from 0.98 to 0.87.

The predictions for Canons Park were conservative, mainly due to the unusually high K/H1

values in the disturbed upper London Clay and the smaller K/KC changes. The Pentre results

show some scatter due to the variable effects of partial dissipation and of. Note that in

comparison, the API results are significantly more conservative for peak capacity, particularly

in the overconsolidated London Clay and Cowden till where actual capacities were more than

twice those predicted.

The introduction of LM., reduces the Pentre predictions and the calculated stress distributions on

Figures 10.1 and 10.2 by an average of 12%, confirming that the new correlation delivers more

conservative K/H, values for sensitive clays. The new correlation separates the YSR and S

variables in giving a clearer indication of the effects of clay sensitivity and allowing direct

measurements of S to be substituted in place of A1. However, the original approach is still an

equally valid (and marginally more reliable) method of estimating shaft capacity, particularly in

cases where the estimation of 	 is difficult.
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Pile Test	 BH	 Toe	 Qm	 QJQ•
	depth depth	 (kN)	 Old approach New approach API (1993)

Peak	 Ult.	 Peak Uk.	 Peak Ult.	 Peak Ult.

CP5f7LIT	 2.10	 5.92	 102	 74.6	 0.80	 0.83	 0.72	 0.75	 0.48	 0.66

CW2IL1C	 2.70	 6.36	 122	 97.9	 0.93	 1.01	 0.92	 1.00	 0.46	 0.57

BK2IL1C	 1.20	 6.00	 26.5	 23.1	 1.05	 1.06	 0.98	 1.00	 0.65	 0.74

PTIILIC	 10.50	 14.81	 33.5	 32.0	 1.42	 1.20	 1.25	 1.06	 1.23	 1.29

PT2/L1C	 10.50	 19.00	 81.0	 79.4	 1.08	 0.89	 0.94	 0.78	 1.17	 1.19

PT3/L1T	 12.00	 17.47	 72.4	 49.4	 0.81	 0.96	 0.69	 0.82	 0.84	 1.23

PT4If7LIC	 8.14	 14.02	 65.7	 59.2	 0.87	 0.78	 0.77	 0.69	 0.75	 0.83

P151/LIT	 8.14	 18.73	 121	 91.3	 0.83	 0.90	 0.73	 0.79	 0.88	 1.18

PT6shfYLIC 10.25	 14.Ot,	 45.0	 43.3	 0.90	 0.76	 0.79	 0.66	 0.76	 0.79

PT7sh/LIC	 10.25	 19.00	 83.6	 82.2	 1.07	 0.88	 0.93	 0.77	 1.16	 1.18

Average	 0.98	 0.93	 0.87	 0.83	 0.84	 0.97

Table 10.2	 ICP shaft capacity predictions using original and new correlations

10.3.5 Predictions for the closed-ended NGI piles at Pentre and Tilbrook

Following from the reasonable predictions obtained in the previous Section, the modified IC

design approach was further assessed against the 0.219m diameter, closed-ended NGI tests at

Pentre and Tilbrook. These were driven and loaded in tension to peak capacity as described in

Section 3.6.3 and summarised in Table 10.3 (Karlsrud et al., 1993a).

The predictions made using the original and revised approaches are in reasonable agreement with

measurements, apart from Pile A5 at Pentre where capacity is overpredicted. An unusually low

shaft capacity was developed in this case which may be due to one or a combination of the

following (see Section 3.6.3 for more details):
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Site	 Pile test BH depth Toe depth Qm P	 QJQ
(m)	 (m)	 (kN)	

Old IC	 New IC	 API

Pentre	 A5	 15.0	 25.0	 187	 1.53	 1.33	 1.73

A6	 22.5	 32.5	 446	 0.95	 0.88	 0.99

Tilbrook	 A	 3.0	 12.9	 1230	 1.05	 1.00	 0.84

B	 17.5	 25.6	 1657	 0.97	 0.86	 0.83

C	 3.0	 17.5	 1982	 0.90	 0.84	 0.81

Average	 1.08	 0.98	 1.04

Note: 0.219m diameter piles. Tension tests were terminated at peak capacity.
8, values were taken from the IC and LDP ring shear interface tests.
Piles were relatively stiff with a wall thickness of 8.2mm. Progressive failure was not modelled.'

Table 10.3

	

	 Shaft capacity predictions for the closed-ended NGI piles at Pentre and
Tilbrook

(i) Both NGI piles were installed through casings 2 which were driven and then cleaned out

(NGI, 1 988c). The final casing plug surfaces were I Om below ground level indicating

partial plugging during driving. Strain path theory suggests that this would have caused

severe ground disturbance to a depth of at least 2.7m (1OD) below the borehole base

(Chin 1986).

(ii) Karlsrud et al. (1993a) noted that the final 3.5 and 8.5m of "liquid material" could not

be augered out of the boreholes for A5 and A6 respectively. The Author observed base

heave or "boiling" during drilling of the ICP starter boreholes (Section 4.4.1) and this

could also have occurred as the NGI boreholes were cleaned, causing a further reduction

in earth pressure in the 0.8m (3D) of soil directly below the borehole.

(iii) Pile AS was driven over two days with an overnight pause at a penetration of I 9.2m,

during which pore pressure dissipation would certainly have taken place. The ICP tests

demonstrated that partial equalisation during installation can cause reductions of up to

40% in a',, leading to a similar decrease in shaft capacity.

Pile A6 would have undergone an elastic extension of 4.1mm under peak load.

2 The diameter of the starter boreholes were not reported but 0.273m1s assumed, being
the same as open-ended Pile D at Tilbrook which was used as a borehole before load
testing.
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Figures 10.5 and 10.6 compare (a) the radial stress and (b) the shear stress distributions for the

instrumented piles at both sites. Note that the evaluated shear stress distributions differ from

those derived by Karlsrud et al. who assumed a tip "suction" of q =-9s at failure. This is judged

unlikely since (I) insignificant loads were measured at the pile base during the ICP tension tests

at Pentre, Bothkennar and Cowden' and (ii) the Pentre clay-silt is relatively permeable. Apart

from Pile A5, the shear stress profiles show encouraging agreement with the measurements.

The NGI's radial stress measurements gave H,, and Kf values well below those expected.

Table 10.4 shows that the NGI measurements of average shear stress (assuming no suction at

the pile tip) and average radial effective stress lead to implausibly high backfigured angles of

friction at failure (6 = tan' (t/a',)), with the implied values of 6 at Pentre exceeding the

maximum values of 4' from triaxial tests. Under-registration of radial stresses is probably

responsible through (i) cell action effects (see Section 4.6.2) or (ii) loss of soil contact at the

radial stress instruments. Pile B at Tilbrook provided an exception with values of 8 that agree

with interface ring shear data and K values similar to those predicted.

Site	 Pile test	 Apparent 8	 CK,UC 4'
_____________ ______________	 (kPa)	 (kPa)	 (0)	 (0)

Pentre	 A5	 27	 30	 42	 30

A6	 68	 92	 37	 30

Tilbrook	 A	 182	 400	 25	 27

B	 296	 900	 18	 30

Table 10.4	 Apparent friction angles at failure measured in the NGI pile tests

As described above, the Author's interpretation of the NGI pile tests differs from that of

Karisrud et al. in some important respects. However, the overall conclusion from the

comparative exercise was that there was no compelling reason to further modify the IC approach

for closed-ended piles.

The highest suction loads measured in stiff impermeable London Clay at Canons Park
corresponded to a bearing capacity factor N -4.8.
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10.4 CALCULAT1T4G THE SHAFF CAPACITY OF OPEN-ENDED PILES

10.4.1 Introduction

Open-ended piles in sand are known to develop lower shaft capacities than their closed-ended

counterparts and this is taken into account in some of the design codes which recommend a

reduction factor of 0.8, e.g. API RP2A (1993) and Toolan et al. (1990). The Author's research

showed that a simple modification to the IC approach could account for this feature with the

substitution of a smaller equivalent radius,' Rt, into the h/R term, accelerating the decay of

stresses along the pile length (Section 9.3). However, in clays most popular design methods

assume that end condition has little overall effect on shaft capacity.

Cavity expansion analyses first suggested that the radial stress developed on the pile shaft was

a function of the pile volume or displacement ratio, p,,. These ideas and the strain path analyses

for open-ended fully coring piles in clay (Chin, 1986), described in Section 3.4.3, were used in

the development of the R* modification for open-ended piles in sand. There is no obvious

theoretical reason why the arguments for R* in sand should not be equally applicable to piles

in clay.

This Section first collates evidence from high quality comparative field tests, showing that the

shaft capacities of otherwise equivalent open-ended piles in clay are typically around 10% lower

than those of closed-ended piles. The effect of introducing the R* modification into the new

pile design approach is then assessed for the large-scale open-ended piles installed at Pentre and

Tilbrook.

10.4.2 Field studies

Six clay sites were identified where comparative investigations into open and closed-ended pile

behaviour had been conducted and the results are summarised in Table 10.5. Note that only

tension tests have been considered where the effects of internal shear stresses from the pile plug,

base capacity and residual stresses are minimal.

	

2	 2	 \'
	R* is deduced from the solid base area of the open-ended pile: R* = (I 	 -
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Site	 Pile	 D	 R	 L	 End	 (f,,,	 Notes2
test	 (m)	 (m)	 (m) condition (kPa) _____

____________________ _______ _______ _______ ______ _________ ______ ( 1p)se __________________

Canons Park	 CP7do 0.102 0.0296 5.80	 ole	 80.3	 0.92 Filling ratio=29%
(Bond, 1989)	 CP6d 0.102	 -	 5.70	 c/c	 87.5

Cowden (Gallagher	 A	 0.457 0.09 12 9.20	 o/e	 65.2	 0.88
& St. John, 1979)	

B	 0.457	 -	 9.22	 c/c	 73.7

(Ove Arup &	 C	 0.305 0.0728 9.49	 o/e	 43.0	 0.98 Filling ratio73%
Partners, 1986)	

D	 0.305	 -	 9.49	 c/c	 44.0

G	 0.203 0.0479 9.53	 o e	 50.3	 1.05 Filling ratio'60%

I	 0.203	 -	 9.47	 c/c	 48.0

Empire (Bogard	 iT	 0.0762 0.0573 4.18	 o/e	 65.0	 0.94
& Matlock, 1990)	 21	 0.0762	 -	 4.18	 c/c	 69.3

Tilbrook (Karlsrud	 D	 0.273 0.0766 14.50	 o/e	 150.3 0.76 Pile D used as a
et al., 1993a)	 0.219	 -	 14.50	 c/c	 198.7	

borehole

Onsøy	 B 1-02 0.8 12 0.0873 10.00	 0 e	 16.8	 1.24	 t=50 days
(NOl, 1988a)	

A 1-02 0.219	 -	 10.00	 c e	 13.5 ______	 t=26 days

Lierstranda	 B2-02 0.812 0.0873 10.00	 o e	 14.3	 1.32	 t=52 days
(NG1, 1988b)	

A7-02 0.219	 -	 10.00	 c/c	 10.8	 teq=29 days

Notes:
1. c/c = closed-ended; o e = open-ended. For open-ended piles R =
2. Filling ratio = H/L where H is the plug height and L is the embedded pile length.
3. Comparisons are between driven open-ended and closed-ended piles of similar dimensions installed

to the same depth and (with the exception of Onsøy and Lierstranda) tested after similar equalisation
periods.

4. The Onsoy and Lierstranda piles did not undergo full plugging during driving.

Table 10.5	 Peak shaft capacities of open and closed-ended piles

The eight cases cited suggest that open-ended shaft capacity is lower than that for closed-ended

piles. But there are conflicting trends: the open-ended NGI piles at Onsøy and Lierstranda

developed higher capacities. The reasons for these anomalies are unclear but two possible

explanations are offered:

(i) Differences in aspect ratios. The closed and open-ended piles have the same lengths,

but the open-ended piles are four times larger in diameter, corresponding to an average

h/R=12 (=L/D) compared to hfR=46 for the closed-ended piles. Assuming full plugging,

the dependence of K, on hfR described by Equation 10.5 indicates that the shaft capacity

of the open-ended piles would be 30% higher. In reality, partial plugging probably
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occurred during installation and the difference would be smaller, but still implying a

higher shaft capacity for the open-ended pile than the closed-ended.'

(ii)	 Medium-term ageing effects. The equalisation period allowed for the open-ended piles

was twice that for the closed-ended piles. However, NGI (1988a & b) report that pore

pressure dissipation was complete for both sets of piles before load testing commenced,

so the differences observed with time are unlikely to be related to primary"

consolidation effects. Cases of long-term set-up have been reported in low plasticity

Norwegian clays2 by Karlsrud et al. (1993b). The plasticity indices at Lierstranda were

below 25% and ageing effects may have occurred. However, at Onsoy P1=42%, which

lies outside the range plasticities in Karlsrud's database.

As with sands, pile diameter can be seen to affect plugging in clays, with the small diameter

Canons Park pile having the lowest filling ratio and therefore plugging most effectively during

driving. The tests at Cowden also show convergence of open and closed-ended shaft capacities

with decreasing pile diameter.

The greatest difference in capacity of 24% was measured on the NGI piles at Tilbrook. The

open-ended Pile D was used as a cased borehole for Pile B and Karisrud et al. (1993a) comment

that the driving of Pile B may have caused disturbance to Pile D, reducing its shaft capacity and

exaggerating the difference between open and closed-ended behaviour. The test was terminated

after only 7mm displacement (D/40) and the load-displacement curves suggest that peak capacity

was not achieved, adding to the discrepancy.

Although the results are too limited to be conclusive, they do display a tendency for the shaft

capacities of open-ended piles to be lower than those of identical closed-ended piles. With the

exception of the piles at Onsøy and Lierstranda, the average difference amounts to 10%.

If full coring took place and the open-ended pile can be considered to behave like a
closed-ended pile with the same solid base area, R*=0.0873m and average h/R57.
Equation 10.5 implies a shaft capacity 4% lower than the closed-ended pile.

2 In soils where P1 ranged between S and 22%, with one case where P1=30% - see Figure
3.28.
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10.4.3 Shaft capacity predictions for the open-ended piles at Pentre and Tilbrook

The shaft capacities of the open-ended LDP and NGI piles at Pentre and Tilbrook were

estimated using the IC effective stress procedure. Two sets of calculations were performed with

both the original and revised approaches, the first using the closed-ended pile procedure with

R=R and the second using R=R in the h/R term.

(a)	 Modelling progressive failure

The "best-estimate" soil properties were taken from Lambson et al. (1993) and McClelland

(1987) who showed the variation of 3 with clay plasticity as described in Section 5.2.11. These

values were lower than those evaluated in the IC ring shear and pile tests, with ranging

between 9 and 18°, suggesting a lower pile roughness than that used in the IC tests.

The effects of progressive failure on these long and relatively flexible piles was taken into

account using the following simplified procedure:

•	 Firstly, ultimate pile capacity was estimated taking ö f =	 along the entire pile length.

•	 The resulting values of	 were used to calculate the local elastic strain in the pile

under this ultimate load: dIlL = irD (AE)' 	 dh.

dilL was integrated from the base upwards to find the profile of local elastic pile

displacement, with its maximum at the pile head.

Assuming that the pile base movements and soil shear displacements were relatively

small, the local elastic pile displacement approximates to the relative pile-soil interface

slip. These slip displacements were compared to those required to mobilise peak and

ultimate shear resistance in ring shear interface and t-z probe tests (typically = 3mm

and d 1 5mm). The following criteria were applied:

•	 if J(dilL)dh <d, 6 =

•	 if J(dlIL)dh > d, 8f =

•	 if d. < J(dllL)dh < d.. 8 was scaled proportionally assuming a linear

reduction.

This approach may overpredict softening effects since it neglects soil strains. More realistic

estimates of relative pile-soil slip may be obtained from t-z or non-linear finite element analyses,

though these are beyond the scope of the present study.
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(b)	 Results

Table 10.6 displays the resulting values of QC'Q,U• Substituting R* for R reduces predicted shall

capacity by between 9 and 15%. Peak and ultimate QC'Qm ratios given by the original approach

for the three medium-term pile tests are brought closer to unity. The use of R* for piles in clay

results in a smaller reduction than that for piles in sand due to the weaker dependence of v1 on

h/R and the opposing influence of YSR which usually reduces asymptotically with depth.

Site	 Embed'd t1q	 Qm	 QIQm
depths (day)	 ()	 Old IC Old & R* New IC New & R	 API

(m)
Peak Ult. Peak Ult. Peak Ult. Peak Ult. Peak Ult. Peak Ult.

Pentre	 15.0-55.0 44	 5.17	 4.26 1.12 1.34 0.99 1.19 1.07 1.28 0.95 1.14 1.53 1.85

Tilbrook 0 - 30.0	 130 14.68 13.10 1.08 1.06 0.98 0.97 0.99 0.98 0.90 0.89 0.94 1.05

LDPIT	 0 - 31.0 600 16.58 15.20 1.00 0.95 0.87 0.81 0.92 0.87 0.80 0.75 0.87 0.95

NGI D	 3.0 - 17.5 60	 1.87	 -	 1.39	 -	 1.27	 -	 1.29	 -	 1.17	 -	 1.07 -

Average	 1.15 1.12 1.03 0.99 1.07 1.04 0.96 0.93 1.10 1.28

Notes: The three LDP piles at Pentre and Tilbrook were 0.762m in diameter and tested in compression,
compression and tension respectively. The Tilbrook NGI pile was 0.273m diameter and tested
in tension.

Table 10.6	 Shaft capacity predictions for the open-ended LDP and NGI pile tests

Figures 10.7 and 10.8 compare the predicted profiles of shear and radial stresses using the R*

modification, with those measured in the LDP tests. The radial stress measurements were much

lower than predicted and exhibited high scatter, with some instruments implying negative a'

after full pore pressure equalisation. These anomalies suggest instrument error and the under-

registration of a'1. The R* modification and the simplified procedure for progressive failure give

shear stress profiles that are in reasonable agreement with the measurements: it should be

recalled that these were affected by residual stress errors and instrument failures (Section 3.6).

Note that the Pentre predictions are a great improvement on those given by API RP2A which

does not account for clay sensitivity or pile length. The API's shear stress overpredictions near

the pile head, led Poskitt ci al. (1993) to suggest post-holing due to lateral pile whip (Section

3.6.2 (vii)). However, the h/R dependency modelled in the IC effective stress approach leads

to good agreement in this region as shown in Figure 10.7(b).

The use of R for open-ended piles reduces the shaft capacity predictions for the open-ended

piles at Tilbrook and Pentre by 10% which is consistent with the trends reviewed in Section
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10.4.2. Incorporating the R* modification is attractive, as it maintains compatibility with the

new approach for sands and appears to be justified when tested against field data. Section 10.6

tests this hypothesis further for a large number of open-ended tests in clay.

The new IC approach and R* modification overpredicts Pentre pile capacity by 14%. This

suggests that possible reductions in K due to partial dissipation during driving were minimal.

As discussed in Section 6.3.4(d), the LDP pile was driven in around two hours with three short

pauses of less than 30 minutes to reset the guides. Since consolidation is inversely proportional

to R2, these pauses do not allow the same degree of dissipation as that observed on the ICP and

installation can be considered essentially undrained and compatible with the IC approach which

was developed from pile measurements in low permeability clays. The reasonable agreement

supports the conclusions of Section 10.2.2(c), that extensive modifications to the effective stress

approach to account for dissipation effects on full-scale piles are largely unnecessary.

10.5 SHAFf CAPACITY PREDICTIONS USING EXISTING METHODS

Ten of the high quality pile tests described in Sections 10.3 and 10.4 were selected to investigate

the relative performance of the Author's new proposals, Lehane's original approach and existing

popular design methods for piles in clay. The ten tests cover a wide range of pile sizes from

the small-scale, closed-ended ICP to the large diameter, open-ended LDP tests. The three design

methods chosen for evaluation are listed below and described in Section 3.5:

API RP2A (1993) recommendations for offshore piles. These do not include specific

procedures to account for length effects or the progressive failure of flexible piles and

these are not modelled in the present study;

Beta method, for normally to lightly overconsolidated clays (Burland, 1973) and

overconsolidated clays (Meyerhof, 1976);

LPC cone method (Bustamante & Gianeselli, 1982) which gave the best performance

in Briaud & Tucker's (1983) study of driven and bored onshore piles in sand and clay.

Table 10.7 lists the results of the predictions in terms of QJQ at peak pile capacity and the

shear stress profiles are compared in Appendix E. The statistical analysis gives the mean (IL)

of QC/Q,I,, the standard deviation (s), the coefficient of variation (COV=s/i.t) and Briaud &

Tucker's (1988) ranking index (RI) which is described in Section 9.4. A low RI signifies good

predictions with QC'Qm close to unity and little scatter.
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The predictions for ultimate capacity are not tabulated since the three existing design methods

do not differentiate between peak and ultimate. Their ratios of QC'Qm at ultimate tend to be

10% higher than those at peak, while COV remains constant. The IC approaches adopt

realistic interface angles of friction at ultimate conditions, so QJQm and COV remain virtually

unchanged between peak and ultimate states.

Qc"Qm
Site	 Pile test End Embed. 	 API Beta LPC	 Old IC	 New

condi Length peak

	

RP2A	 cone	 IC

	

-tion (m)	 (kN)	 & R & R*

Canons Park	 CPSILIT	 c/c	 3.82	 102	 0.48	 1.41	 0.30	 0.80	 0.80	 0.72

Cowden	 CW2/LIC c/c	 3.66	 122	 0.46	 0.77	 0.24	 0.93	 0.93 0.92

Bothkennar	 BK2IL1C	 c/c	 4.80	 26.5	 0.65	 0.61	 0.52	 1.05	 1.05	 0.98

Pentre	 PT2/LIC	 c/c	 8.50	 81.0	 1.17	 1.27	 0.49	 1.08	 1.08	 0.94

NGI A6	 c/c	 10.0	 446	 0.99	 1.12	 0.31	 0.95	 0.95	 0.88

LDP	 ole	 40	 5171	 1.53	 1.66	 0.40	 1.12	 0.99	 0.95

Tilbrook	 NGI B	 c/c	 8.14	 1657	 0.83	 1.44	 0.12	 0.97	 0.97	 0.86

NGI C	 c/c	 14.5	 1982	 0.81	 1.65	 0.18	 0.90	 0.90	 0.84

NGI D	 ole	 14.5	 1869	 1.07	 2.18	 0.23	 1.39	 1.27	 1.17

LDP/C	 ole	 30	 14680 0.94	 1.79	 0.17	 1.08	 0.98	 0.90

Mean, p.	 0.89	 1.39	 0.30	 1.03	 0.99	 0.92

Standard deviation, s	 0.33	 0.47	 0.14	 0.16	 0.12	 0.12

Coefficient Of Variation = s/p 	 0.36	 0.34	 0.46	 0.16	 0.12	 0.13

RI= p. [1n(Q/Q) + S[Ifl(Q!Qm)]	 0.56	 0.66	 1.80	 0.16	 0.13	 0.22

Table 10.7	 Shaft capacity predictions using existing design methods

We note:

The API predictions are slightly conservative with mean Qc/Qm=0.89 for peak shaft

capacities, though better agreement is achieved for ultimate capacities with QjQmO.98.

The scatter is moderate, with the ICP capacities underpredicted and the LDP test at

Pentre overpredicted. Taking account of progressive failure would improve the

predictions to some extent. The ranking index places the method in fourth overall

position, behind the three IC approaches.

The Beta approach is unconservative, overpredicting the shaft capacities of eight of the

ten tests and resulting in an average QJQm =1.39. The largest errors are with open-

ended piles and heavily overconsolidated clays.
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The LPC cone method is extremely conservative, with average Q)Q0.3O. This results

in the poorest performance of the six methods, contradicting the good results obtained

by Briaud & Tucker (1988).

Lehane's (1992) approach gives excellent predictions for these piles. The performance

is improved further with the inclusion of the R* modification for open-ended piles

giving the best overall accuracy and precision.

The Author's new approach, incorporating R for open-ended piles also gives good

precision with COV=0. 13 but the predictions are slightly conservative with mean QJQ,,,

0.92 which increases the ranking index.

Both the original and revised IC approaches improve the predictions for mean QIQm and halve

the predictive scatter in comparison to the API recommendations. The R* modification

improves the predictions for open-ended piles. It may be argued, however, that the pile tests

selected for this comparison are biased towards the IC approach since the results from Canons

Park, Cowden and Bothkennar were used to both develop and test the method. The proposed

approach requires a more extensive assessment involving a larger number of independent pile

tests. This is presented in the next Section.

10.6 DATABASE OF PILE TESTS IN CLAYS

10.6.1 Description of the database

A new larger database of pile tests in clay was compiled to assess the proposed IC approach for

shaft capacity. This comprised 55 load tests on open and closed-ended steel piles from 16 sites

across Europe, the USA and Japan. Following the strict criteria imposed for the database of

tests in sand (Section 9.5) only high quality tests were used, where base and shaft loads were

accurately separated and installed at sites where the soil properties had been investigated. These

criteria excluded all but thirteen of the large-scale pile tests used in API database (e.g. Semple

& Rigden, 1984) but included more recent full-scale test data. With the exception of the ICP

tests at Bothkennar, Cowden and Canons Park and the NGI Haga pile (a total of 4 tests), the

new database is independent of the instrumented pile results (listed in Table 3.2) used earlier to

develop the effective stress approach.
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The ranges of pile sizes and soil conditions are summarised in Table 10.8 and details of the

individual tests are contained in Table 10.9. Full descriptions of the tests and calculation

procedures are given in Appendix E. Key features are summarised below:

Sources of information:

(i) Information on the pile tests and soil conditions were generally obtained from the

literature. Supplementary information was taken from NGI pile test reports supplied by

Dr. K. Karlsrud. Additional soils information for Mortaiolo was provided by Dr. G.

Totani (ring shear data) and for the Noetsu Bridge and Kansai Bridge sites by Dr. T.

Matsumoto, including new tests undertaken specifically to assist the Author's research.

Pile types and tests:

(ii) The database comprises steel, circular cross-section, parallel sided open and closed-ended

piles. None of the piles had over-sized base plates though some of the open-ended piles

had internal pile shoes or enlarged cable protectors.' Installation was generally by

driving; 12 piles were fast-jacked.

(iii) Load testing was generally carried out after full pore pressure equalisation with an

average equalisation period of 58 days. This may be assessed in terms of tIR 2 = T/cth

where t is the equalisation time, R is the pile radius, T is the non-dimensional time

factor and cth is the coefficient of horizontal consolidation. Lehane's (1992) study of

closed-ended pile behaviour showed that dissipation was 70% complete at T 10 and

after full equalisation T 100; the coefficient of radial consolidation averaged at

c 1,=50m2/yr (see Section 3.3.3). Table E3 in Appendix E shows that only in 10 of the

55 cases were tfR2 less than 0.5yr/m 2 (corresponding approximately to T<25). These

were all large diameter open-ended piles, 2 six of which were offshore at West Sole

where tests were conducted a few hours after driving (teqfR2 <0.Iyr/m2). At this site

positive set-up was noted with time; two tests on a pile at 9m suggested that shaft

capacity could have risen by 17% if the equalisation period had been extended by five

days (Clarke et al., 1985), i.e. the measured capacities were lower than those available

in the medium-term.

Note that the increased area of steel at the pile base due to pile shoes or cable protectors
is included in the "annular" base area for base capacity and R* calculations.

2 The substitution of R* in place of R may be more appropriate for fully coring open-
ended piles which displace smaller volumes of soil and reach equilibrium faster than
similar sized closed-ended piles. This would raise the value of T.
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(iv) Failure was defined at the overall peak load. This always occurred well before a pile

head displacement of DuO, at which point ultimate conditions had usually been reached.

Some of the tests were terminated at peak capacity. Only compression tests on strain-

gauged piles were considered, where residual stress effects had been taken into account,

or were judged to be small. Internal shaft shear stresses were probably concentrated

close to the pile toe below the lowest set of strain-gauges, particularly at peak shaft

capacity where pile displacements were small. These are considered to contribute to the

"base" rather than the "shalL" resistance.

Soil conditions:

(v) Only four test piles were installed in mixed cohesive and cohesionless deposits. Of

these, one pile at Alsancak and one at Mortaiolo had only their tips in sand, while the

two Kansai piles passed through around I Om of gravel and sand, comprising 27% of

their shaft length. Local shear stresses in these layers were calculated using the Author's

design recommendations for piles in sand described in Chapter 9.

(vi) The pile tests are evenly distributed with respect to overconsolidation ratio. The quoted

oedometer YSR's or OCR's were cross-checked against the available in situ test data

and undrained strength correlations developed by Hight et al. (1987) and Jardine (1985),

displayed on Figure 10.9:

su	 ( su 'I 
YSR°8

(vii) It is important to note that the above undrained strength relationship is not valid for soils

which form shear bands during triaxial tests and fail before reaching critical state. For

example, at Canons Park s/a' implies YSR= 10 for the London Clay at 5m depth

whereas a value of 40 was measured in high pressure oedometer tests and confirmed

by the geological history.

(viii) It is equally important to note that standard interpretations of oedometer data may give

anomalous results due to sample disturbance or the method of data interpretation.'

Anomalies were highlighted in the West Sole data where oedometer tests led Clarke et

al. (1985) to evaluate YSR4 in the Lias Clay at 15m depth while the undrained

strength correlation suggested YSR 17. The latter was more compatible with the

Note that c-log a' curves can be deceptive and better interpretations can be obtained
using log(1+e) and log a' axes (Butterfield,1979). This was confirmed by Lehane
(1992).
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geological history, suggesting that the oedometer test interpretation was misleading, or

that the samples were disturbed. Shaft capacity calculations were performed using the

higher values of YSR. YSR details were not available for Alsancak or Aquatic Park,

hence these were evaluated using the undrained strength relationship.

(ix) Where possible, was measured directly from oedometer compression curves from

intact samples and using Burland's (1990) equation for the intrinsic compression line if

tests on reconstituted specimens were unavailable.' Otherwise, iM,, was evaluated

through consideration of the reconstructed oedometer curves, or from S, measured in UU

triaxial tests on intact and remoulded specimens or other laboratory or in situ soils tests

(see Appendix C). The preferred oedometer measurements were only available for six

of the sixteen sites.

(x) In 45% of the cases ring shear interface tests were available to predict ö. ,, and

Where such tests were not conducted, only ultimate pile capacity was calculated using

8 estimated from (in order of preference) soil-soil ring shear tests, direct interface tests

or the trend with plasticity index displayed by UK and North Sea clays shown in Figure

3.8.

(xi) The 6,,, 6,, d.,,,,, and data necessary to model progressive failure were only available

for a small handful of sites. Of these, progressive failure was only significant for the

long, open-ended, flexible piles at Pentre and Tilbrook where peak shaft capacity was

calculated using the procedure described earlier in Section 10.4.3(a). For these piles,

progressive failure reduced Q , by 15 and 26% respectively; at other sites the effect

would be less significant.

(xii) Pile tests in low plasticity soils were particularly sought after to assess Karisrud Ct al.'s

(1993b) hypothesis that piles in these soils develop lower shaft capacities (see Figure

3.27).

(xiii) The pile capacities were calculated using spreadsheet procedures which divided the

embedded pile length into an average of 10 layers. The quoted values of average YSR

and other soil properties along the pile shaft were evaluated in the spreadsheets.

Note that Burland's correlations are not applicable to soils which plot below the 'A' line
on a plasticity chart, such as the diatomaceous mudstone at Noetsu. Intact and
reconstituted oedometer tests were available in this case.
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Closed-ended	 Open-ended	 All

Number of piles	 31	 24	 55

Tension tests	 20	 19	 39

Compression tests 	 11	 5	 16

Average embedded length (m)	 10.9	 17.5	 13.8

Range of lengths (m)	 3.0 - 57	 3.0 - 48.4	 3.0 - 57

Average diameter (m) 	 0.20	 0.67	 0.41

Range of diameters (m)	 0.10 - 0.46	 0.19 - 1.5	 0.10 - 1.5

Average YSR	 10	 27	 17

Range of YSR	 1.1 -43	 1.2- 100	 1.1-100

Average P1 (%)	 26	 31	 28

RangeofPl(%)	 12-45	 15-84	 12-84

Average A1	 0.41	 0.06	 0.26

Range ofM	 -0.68 - 1.04	 -1.32 - 0.85	 -1.32 - 1.04

Table 10.8	 Summary of pile types in the clay database

Figure 10.10 shows the proportion of ultimate pile load carried by the shaft in compression tests.

The average is 79%.' As expected from geometrical considerations, the proportion increases

with pile slenderness ratio (L/D). The variations in shaft resistance are displayed in Figure 10.11

which contains the following plots:

(a) average shaft resistance (i.,) against embedded pile length;

(b) average beta coefficient (13 = /ä'% o) against normalised length (LID);

(c) average alpha coefficient (d= E,,rs) against average undrained strength ratio, §/ä',,;

(d) average beta against YSR.

The effects of pile length and clay YSR can be observed in (b) and (d) and the API

recommendations for alpha are indicated in (c) Although the field data generally follows the

API's recommended trend, wide scatter can be seen above and below the design line.

10.6.2 Performance of the design methods

Table 10.10 summarises the ranges of QC'Qm found using API RP2A (1993) and the original and

new IC approaches for the medium-term clay database. Full details of the predicted shaft

capacities are tabulated in Appendix E. The results support those from Section 10.5, showing

that the degree of scatter in the IC predictions is almost half that produced using the API

For 29 pile tests with average L/D = 44. At peak capacity QSIQT11%.
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Figure 10.10 Database of pile tests in clay: Proportion of ultimate pile load

carried through shaft capacity

recommendations. Incorporation of the R* modification for open-ended piles reduces QC'Q'

bringing the mean value close to unity. Figure 10.12 shows that the vast majority of the

predictions made using the new approach fall within ±30% of the measurements.

The statistical results may be examined in greater detail in Table 10.11 which subdivides the

database according to pile type and test direction for (a) peak and (b) ultimate capacities. This

shows:

. The API approach gives pi=0.98 and 1.03 for peak and ultimate capacities respectively.

COV0.33 for both conditions though the parameter RI, which adjusts for

the skewed distribution of QC/Qm' demonstrates that the API recommendations are more

suited to predicting ultimate capacities producing an R1=0.35.

S For closed-ended piles the new IC approach gives more conservative results than the

original version, with mean peak QC/QM reducing by 6% to 0.98. COV=0.1 8 for both

variants.
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Average along shaft length

Site	 Locetion & Reference	 Pile Test	 Pile type	 Comp/ BH	 To.	 Embed Diemeter
Tens depth depth length. L	 D	 sig vo	 Cu	

YSR Divy
(ml	 (ml	 (ml	 (ml	 (kP.l	 (kPal	 1%)

PT	 PENTRE - ICP	 PTI L1C Stee closed J	 C	 105 1480	 430	 0 102	 114	 32 20 080	 18
PT	 This thesis	 PT2 L1C Steel closed J	 C	 105	 1900	 8 50	 0.102	 132	 37 1 9 093	 16
PT	 PT3 LiT Steel closed J	 T	 12 1747	 547	 0.102	 132	 37 1 9 1.04	 17
PT	 PT4 L1C Steel closed J	 C	 8 14 14.02	 588	 0.102	 100	 28 2.2 081	 17
PT	 PT5 LiT Steel closed J	 T	 8.14 18 73	 1059	 0.102	 121	 34 20 0.90 16
PT	 PT6/UC Steel closed J	 C	 1025 1400	 375 0.102 109	 30 2.1 0.83 19
PT

	

	 PT71L1C Steel closed J	 C	 1025 19.00	 8.75	 0.102	 131	 37 1 9 093	 17
PENTRE - LOP

PT	 Gibbs at at. (1992) 	 LOP	 Steel open 0 •	 C	 15 55.00	 40.00	 0 762	 306	 88 1 4 074	 17

PT	 PENTRE- NGI	 A5-02 Steel closed D	 T	 15 2500	 1000 0219 177	 50 1 6 087 14
PT	 Karlsrud a(s). 119921	 A6 02 Steel closed D	 T	 22 5 32 50	 1000	 0.219	 242	 69 1.5 093	 14

TILBROOK . LOP
TB	 Gibbs et al. (19921	 LOP C Steel open D •	 C	 0 3000	 3000 0762 228	 490 25 000 28
TB	 Clarke at al. 11992) 	 LOP/I Steel open D	 T	 0 31.00	 31.00	 0762	 228	 490	 25 000	 28

TB	 TILBROOK- NGI	 A	 Steel closed 0	 1	 3 12 85	 9.85	 0219	 130	 423 36 000 22
TB	 Karisrud et a). (1992) 	 B	 Steel closed 0	 1	 17.5 2564	 $ 14	 0219	 288	 573	 12 0.00	 32
TB	 C	 Steel closed 0	 1	 3 17 50	 14 50 0219	 146	 420 30 000 23
TB _____________________ 	 0	 Steel open 0 •	 T	 3 17 50	 14 50 0.273	 146	 420 30 0.00 23

BOTHKENNAR- ICR
BK	 Lehane 11992)	 BK2 L1C Steel closed J	 C	 1 7	 600	 480	 0102 35 8	 14 1 6 060	 40

COWDEN - ICP
CW	 Lehsne (1992)	 CW2/L1C Steel closed J	 C	 27	 6.36	 3.66	 0.102	 63	 112	 13 -0.68	 19
CW Gallagher & St. John (19791 457Ao Steel open 0 	 T	 0	 9 20	 920	 0457	 70	 123	 18 065 20
CW	 457B Steel closed 0	 T	 0	 9 22	 9 22	 0457	 70	 123	 18 .0.65 20
CW Ove Arup & Ptners 119861	 3OBCo Steel open D •	 T	 0	 949	 949	 0305	 70	 123	 18 066 20
CW	 3050 Steel closed 0	 T	 0	 949	 949	 0305	 70	 123	 18 -066 20
CW	 203Go Steel open 0	 1	 0	 9 53	 9 53 0.203	 70	 123	 18 -0 68 20
CW	 2031	 Steel closed D	 T	 0	 947	 9 47	 0.203	 70	 123	 18 068 20
CW	 Ponniali (19891	 193o	 Steel open J	 T	 0	 9 90	 9.90	 0 221	 73	 123	 18 -0 70	 20

CR	 CANONS PARK . ICP	 CP5f LIT Steel closed J	 1	 2.1	 5 92	 3.82	 0.102	 48	 92	 43 0.32	 45
CP	 Bond 119891	 CP7do LiT Steel open D	 T	 2 1	 5 70	 3.60	 0 102	 48	 92	 43 032 45
CR	 BRE-Wardle et al 119921	 B L1C Steel closed J	 C	 2	 6 50	 4 50	 0 170	 53	 98	 40 0.32	 45

HAGA
H	 Karlsrud & Haugen (1985)	 NGI	 Steel closed J	 T	 0	 5 00	 5 00	 0.153	 46	 58	 10 0,74	 19

O	 ONSOY - NGI	 A1-02 Steel closed 0	 T	 5 1500	 10.00 0.219	 62	 19 1 2 085 40
0	 NGI (19881	 A2-02 Steel closed D	 1	 125 22.50	 10.00	 0219	 100	 31	 1 2 0.85	 45
O	 A3-02 Steel closed D	 T	 20 3000	 1000 0219	 138	 43 1.2 0.85 40
O	 A4-02 Steel closed D	 T	 27.5 37 50	 10.00	 0.219	 176	 55 1 2 0.85	 40

O	 81-02 SteelopenO	 T	 5	 15.00	 1000	 0812	 62	 19 1.2 0.85	 40
O	 C1-02 Steel closed 0	 T	 5 3750	 32.50	 0.219	 119	 37 1.2 0.85	 40
0 ____________________	 C2 02 Steel closed D	 T	 5 3750	 32.50 0.219	 119	 37 1 2 085 40

o	 CROKE PARK. DUBLIN	 4C	 Steel closed 0	 C	 2 95	 6 40	 345	 0.273	 68	 440	 18 000 12
O	 Looby at al 11996)	 ST	 Steel closed 0	 T	 295	 640	 345	 0273	 68	 440	 lB 000	 12

M0RTAIOLO, ITALY
M	 loran) et al. 11994)	 L2C	 Steel closed 0	 C	 0 57 00	 5700	 0.457	 241	 41	 1 1 0.33	 40

HU	 HOUSTON UNIVERSITY	 I C	 Steel closed 0	 C	 3 13 10	 10 10	 0273	 110	 105 5.2 -0.08	 25
HU	 O'Nei let al (1982)	 liT	 Steel closed 0	 T	 3	 13 10	 10 10	 0273	 110	 105	 5 2 -0.08	 25

AQUATIC PARK
AR	 Pelletier & Doyle (19821	 2-1	 Steel open 0 •	 1	 579 8050	 2260	 0762	 593	 305 1 6 077	 15

WS	 WEST SOLE	 B3T Steel open 0 •	 T	 0	 3.00	 3 00 0 762	 24	 220 100 0.00 20
WS Clarke, Rigden & Senner 	 A6T	 Steel open 0	 T	 0	 6.00	 600	 0.762	 42	 265	 76 000 20
WS	 (1985)	 A9T Steal open D	 T	 0	 900	 900 0762	 61	 320 58 000 20
WS	 Al2T SteelopenD	 T	 0 1200	 1200 0.762	 80	 373 48 0.00 20
WS	 A15T Steel open 0	 T	 0 15 00	 1500 0762	 98	 391	 42 000 20
WS ________________ A1ST StaelopenD	 T	 0 1800 1800 0762 116 402 38 000 20

KO	 KONTICH	 A/L21 Steel open 0 •	 T	 1 52 20 12	 1860 0610	 106	 153	 13 -006 57
KO	 Heerems 11979	 B L2T Stee open D •	 T	 1 52 2347	 21 95	 0610	 116	 159	 12 -004	 57

A	 ALSANCAK HARBOUR	 l/T Steel open D	 T	 13 3000	 17.00 0528	 64	 93 70 084 20
A	 Togro (1973)	 2/1	 Stae open 0	 T	 13 2800	 15 00	 0528	 64	 93 70 084 20

NOETSU BRIDGE
NO	 Matsumoto at sI 11995) 	 T2	 Steel open D	 C	 1 8	 997	 8 17	 0800	 43	 340 27 1 32 84

KA	 K.ANSAI BRIDGE	 Ti	 Steal open D	 C	 0 37 10	 37 10	 1 500	 137	 55 1 2 062 49
KA Mstsumoto at 51 11992	 T2	 Steel open D	 C	 0 4840	 4840 1 500	 168	 70 1 2 082 50

BK Bott*ennsr. 1.&isrle (1992 8K3 2)/IlL Steel closed J	 C	 1 2	 5 80	 4 60	 0 102 Used In base capac (Ii atudy OflI

CR Canons Park Bo d 11989 CP5fII.2C Stea c osed .1 	 C	 2 1	 5 92	 3 82 0 102 ___________________________

Notu: 0 = Driven	 • With nterns shoe
J = Fast jacked

Table 10.9	 Database of pile tests in clay
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PEAK CAPACITY

	

	 ULTIMATE CAPACITY

Om
sit.	 Gios.	 N*t	 Gross	 N.t

N	 (m	 N	
N

PT	 396	 7.5	 32.1	 34	 24.4	 0.77	 0.21	 2.1	 9.0	 30.6	 32	 23.3	 0.74	 0.20	 7
PT	 68.5	 9.0	 79.5	 81	 29.9	 0.81	 0.23	 4	 9.6	 77.9	 79	 29.3	 0.79	 0.22	 5
PT	 73.9	 72	 41.5	 1.13	 0.31	 5.3	 50.9	 49	 28.3	 0.77	 0.21	 1)
PT	 72.3	 8.0	 64.3	 66	 35.0	 1.26	 0.35	 3.3	 10.0	 57.8	 59	 31.5	 1.14	 0.31	 11
PT	 123.3	 122	 36.0	 1.07	 0.30	 7.2	 92.5	 91	 27.0	 0.80	 0.22	 15
PT	 51.3	 7.7	 43.6	 45	 37.6	 1.24	 0.34	 3.9	 8.5	 41.9	 43	 36.2	 1.19	 0.33	 7
PT	 94.1	 12.0	 82.1	 84	 29.9	 0.82	 0.23	 4.3	 12.2	 80.7	 82	 29.4	 0.90	 0.22	 8

PT	 6031	 560	 91)1	 5171	 54.0	 0.6:	 0.18	 38	 1220 4260 4260	 44.5	 0.51	 0.15	 97

PT	 190	 187	 27.2	 0.54	 0.15	 15	 190	 187	 27.2	 0.54	 0.15	 15
PT	 450	 446	 64.8	 0.94	 0.27	 15	 450	 446	 64.8	 0.94	 0.27	 21

TB 16130	 1450 14880 14680 204.4	 0.42	 0.90	 28	 1500 13100 13100 182.4	 0.37	 0.80	 93
TB	 16580 16580 223.4	 0.46	 0.98	 42	 15200 15200 204.5	 0.42	 0.90	 96

TB	 1236	 1230 181.5	 0.43	 1.40	 15	 1236	 1230 181.5	 0.43	 1.40	 15
TB	 1670	 1657 296.9	 0.52	 1.03	 6+	 1670	 1657 295.9	 0.52	 1.03	 6+
TB	 1993	 1982 198.7	 0.47	 1.36	 15	 1993	 1982 196.7	 0.47	 1.36	 15
TB	 1888	 1869 150.3	 0.36	 1.03	 7+	 1888	 1869 150.3	 0.36	 1.03	 7+

BK	 27.6	 2.0	 25.6	 26.5	 17.3	 1.24	 0.48	 3.8	 2.8	 22.2	 23.1	 15.1	 1.08	 0.42	 6

CW	 123.5	 2.0 121.5	 122 104.8	 0.94	 1.66	 2.4	 15	 97	 98	 83.8	 0.75	 1.33	 17
CW	 882	 861	 65.2	 0.53	 0.93	 5	 53	 882	 861	 65.2	 0.53	 0.93	 30
CW	 980	 975	 73.7	 0.60	 1.05	 6	 176	 980	 975	 73.7	 0.60	 1.05	 30
CW	 400	 391	 43.0	 0.35	 0.61	 6	 42	 400	 391	 43.0	 0.35	 0.61	 30
CW	 400	 400	 44.0	 0.36	 0.63	 2.5	 100	 400	 400	 44.0	 0.36	 0.63	 35
CW	 310	 306	 50.3	 0.41	 0.72	 7	 8	 310	 306	 50.3	 0.41	 0.72	 50
CW	 290	 290	 48.0	 0.39	 0.69	 5	 68	 290	 290	 48.0	 0.39	 0.69	 7
CW	 495	 491	 71.4	 0.58	 0.98	 5.2	 495	 491	 71.4	 0.58	 0.98	 5.2

Ce	 105.4	 102.9	 102	 83.6	 0.91	 1.74	 3.2	 75.5	 75	 61.1	 0.66	 1.27	 9.5
CP	 93.5	 92	 80.3	 0.87	 1.67	 3	 76	 75	 65.1	 0.71	 1.36	 14
CP	 194	 47	 147	 147	 61.2	 0.62	 1.15	 3	 47	 147	 147	 61.2	 0.62	 1.15	 4

H	 59	 58	 24.2 - 0.42	 0.53	 3	 59	 58	 24.2	 0.42	 0.53	 3

0	 95	 93	 13.5	 0.70	 0.22	 4.5	 95	 93	 13.5	 0.70	 0.22	 4.5
o	 iso	 158	 22.9	 0.74	 0.23	 160	 158	 22.9	 0.74	 0.23
0	 231	 228	 33.1	 0.77	 0.24	 11	 231	 228	 33.1	 0.77	 0.24	 11
0	 262	 258	 37.5	 0.69	 0.21	 16	 262	 258	 37.5	 0.69	 0.21	 16
0	 453	 429	 16.8	 0.87	 0.27	 8.8	 453	 429	 16.8	 0.87	 0.27	 8.8
0	 424	 420	 18.8	 0.51	 0.16	 17	 424	 420	 18.8	 0.51	 0.16	 17
0	 500	 496	 22.2	 0.60	 0.19	 17	 500	 496	 22.2	 0.60	 0.19	 17

o	 1350	 804	 846	 550 185.9	 0.42	 2.73	 7.5	 804	 546	 550 185.9	 0.42	 2.73	 7.5
o	 430	 426 144.0	 0.33	 2.12	 14	 430	 426 144.0	 0.33	 2.12	 14

N	 4200	 (800)	 3400	 3587	 43.8	 1.07	 0.18	 55	 (800)	 3400	 3587	 43.8	 1.07	 0.18	 55

HU	 792	 303	 489	 491	 56.6	 0.54	 0.51	 3.8	 303	 489	 491	 56.6	 0.54	 0.51	 3.8
HU	 461	 460	 53.0	 0.51	 0.48	 461	 460	 53.0	 0.51	 0.48

AP	 11040 10399 192.2	 0.63	 0.32	 7	 11040 10399 192.2	 0.63	 0.32	 8

WS	 961	 922 128.4	 0.58	 5.35	 445	 961	 922 128.4	 0.58	 5.35
WS	 2438	 2371 165.1	 0.82	 3.93	 613	 2438 2371 165.1	 0.62	 3.93
WS	 2873 2784 129.2	 0.40	 2.12	 1833	 2873 2784 129.2	 0.40	 2.12
WS	 4466	 4349 151.4	 0.41	 1.89	 1067 4466	 4349 151.4	 0.41	 1.89
WS	 5240	 5100 142.0	 0.36	 1.45	 1379 5240 5100 142.0	 0.38	 1.45
WS	 6734	 6568 152.4	 0.38	 1.31	 1610	 6734	 6568 152.4	 0.38	 1.31

KG	 2420 2264	 63.5	 0.42	 0.60	 25	 960 1870	 1714	 48.1	 0.31	 0.45	 61
KO	 4100 3918	 93.1	 0.59	 0.80	 8	 740 2710 2528	 60.1	 0.38	 0.52	 50

A	 706	 674	 23.9	 0.26	 0.37	 4707)	 706	 674	 23.9	 0.26	 0.37
A	 589	 559	 22.5	 0.24	 0.35	 353	 589	 559	 22.5	 0.24	 0.35

NO	 3300	 130 3170	 3170 154.4	 0.45	 3.59	 20 1530 3170 3170 154.4	 0.45	 3.59	 20

KA 12700 (3200)	 9500 9884	 56.5	 1.03	 0.41	 45 13200) 9500 9884	 56.5	 1.03	 0.41	 45
(CA 14700	 450 14250 14707	 64.5	 0.92	 0.38	 47	 450 14250 14707	 64 5	 0.92	 0.38	 47

Bk	 4.1	 13
CP	 16	 10

Figures m brecksts . for bas, load m sand	 Shang iiw8c.tes baa, load was estlniat.d
train comparetive teoslon and compt.sa.on tests
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Figure 10.11 Database of pile tests in clay: Peak average shear stress
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Figure 10.11 (cont.d) Database of pile tests In clay: Peak average shear stress
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	Mean,	 Standard	 Coefficient	 Ranking
deviation,	 of variation,	 Index,

COV	 RI

API RP2A (1993)	 0.98	 0.33	 0.34	 0.41

IC approach (1992) 	 1.07	 0.20	 0.19	 0.24
unmodified for open-ended piles
IC approach (1992)	 1.01	 0.18	 0.18	 0.18
with R* for open-ended piles
New IC approach (1996)	 1.03	 0.21	 0.20	 0.21
unmodified for open-ended piles
New IC approach (1996) 	 0.97	 0.17	 0.18	 0.22
with R* for open-ended piles

Table 10.10 Summary of peak shaft capacity predictions for 55 pile tests in clay

Implementation of the R* modification for open-ended piles generally improves the

predictions, reducing QC/Qm and bringing the values closer to unity. The predictions in

compression loading are slightly more conservative than those in tension, possibly due

to plug contributions.

For the complete database the new IC approach with the R* modification for open-ended

piles gives i=O.97, COV=O.17 and R1= 0.22 at peak conditions. Note that the degree

of agreement is better that achieved for piles in sand in Chapter 9 (COVO.30, RI=O.38)

and is probably close to the best reasonably possible given the quality of the site

investigation data, differences in equalisation times and loading rates and potential

strain-gauge errors.

The predictions offered by the API method and the Author's new proposals are examined for

bias with respect to four key parameters in Figures 10.13 and 10.14. The API recommendations

appear to be strongly skewed with YSR and normalised length, with shaft capacities

overpredicted for long piles and normally consolidated clays. Contrary to the findings of

Karlsrud Ct al. (1993b), Figure 10.13(c) shows no clear tendency for the API method to

overpredict in low plasticity clays, instead, Figure 10.13(d) indicates a greater probability of

overprediction in sensitive clays with high S.i,,.
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Calculation method	 Closed-ended	 Open-ended	 Total

_____________________________ comp	 tens	 All	 comp tens	 All

Number of piles	 N	 11	 20	 31	 5	 19	 24	 55

API RP2A (1993)	 .i	 0.86	 1.07	 1.00	 0.98	 0.95	 0.96	 0.98

s	 0.25	 0.33	 0.32	 0.33	 0.37	 0.36	 0.33

COV	 0.29	 0.31	 0.32	 0.33	 0.39	 0.37	 0.34

RI	 0.50	 0.34	 0.37	 0.37	 0.50	 0.47	 0.41

IC approach (1992) 	 1.06	 1.03	 1.04	 1.04	 1.13	 1.11	 1.07

unmodified for	 s	 0.16	 0.20	 0.18	 0.11	 0.24	 0.22	 0.20

open-ended piles	 COV	 0.15	 0.19	 0.18	 0.11	 0.22	 0.20	 0.19

RI	 0.19	 0.19	 0.19	 0.15	 0.32	 0.29	 0.24

IC approach (1992) 	 j.t	 As above	 0.91	 0.99	 0.98	 1.01

with R* for	 s	 0.12	 0.20	 0.18	 0.18

open-ended piles	 COV	 0.13	 0.20	 0.19	 0.18

RI	 0.24	 0.23	 0.23	 0.18

IC approach (1996) 	 0.98	 0.98	 0.98	 1.08	 1.11	 1.10	 1.03

umiiodifjed for	 s	 0.15	 0.19	 0.18	 0.06	 0.25	 0.22	 0.21

open-ended piles 	 COV	 0.15	 0.20	 0.18	 0.05	 0.22	 0.20	 0.20

RI	 0.19	 0.24	 0.22	 0.13	 0.30	 0.28	 0.21

IC approach (1996)	 i	 As above	 0.94	 0.97	 0.97	 0.97

with R* for	 s	 0.02	 0.20	 0.17	 0.17

open-ended piles 	 COV	 0.03	 0.20	 0.18	 0.18

RI	 0.09	 0.25	 0.23	 0,22

= mean Of QJQm
s = standard deviation
COV = coefficient of variation = s p.i
RI = ranking index	 i [ lfl(QJQm) I + S[lfl(QJQm)] Optimum value =0

(a)	 Peak shaft capacity

Table 10.11	 Statistical analysis of shaft capacity predictions in clay
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Calculation method	 Closed-ended	 Open-ended	 Total

_____________________________ comp tens 	 All	 comp tens	 All

Number of piles 	 N	 11	 20	 31	 5	 19	 24	 55

API RP2A (1993)	 0.90	 1.12	 1.04	 1.06	 1.00	 1.02	 1.03

s	 0.24	 0.31	 0.30	 0.46	 0.38	 0.39	 0.34

COV	 0.27	 0.27	 0.29	 0.44	 0.38	 0.38	 0.33

RI	 0.40	 0.35	 0.29	 0.39	 0.45	 0.43	 0.35

IC approach (1992) 	 p.	 0.97	 1.04	 1.01	 1.08	 1.12	 1.11	 1.06

unmodified for	 s	 0.15	 0.19	 0.18	 0.17	 0.25	 0.23	 020

open-ended piles	 COV	 0.15	 0.18	 0.17	 0.16	 0.22	 0.21	 0.19

RI	 0.19	 0.19	 0.16	 0.23	 0.31	 0.29	 0.22

IC approach (1992)	 p.	 As above	 0.95	 0.98	 0.97	 1.00

with R* for	 s	 0.17	 0.20	 0.19	 0.18

open-ended piles	 COV	 0.18	 0.20	 0.19	 0.18

RI	 0.25	 0.25	 0.24	 0.20

IC approach (1996) 	 p.	 0.89	 0.99	 0.96	 1.12	 1.10	 1.10	 1.02

unmodified for	 s	 0.17	 0.18	 0.18	 0.11	 0.26	 0.23	 0.22

open-ended piles	 COV	 0.19	 0.18	 0.19	 0.10	 0.24	 0.21	 0.21

RI	 0.32	 0.20	 0.25	 0.21	 0.30	 0.29	 0.21

IC approach (1996)	 p.	 As above	 0.97	 0.96	 0.97	 0.96

with R* for	 s	 0.10	 021	 0.19	 0.18

open-ended piles	 COV	 0.10	 0.21	 0.19	 0.19

RI	 0.13	 0.28	 0.25	 0.25

p. = mean of Qc"Qm
s = standard deviation
COV = coefficient of variation = s/p.
RI ranking index = I EIfl(QIQm) I + S [ lfl(QjQm)] Optimum value =0

(b)	 Ultimate shaft capacity

Table 1O.11(cont.d) Statistical analysis of shaft capacity predictions in clay
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Figure 10.13 API predictions for peak shaft capacity in clay
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In comparison, Figure 10.14 shows that the Author's new approach gives much less scatter and

no clear skew with YSR, pile length, plasticity index or clay sensitivity. None of the sites

appeared to be affected by the strong dissipation effects observed at Pentre, supporting the view

that the very high horizontal permeability at this site was exceptional.

Good predictions were achieved for the Kansai Bridge piles, where nearly 30% of the pile length

was embedded in sand (L=48m), indicating that the design methods for sands and clays may be

successfully combined for large-scale, open-ended piles installed in layered deposits.

The analysis of the newly assembled medium-term clay database confirms the reliability of the

revised design approach and the value of the R* modification for open-ended piles. With this

amendment the IC effective stress approach (summarised in Table 10.14 of Section 10.10)

provides a sound, unbiased method for full-scale pile design with significant advantages over the

existing API, Beta and LPC cone methods.

10.7 BASE CAPACITY OF CLOSED-ENDED PILES JT CLAY

Research with the ICP in various clay deposits has revealed interesting trends in closed-ended

base capacity:

Large displacements were always required to mobilise peak base resistance, whereas

peak shaft capacity developed after very small pile head displacements

of 3mm.

In undrained loading, N>9 in all cases.

Pile base resistance, q,, correlated well with CPT q. At Bothkennar, q, values measured

during undrained penetration and undrained loading were similar to q. At Cowden and

Canons Park q, <q due to installation rate and scale effects. Scale effects in fissured

clays were highlighted by De Beer (1977) and Powell and Quarterman (1988), with

lower base resistances for large diameter piles.

A slow drained load test at Bothkennar, taken to ultimate conditions over 24 hours,

developed a base resistance 50% higher than that achieved in a rapid undrained load test

conducted over 2 hours. In the drained tests at Pentre, q,/ql .3.

The data does not, however, provide information on the effects of scale at large diameters, open-

ended base resistance and the criteria governing plugging. The newly assembled database of
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high quality pile tests in clay, described in the previous Section, allows these aspects to be

examined. This Section studies the trends in closed-ended pile behaviour, comparing the

measurements to predictions made using the traditional design methods described in Section 3.5.

The drawbacks to these methods are assessed and a new approach for calculating base resistance

is developed. Open-ended behaviour and plugging are considered in Section 10.8.

Generally, base resistance in clays only contributes to a small proportion of ultimate pile

capacity, averaging at =20% for the database examined (see Figure 10.10), and relatively large

displacements are required for its mobilisation. The relatively minor role of base capacity in

clays has stimulated far less research than that for sands and the Author's design approaches rely

to a greater extent on the empirical trends displayed by the database.

10.7.1 Existing recommendations for base capacity

The API RP2A (1993) recommendations and most other popular methods of pile design advocate

a total stress calculation for base resistance involving a bearing capacity factor (N= 9) for deep

foundations and the unconsolidated undrained triaxial shear strength at the founding level, suo:

q = N s 0 = 9 uO

The main difficulties with such an approach are listed below:

In many cases, alternative s, values are substituted in place of s 0 and the magnitude of

these measurements can differ widely. Comparisons for Pentre clay-silt (Table 5.6) and

Bothkennar clay (Table 3.4) show that variations of ±50% are not untypical.

The results from the earlier closed-ended ICP tests in clay revealed N> 9 in all cases.

The original evidence supporting N9 was taken from uninstrumented pile tests

assuming identical shaft capacities in tension and compression. Significant errors in

evaluated base loads can arise from this assumption.

Drainage conditions during loading are not taken into account.

Scale effects are not considered.

The LPC cone method (Bustamante & Gianeselli, 1982) estimates qb by applying reduction

factors to the CPT values, where is the average resistance 1.5 D above and below the

founding level. The reduction factors range between 0.45 and 035 depending on the magnitude
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of ) is a more appropriate indicator of clay strength since the CPT subjects the soil

elements to similar strain paths to those around a penetrating pile and the measurements are less

susceptible to the problems of sample disturbance and variations in test procedure associated

with the determination of 5e0• Again, the reduction factors were determined empirically and no

allowance is made for pile diameter or loading rate. Scale effects in fissured clays have been

highlighted by Dc Beer (1977) and Powell and Quarterman (1988).

10.7.2 Database results

After the exclusion of piles founded in sand, the clay database contains eleven compression load

tests on closed-ended instrumented piles. This was increased to sixteen with the inclusion of:

(i) one ICP load test at Canons Park, CP5IIL2C;

(ii) one fully drained ICP load test at Bothkennar, BK3(2)/LIC (denoted "BK(d)" in the

plots);

(iii) the inferred base capacities of the three uninstrumented pile tests at Cowden (Gallagher

& St. John, 1979, and Ove Arup & Partners, 1986). These were deduced by comparing

total ultimate pile loads in compression and tension, assuming that the ultimate shaft

capacity in compression was 25% greater than in tension following the trends exhibited

by the ICP tests at this site.2

Where possible base loads were defined at a pile head displacement of DuO and where

compression tests were preceded by tension loading, base load was taken after a net downward

displacement of D/l 0. Base capacities at ultimate, rather than peak shaft loads, were preferred

since (a) there was a more plentiful supply of data and (b) it was simpler to infer in the

uninstrumented tests since the point of peak shaft capacity was not always clear and peak shaft

capacities in tension and compression are more likely to differ due to variations in 8.,,.

Measured and inferred base capacities are listed in Table 10.9 and full details on the

supplementary load tests and soil parameters at the founding level are provided in Appendix E.

Note that the reduction factors do not vary systematically with increasing q, but are
lowest for the "moderately firm" mid-range where IMPa ^ q ^ 5MPa.

2 The assumption of identical shaft capacities in tension and compression leads to
unrealistically high base resistances (much higher than those developed by the ICP at
the site) with q.,,/ between 1.6 and 2.5. The tests were preceded by cyclic loading and
may not be perfectly representative of first-time compression tests.
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Figures 10.15 and 10.16 compare the backfigured values of N and q,'4 with the API and LPC

recommendations.' The following observations are made:

•	 All of the database results exceed the API and LPC recommendations.

•	 Higher base resistances were developed in the low plasticity clays at Pentre, Dublin and

Houston and the drained test at Bothkennar, with q>qC

•	 The undrained ICP tests at Cowden and Bothkennar developed marginally lower base

resistances than the CPT with q,/ slightly less than one.

•	 The ICP and BRE (Wardle et al., 1992) tests at Canons Park display significantly lower

base resistances with q 1 =	 This is probably due to the relative scale of the pile and

the fissure spacings in the London Clay, as suggested by Dc Beer (1977) and Powell and

Quarterman (1988).

Use of the API or LPC recommendations would lead to base capacity being

underpredicted by an average of 55% (a statistical analysis is presented in Section 10.9).

10.7.3 The effect of drainage

The ICP results at Bothkennar described in Section 10.7 demonstrated that higher base capacities

may be achieved under drained loading conditions where the dissipation of excess pore pressures

leads to increases in mean effective stress. Unusually high base capacities were also noted at

Pentre, Houston and Dublin; the possibility of drainage during loading at these sites is assessed

below:

(i)	 At Pentre, the unusually high horizontal clay permeability and extremely fast rates of

dissipation were recurring features in the ICP tests. Slow, fully drained load tests were

conducted over a five hour period and pore pressure measurements at the pile shaft2

confirmed hydrostatic pore pressures throughout loading (see Section 6.4). The lowest

base resistance (N=25) was measured in test PT2IL1C which was terminated after a

small displacement of 5mm (D/20). Approximate indications of the time required for

consolidation may be obtained from published solutions such as that of Gibson et al.

(1967). This shows that 90% dissipation beneath a circular surface footing of radius R,

resting on a layer of thickness 1OR, occurs at a time factor 1 = 0.03 = ct / (100R2).

s, and other soil parameters such as plasticity index have been averaged for the region
1.5 pile diameters above and below the founding level.

2 Though pore pressure conditions on the pile shaft can be very different to those beneath
the pile tip.
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At Pentre, the coefficient of vertical consolidation measured in oedometer tests averaged

at c =10Om 2/yr, suggesting t90=0.7 hours, which supports the assumption of fully drained

conditions at the pile base during the load test.

(ii) Inspection of the soil profile at Houston (O'Neill et al., 1982) reveals a very sandy layer

with a 40% sand content at the founding level. The stratum is described as a "sandy

clay with sand pockets and partings (CL)". A slow maintained-style load test was

conducted taking 8 hours to reach failure. The authors reported very small reductions

in &r (l4kPa) during loading, most of which was thought to be due to changes in total

stress and not pore pressure related. These facts suggest drained or partially drained

loading conditions.

(iii) Relatively little data was available on the permeability of the Dublin Black Boulder clay,

but Farrell (1989) showed that its main constituents are sand and gravel sized particles

(comprising 54 to 66% of the material's composition) and that the clay and silt sized

particles are cubic and angular, quartz and calcite minerals with little, if any, platey clay

particles, inviting comparisons to the porous Pentre clay-silt. A slow maintained-style

compression test was conducted with the pore pressures measured on the pile shaft

remaining "relatively constant" (Looby et al., 1996). Farrell et al. (1997) evaluated a

radial coefficient of consolidation, c, 1, = I 50m2/yr. Assuming vertical consolidation takes

place at a similar rate suggests t=3 hours, inferring partial or complete drainage. Note

that this test was terminated after a pile head displacement of 7.5mm (D/36). Farrell et

al. estimated that base resistance could have risen by 80% after DuO displacement.

The results at Bothkennar, Pentre and Houston indicate higher base capacities as a result of slow

drained loading, with base capacities around three times higher than those suggested by

conventional design methods. This has great significance for short onshore piles such as those

at Dublin (LID13) where the base load represented 60% of pile capacity. However, for typical

long offshore piles (LID=40), base resistance would typically contribute to less than 20% of

ultimate pile capacity (see Figure 10.10). Moreover, this is mobilised after very large pile

displacements and would not develop under normal working loads but in unusual situations, such

as extreme single waves acting during storm loading, which would be applied under undrained

conditions.



581

Interestingly, drainage conditions appeared to have little effect on shaft capacities. At Pentre

a maximum 10% increase in shear stress was noted with a tenfold rise in loading rate' and no

differences in shaft resistance were noted in the drained and undrained load tests at Bothkennar.

It appears as though base resistance is more sensitive to drainage conditions, probably as larger

increases in pore pressure develop beneath the pile tip from the rise in mean total stress (u,,),

than that generated by shearing against the pile shaft (ug - see Section 3.2.2(b)).

10.7.4 Trends from the database

As stated earlier in Section 10.7.1, CPT measurements are considered a more appropriate

measure of clay strength for base capacity correlations than s, 0. Not surprisingly, the database

results show less scatter when normalised against this parameter.

The limited available data does not support any clear effect of pile diameter or soil index

properties and at present only drained and undrained loading conditions are distinguished when

assessing base resistance. The data shown on Figure 10.16 indicates:2

Undrained loading:	 q, = 0.8 4	 Eqn 10.7

Drained loading:	 qb = 1.3	 Eqn 10.8

As described later in Section 10.9, these recommendations lead to mean QJQmO.96 for the pile

tests and little scatter with COV=0. 18. In comparison, the API and LPC recommendations lead

to highly conservative predictions, with mean Q'Qm=°•3 and 0.45 respectively and COV=O.39

and 0.30.

The recommendations are summarised in Table 10.15 of Section 10.10. Further research and

high quality pile test data are required to validate the proposals. The possibility of diameter

effects should not be ignored, particularly in stiff fissured clays. In these cases, where D>O.3m,

the more conservative and extensively tested conventional value of N 6 9 is recommended for

undrained loading conditions.

l Measured between displacement rates of 1.5 and 15mm/minute. Negligible changes in
shear stresses were found between 0.001 and 1.5 mm mm.

2 If CPT measurements are not available, the database results suggest N values of 16 and
26 for undrained and drained conditions respectively.
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10.8 BASE CAPACITY OF OPEN-ENDED PILES iN CLAY

10.8.1 Introduction

Open-ended piles are more complex than their closed-ended equivalents since their capacity is

influenced by the contributions from internal skin friction between the inner pile wall and the

soil plug. The API base capacity procedure adopts a static limit equilibrium analysis where the

end resistance of the plug is compared to the potential internal shaft capacity and the lesser of

the two is added to the end bearing beneath the annular pile wall to give the total base capacity.

End resistance is calculated using the same bearing capacity factors as for closed-ended piles,

even though the base stiffness of open-ended piles is probably lower. Internal skin friction is

estimated following the procedures for external shaft capacity, despite the different stress

conditions inside and outside the pile. The relatively low bearing capacity of clay in comparison

to the potentially high internal shaft resistance results in plugging being predicted for all but the

shortest piles with L/D ratios less than 20.

Alternative approaches for predicting plugging include the examination of pile filling behaviour

during driving (Paikowsky et al., 1989) and one-dimensional analyses (e.g. Randolph et al.,

1991).

Relatively little research has been directed into plugging in clays and, unlike the analysis of base

capacity in sands in Section 9.7, this study is unable to draw on numerical analyses or systematic

experimental research. Instead, the database results are compared to the inferred behaviour given

by the existing approaches and examined for simple trends.

10.8.2 Observations from the database

The three compression tests on fully instrumented open-ended piles were supplemented with data

from thirteen uninstrumented tests as described in Appendix E. As before, where load-

displacement curves were available, base load was evaluated after a pile head displacement of

DIl 0. Table 10.9 shows the measured and inferred base capacities and Appendix E gives full

details on pile geometry and the soil conditions at founding level.

Figure 10.17 displays (a) the backfigured values of N against pile diameter and (b) the ratio of

pile to CPT end resistances (q/) against 4, where q, has been evaluated over the full base area
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including the soil plug. Figure 10.18 displays the same graphs where end resistance is computed

over the annular steel area, i.e. QbI(n(R24,. - R2,,,,,.)) and N = q,Js where the subscript

"a" denotes the use of annular area. We note:

•	 The majority of piles developed lower base resistances than that predicted for closed-

ended piles by the API recommendations (i.e. N<9) and LPC code (i.e. q/

<0.5±0.05). Five exceptions were those at Pentre, Alsancak, Noetsu and the two

Kontich piles.

Figure 10.17(b) shows that the q/4 ratios developed by these five piles approach those

measured for closed-ended piles, suggesting full plugging. The interpretation that

plugging took place at Noetsu is supported by the observation that plug height did not

change during loading (Matsumoto et al., 1995).

Figure 10.18(b) shows that q,,,/>1 in all but one case, indicating that the assumption

that CPT resistance is developed over the pile annulus may be taken as a reasonable

lower-bound. In all cases N,>9

There were no clear trends with pile diameter.

Paikowsky et al. (1989) analysed plug advancement data from 60 piles driven in lightly

overconsolidated clay in the Gulf of Mexico, inferring that plugging during driving can be taken

as an indicator of plugging during static loading. They suggested that plugging during driving

could be assumed if the incremental filling ratio,' y^5O% for a significant portion of penetration

(e.g. for O.IL). This generally corresponded to final filling ratios ^90-95%. A statistical

analysis of the data using these definitions showed that plugging was more likely for long piles,

with 73% of those with LID>75 considered plugged, compared to just 21% for those with

LID<75.

The final filling ratios recorded for the piles in the Author's database are displayed in Figure

10.19. This highlights the differences in installation and loading responses in different soil types

and cautions against partial plugging during driving being taken as an indicator of full plugging

during static loading. For example, the LDP pile in normally consolidated clay-silt at Pentre

underwent full coring during driving and had a final filling ratio of 104% but appeared fully

plugged during loading with qb> In comparison, the LDP pile at Tilbrook partially plugged

during driving giving a very low final filling ratio of 43%, but appeared unplugged during

loading with q,, 0.38. The difference in behaviour is probably due to the contractant response

Incremental filling ratio y=dH.jdL. Final filling ratio = 1-I/L.
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during driving at Pentre, with the development of large reductions in mean effective stress. In

contrast, the heavily overconsolidated clay at Tilbrook dilated on shearing, producing negative

pore pressures and a rise in radial effective stress near the pile toe, promoting plugging. The

dissipation of excess pore pressures and effective stress changes during equalisation increased

internal shear stresses in the Pentre pile but reduced those at Tilbrook, leading to a switch in

plugging behaviour during loading. Shaft capacity is dominated by the radial effective stresses

developed on the pile shaft. While low YSR clays show increases in K/Ks (=a',/a',) with time,

the opposite can occur in the high YSR clays (see Figure 6.20).

Similarly, one-dimensional analyses such as that of Randolph et al. (1991), appear flawed since

these assume that plugging is governed by length of the soil plug. However, the large diameter

pile at Kansai (D=l .5m, L-48.4m), was fully coring during installation and developed a long

soil column, but did not appear plugged during static loading.

10.8.3 API predictions

Figure 10.20 compares the API base capacity predictions with the measurements, distinguishing

the five "probably plugged" piles identified in the previous Section. The API's static equilibrium

design procedure predicted plugging for all but the two shortest piles at West Sole. This resulted

in poor estimates of base capacity:

The base capacities of the plugged piles at Pentre, Alsancak and Kontich (2 piles) were

underpredicted by 25%.

On average, the base capacities of the unplugged piles were overpredicted by a factor

of 2.

Overall, open-ended base capacity was overpredicted with mean QJQm=l .65. The very

high COVO.71 highlights an unreliable design method.

It is clear that the main drawback to the API method is the poor reliability of the static

equilibrium plugging predictions. However, the minor contribution of base load to overall pile

capacity reduces the implication of these errors. For example, the base capacity of the Kansai

pile was greatly overpredicted with QJQm4.70, but base load only represented 3% of total

ultimate pile capacity. The API recommendations slightly underpredicted shaft capacity

(QJQm093), resulting in a reasonable prediction for overall compressive load with QJQmO.96.
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10.8.4 Trends in open-ended base capacity in clay

Despite the relatively small contribution of base load to overall pile capacity in clays, an attempt

was made to develop an improved design approach, taking into account some of the factors

influencing base response for piles in sand (described in Section 9.7). The progressive response

of open-ended base resistance was highlighted: end bearing is first developed over the annular

pile area, followed by internal shear stresses which are mobilised progressively from the pile toe

upwards. Clay plugs can be expected to respond in a similar manner, though the dissipation of

excess pore pressures inside the pile plug is slower than that externally and undrained conditions

are more likely to prevail. Therefore, the strong dilation effects observed in sand plugs would

not be expected in clays. Large pile displacements would be required to mobilise the full

internal shear stress.

(a) Unplugged piles

The earlier interpretation of the available database indicates that the lower bound approach

proposed for piles in sand may be applied to unplugged piles in clay. All internal shaft friction

is neglected and end bearing is assumed to act only across the annular area of steel (or concrete).

The maximum base resistance would be similar to that of the CPT which imposes similar strain

paths on the soil mass and has a diameter comparable to the wall thickness. Figure 10.18(b)

suggests that scale and shape effects are not significant and unfactored values of q1	 ma

be used:

Qb =	 (R2	 - R2 1,.)	 Eqn 10.9

Application of this approach to the full set of unplugged piles results in a mean QC'Qm = 0.86

and a COV = 0.30. Equation 10.9 applies to undrained loading conditions; trends from the

closed-ended pile tests suggest that Qb may be increased by a factor of 1.6 if drained conditions

exist.

(b) Fully plugged piles

The five probably plugged" piles identified on Figure 10.17 suggest that full plugging (without

drainage) leads to the same base resistance as that beneath an equivalent closed-ended pile with

qbIq 0.8. However, only the LDP Pentre pile was reliably instrumented at the base and the

high horizontal soil permeability and large cable protectors may have increased q. Evidence

from field loading tests in sand highlighted the slower mobilisation of base resistance in fully-

plugged open-ended piles due to the progressive development of internal shear stresses and lower
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stilThess of the soil mass beneath the pile; only 50% of the closed-ended resistance was

developed after DuO displacement The present sparsity of reliable data and the possibility of

scale effects at large diameters necessitates caution, hence 1 following the rationale for piles in

sand, it is recommended that plugged piles are designed for 50% of the closed-ended base

capacity:

Qb = 0.4 n R2 ,	 Equ 10.10

Under drained loading conditions Qb may be increased by a factor of 1.6. Note that Equation

10.9 provides a lower bound which applies to piles with very thick walls or high displacement

ratios where p^0.4.

(c)	 Plugging criterion

The study of pile behaviour in Section 10.8.2 showed that filling ratios and one-dimensional

analyses provide a poor basis for predicting the onset of plugging. Similarly, the API's static

equilibrium method gave poor results. Therefore, a new approach is tentatively suggested, in

which plugging is considered as function of internal pile diameter and soil strength through CPT

base resistance (a measure of clay strength, YSR and overburden pressure). Preliminary results

are shown on Figure 10.21. The five piles identified as "probably plugged" in Section 10.8.1

are distinguished from the unplugged piles, suggesting the following criterion for plugging

during static loading:

(in metres) + 0.163 (in MPa) ^l.3

which can be non-dimensionalised using the CPT diameter and atmospheric pressure, (DCPT

0.036m, P =0.IMPa):

D,,JDCPT + 0.45 JP ^ 36	 Eqn 10.11

This infers:

All piles greater than I .3m in diameter remain unplugged.

Piles founded in stiff clay with >8 MPa remain unplugged.

Between these two extremes, plugging is a function of internal pile diameter and , with

small diameter piles founded in soft clays most likely to xhibit plugging during loading.
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Figure 10.21 Plugging criterion for open-ended piles in clay

The present proposals are tentative and require confirmation from further reliable pile tests. In

particular the effect of internal pile shoes has not been considered; results from West Sole and

studies by Paikowsky et al. (1989) suggest a higher tendency for plugging in piles without shoes

where there are no changes in internal pile diameter. Where plugging is in doubt, the base

capacity should be calculated using the lower bound unplugged approach.

The proposed design procedure for base resistance in clays is summarised in Table 10.15 of

Section 10.10.
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10.9 COMPARISON OF BASE CAPACITY PREDICTIONS

Predictions for base capacity were performed for the closed and open-ended piles in the database

following the API RP2A (1993) recommendations, the LPC cone method (Bustamante and

Gianeselli, 1982) and the Author's new proposals (described in Sections 10.7.4 and 10.8.4) and

the results are contained in Appendix E. Table 10.12 summarises the main features of the

extended database and Table 10.13 presents the results of the statistical analyses. Figures 10.22

to 10.25 display the QJQm predictions, distinguishing between the piles which were predicted

as being plugged and unplugged in the calculations.

Closed-ended	 Open-ended	 All

Number of tests	 15	 16	 31

Number piles with strain-gauges at 	 12	 3	 15
the base

Average founding depth (mbgl) 	 10.6	 19.1	 15.0

Range of founding depths (mbgl)	 5.8 - 19	 3.0 - 55	 3.0 - 55

Average diameter (m)	 0.17	 0.69	 0.44

Range of diameters (m) 	 0.10-046	 0.20-1.5	 0.10- 1.5

Average YSR at founding depth	 6	 13	 10

Range of YSR	 1.4-24	 1.2 -62	 1.2 -62

Average P1 at founding depth (%)	 24	 30	 27

Range of P1 (%)	 11-50	 14-84	 11-84

Table 10.12 Properties of database pile tests with base capacity measurements
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Calculation method	 Closed-ended	 Open-ended	 Total

Number of piles	 N	 15	 16	 31

API RP2A (1993)	 0.43	 365	 1.06

s	 0.17	 1.17	 1.04

COY	 0.39	 0.71	 0.98

RI	 1.27	 0.94	 1.08

LPC cone method	 p	 0.45	 1.63	 1.06

Bustamante & Gianeselli 	 s	 0.13	 1.17	 1.03

(1982)	 COV	 0.30	 0.72	 0.97

RI	 1.13	 1.01	 1.08

IC approach (1996)	 p	 0.96	 0.75	 0.85

s	 0.18	 0.28	 0.26

COY	 0.18	 0.38	 0.30

RI	 0.25	 0.75	 0.55

p mean of QIQm
s standard deviation
COy - coefficient of variation s/u
RI = ranking index = p [In(QJQm) I + s[ln(Q1/Q,,.)] Optimum value =0

Table 10.13	 Statistical analysis of base capacity predictions in clay

E

U
a
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The results have been discussed in the previous sections but the key points are summarised

below:

The API method underpredicted the base capacities of closed-ended piles by 57%. Mis-

identification of plugging in open-ended piles led to an average overprediction of 65%.

The overall COVO.98 is unacceptably high.

Very similar results are provided by the LPC cone method where all of the open-ended

piles are assumed to develop the same base capacities as closed-ended piles.'

The Author's new proposals for the base capacity of closed-ended piles provides

encouraging results with an average QJQm of 0.96 and a COV of 0.18.

The predictions for open-ended piles are conservative, particularly for the fl.illy-plugged

piles but overall, the new proposals deliver vastly improved accuracy with COV=0.30.

The ranking index confirms the superior results.

Traditional methods for estimating base capacity are flawed, appearing unsafe for open-ended

piles and highly conservative for small diameter closed-ended piles. The Author's new proposals

provide (i) more realistic estimates of closed-ended pile capacity, (ii) guidance on effects of

drainage, (iii) an indication of the probability of plugging during loading and (iv) simple

approaches for estimating the base capacity of plugged and unplugged piles. However, the

recommendations were developed using the results of the present database and require further

validation with independent high quality field tests. In particular, more research is required to

investigate possible diameter effects for closed-ended piles in fissured clays. There is a clear

need for systematic laboratory, field and numerical studies into the behaviour of pile plugs in

clay, similar to that already completed for piles in sand. Where possible, experiments should

be conducted on test piles with similar dimensions to those used in reality and the drainage

conditions during loading should be reliably established.

10.10 RECOMISiENDATIONS AND CONSiDERATIONS FOR DESIGN

The newly proposed design recommendations for piles in clay are summarised below in Tables

10.14 and 10.15. Guidance on the evaluation of the soil parameters (YSR, ts1 and &) is given

in Section 10.6.1.

Bustamante & Gianeselli (1982) point out that unplugged piles may develop lower base
capacities and recommend that this is investigated with full-scale load tests.
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10.10.1	 Shaft capacity

A SHAFT CAPACITY OF CLOSED-ENDED PILES IN CLAY

Al Q, = xD h dz	 Shaft capacity is found by integrating local

shear stresses along the embedded shaft length

A2 t1 a' tan 8	 Local shear stress is expressed using the

= (K/KJ K a' tan 8	 Coulomb failure criterion

A3 K	 Local radial effective stress after

[2.2 + 0.0 16 YSR - 0.870 M,,] YSR° 42 (hIRy° 2° equalisation is a function of free-field vertical

and	 = log 10 S1	effective stress, Yield Stress Ratio (YSR),

normalised distance from the pile tip (h/R) and

or:	 clay sensitivity expressed in terms of void

[2 - 0.625 1M] YSR° 42 (h/R)° 2°	 index, AI (Figure 10.3 and Appendix C).

Alternatively, Lehane's original relationship

with initial void index,	 may be used. h/}

is limited to a minimum of 8.

A4 K/l( = 0.8	 The reduction in local radial effective stress

during pile loading or loading factor is

constant regardless of the direction of loading

or drainage conditions.

A5	 = &, or ul,	The interface angle of friction at failure is

should be measured in interface ring shear

tests where pile installation is modelled with a

number of fast revolutions (see Appendix B).

e.g. P1 = 40%, 8, = 100	 The operational value depends on the degree

P1 = 20%,	 = 25°	 of progressive failure, pile roughness, clay

type and shearing history. Trends for North

Sea clays are shown on Figure 3.8.

B SHAFT CAPACITY OF OPEN-ENDED PILES

B3 K f(hIR*)	 K can be taken from either of the expressions

where R* = (I2 - R2.)½	 in Step A3, with the substitution of the

equivalent radius, R*, in the h/R term.
=

Table 10.14 Procedures for shaft capacity calculations
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10.10.2	 Base capacity

C BASE CAPACITY OF CLOSED-ENDED PILES IN CLAY

Cl q, = 0.8 4	 Undrained loading	 Pile base resistance is controlled by CPT resistance

q = 1.3 ci Drained loading at the founding depth and the drainage conditions

during loading. 4 is averaged 1.5 pile diameters

above and below the founding level.

D BASE CAPACITY OF OPEN-ENDED PILES

Dl Plugging during static loading can occur if: D IflRS/DCF,l. + 0.45 4/P1 ^ 36

D,1. = 0.036m. Atmospheric pressure P1 = 0. 1MPa or lOOkPa.

D2 Qb = q it D2 /4	 Fully plugged piles develop half of the end

q = 0.4 4	 Undrained loading	 resistance of closed-ended piles given by Equation Cl

q = 0.65 4	 Drained loading	 after a pile head displacement of DuO.

D3 Qb = ba lt	 - R2mn )	 Unplugged piles sustain end bearing on the annular

qb1 =	 Undrained loading	 area of steel only. Base resistance is equal to average

q1 = 1.6 4 Drained loading CPT end resistance at the founding depth. This may

be increased by a factor of 1.6 for drained conditions.

Contributions from internal shear stresses should be

ignored.

Table 10.15 Procedures for base capacity calculations in clay

10.10.3	 Other considerations for design

This Chapter has concentrated on the development and validation of design approaches for

medium-term shaft and base capacities of single closed and open-ended piles in clay. However,

some of the other aspects of pile behaviour investigated in this Thesis are also pertinent to

practical pile design. These are summarised below:

(a)	 Group effects

The study of group installation processes in sand highlighted major changes in pile behaviour.

Although a similar study has not been conducted in clays, similar trends might be expected with

possible gains in shaft resistance and reductions in base capacity. Existing case histories confirm
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that considerable pile uplift can occur during the installation of pile groups in cohesive deposits.

Further research with instrumented piles is required to quantify such effects.

(b)	 Time effects

Large changes in shaft capacities can occur in clays during the equalisation period following

driving. In normally or lightly overconsolidated, sensitive soils, set-up can occur with time,

while insensitive, highly overconsolidated clays may show reductions. Such changes are closely

correlated with the variations in a', and Figure 6.20 displays the trends measured in the ICP

experiments, plotted as a function of KJK, ( = cr'/a'j. Points to note include:

(i) The low YSR Pentre and Bothkennar clays displayed steady increases in K during

equalisation.

(ii) Overconsolidated Cowden till showed a pronounced short-term minimum with no overall

change between installation and full equalisation.

(iii) The heavily overconsolidated London Clay underwent a significant net reduction in K

with time.

For closed-ended or fully plugged piles, the equalisation process was, for practical purposes 70%

complete when the non-dimensional time factor I (= t /R 2) reached 10 (when evaluated using

a consistent set of units). The process was effectively complete when T= 100. Operational c,,

values matched those for swelling or re-compression with radial drainage conditions. The

equalisation process is far more rapid for open-ended coring piles which affect a smaller volume

of clay during their installation (e.g. Bogard & Matlock, 1990). Equalisation within the soil plug

is slower due to the restricted drainage boundaiy (Paikowsky & Whitman, 1990).

Long-term set-up after complete pore pressure dissipation has been reported in low plasticity

Norwegian clays by Karlsrud et a!. (1993b) as described in Section 3.6.3. Other cases were

documented by Flaate (1972), Cooke et al. (1979) and Berghdahl & Huh (1981), Lehane (1992 -

Cowden) and Wardle et al. (1992 - Canons Park). The ICP pile at Pentre did not show any pile

set-up over a 2.5 month period. Further research is required.

(c)	 Cyclic loading

The one-way tension cycling at Pentre resulted in a 9% reduction in static shaft capacity, mainly

due to local degradation of the interface angle of friction, from & to 8,,. There was no build-up

in excess pore pressures which might occur in less free-draining materials, causing reductions



598

in mean effective stress and cyclic shaft capacity. In reality the response to storm loading is

usually undrained and, after a period for pore pressure dissipation, some recovery in shaft

capacities may take place. Field studies by the NO! and the BRE at Cowden showed that greater

losses are suffered in lightly overconsolidated, sensitive soils than in insensitive highly

overconsolidated deposits and two-way cycling effects are more severe than one-way cycling.

Further details can be found in Jardine (1994) or Jardine & Chow (1996).

10.10.4	 Final comments

The investigations carried out in this Thesis go some way to answering the questions currently

being debated by offshore pile designers and summarised in Section 3.6.4:

The Pentre deposit is not typical of North Sea conditions, and its high horizontal

permeability and metastable shearing behaviour having some unexpected effects on pile

behaviour. In particular, the ICP tests described in Chapter 6 highlighted the low values

of a' which arise as a result of partial dissipation during installation. These effects

were counteracted to a certain extent by smaller reductions in radial effective stress

during loading than those usually encountered and large variations in ö.

•	 Improvements were made to Lehane's (1992) tentative effective stress design approach

with the introduction of a new parameter, iM which is more representative of clay

sensitivity, particularly for overconsolidated deposits.

Field tension tests suggest that open-ended piles only develop 90% of the shaft capacity

of similarly sized closed-ended piles. This reduction can be taken into account by using

the R* modification proposed for piles in sand. Applying this modification improves

the predictions for open-ended piles and results in a predictive reliability which equals

that found for closed-ended piles.

The new design proposals show greater accuracy and reliability when compared to

popular traditional design methods including the current API R.P2A (1993)

recommendations.

When tested against a large database of high quality field tests the new approach does

not appear biased with pile length, YSR, clay plasticity or sensitivity. In contrast, the

API approach is skewed with pile length (since it does not account for the h/R reduction

in stresses), YSR and sensitivity. However, there was no apparent trend with plasticity

to support Karlsrud et al.'s (1993b) results shown on Figure 3.28. It is possible that the

low plasticity clays in their database developed lower capacities due to their higher

sensitivities.
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The Author's studies have shown that traditional methods for calculating base resistance

during loading are highly unreliable. New approaches have been proposed which (i)

relate q, to CPT q, (ii) take account of the drainage conditions during loading, (iii)

consider the effects of plugging and (iv) attempt to predict the occurrence of plugging

in open-ended piles.
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CHAPTER 11

CONCLUSIONS

11.1 INTRODUCTION

This Chapter summarises the major conclusions from this Thesis. The main themes are:

(a) How piles behave in (i) lightly overconsolidated, relatively permeable clay-silt and

(ii) dense sand.

(b) The effects of pile scale, installation method and end-condition (open or closed-ended).

(c) The base capacities of open and closed-ended piles in sand and clay.

(d) Variations in pile capacity with time after installation.

(e) The effects of loading direction and cyclic loading.

U)
	

Changes in pile behaviour in sand due to their installation in groups.

Experimental field tests were performed with the Imperial College instrumented pile (ICP) at

Pentre, Shropshire and Dunkirk, France. In addition, full-scale tests were conducted on open-

ended, strain-gauged steel piles installed in the dense sand at Dunkirk. Interpretation of these

experiments and associated in situ and laboratory soils tests have led to improvements in the

effective stress design approaches proposed by Lehane (1992) and their extension to encompass

open-ended piles. New approaches for base capacity and the prediction of plugging in open-

ended piles have been developed. The applicability of the new methods for practical pile design

has been demonstrated through a validation exercise, involving two large databases of high

quality pile tests in sands and clays, collated by the Author.

Section 11.2 summarises the main findings from the pile tests at Pentre and Dunkirk, with

reference to the framework of behaviour developed by Lehane (1992). Section 11.3 describes

the new design proposals for shaft and base capacities and the results of the validation study.

The final section makes recommendations for future research.



604

11.2 PRINCIPAL EXPERIMENTAL RESULTS

11.2.1 ICP tests at Pentre

1. The investigation into the properties of Pentre clay-silt highlighted several unusual

characteristics: the index properties of a silty clay are combined with an unusually coarse

silt-sized grading, resulting in higher porosities and permeabilities than those associated

with most, more massive, North Sea sediments. Local boreholes revealed four distinct

types of macro-fabric within the depths tested by the ICP and these were found to

influence local permeabilities, effective stress paths, strengths and stiffnesses. Ring

shear tests indicated transitional behaviour with a wide range of possible 8 angles.

Unusually, lower resistances were measured in soil-soil shearing than in soil-interface

shear. Low-strength residual shear surfaces formed in some cases, a feature normally

associated with higher plasticity cla, s.

2. The ICP effective stress measurements reflected the influences of(i) soil consistency and

(ii) hIR, with installation a, and varying in sympathy with CPT q, s 0 and YSR

profiles and being greatest at low hfR positions near the pile tip. These observations

support the trends identified earlier by Lehane (1992).

3. Unlike those at previous sites, the pile installations were partially drained due to the high

horizontal permeability and rapid consolidation characteristics of the Pentre clay-silt.

This had a profound effect on the magnitude of the installation a (or H) and u1 values

which were much lower than those associated with undrained pile installation.

Equalisation was very rapid.

4. On pile extraction a 10mm thick clay layer was found strongly adhering to the pile

shaft. Fabric studies suggest that this was created during the short pauses in installation

when pore pressure dissipation allowed reductions in void ratio as the structure of the

intact soil reduced towards its intrinsic state. Thin sections revealed multiple, major,

non-planar displacement shears, between 5 and 10mm from the pile shaft with the clay

fabric indicating a high degree of clay particle alignment.

5. The values of cr' (or 1 ) developed after full equalisation were also influenced by the

installation process, being linked to the number of drained or partially drained shearing

cycles imposed during installation (known collectively as disszpation cycles). Where soil

elements at a particular hfR and depth were subjected to onl) one dissipation cycle,

relatively high values of K were developed. In contrast, lower values were measured

at soil elements which had experienced a large number dissipation cycles, approximately
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25% below those predicted using Lehane's (1992) effective stress approach. In the

majority of cases Kç was greater than K0 (inferred from oedometer tests).

6. The drained loading effective stress paths were in good agreement with the undrained

and drained loading responses seen at previous ICP sites. Radial effective stresses at

failure were, on average, 8% lower than a',, though there was much variation. In

compression, & was close to $ measured in soil-soil ring-shear tests, consistent with

failure developing on pre-formed installation displacement shears. Failure was brittle

in tension, with relatively high values of &, being induced by reversals in the direction

of shearing.

7. The average base resistance was around 30% higher than the local CPT q, with average

N=30.

8. Forty-one rapid one-way load cycles in tension between 76 and 9% of peak load did not

induce significant reductions in peak shear stresses during cycling or static loading.

9. There was no medium-term change in shaft capacity over a 2.5 month ageing period.

10. While the K measurements were not perfectly predicted using Lehane's effective stress

approach, the shear stress profiles were in reasonable agreement due to counterbalancing

factors in the K/KC values and the large variations in

11. A substantial modification of the approach to account for partial dissipation effects was

not considered worthwhile given that most offshore piles are (I) driven in materials with

lower permeabilities and consolidation characteristics, (ii) have larger diameters,

requiring longer pauses for dissipation to commence (since consolidation is proportional

to R 2) and (iii) driven rapidly with few opportunities for dissipation. This was

confirmed by the predictions for the large-scale pile at Pentre and through the validation

exercise described in Section 11.3. However, in cases where the driving process

contains more than four long interruptions, during which significant pore pressure

dissipation occurs (e.g. 50%), shaft capacity should be provisionally reduced by 25%.

12. The ICP results combined with those from the Large Diameter Pile (LDP) and

Norwegian Geotechnical Institute (NGI) testing programmes at Pentre, allowed the

effects of scale, installation method and end condition to be examined, leading to the

conclusions described in Section 11.3.
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11.2.2 ICP tests at Dunkirk

1. The "stationary" installation a',, and fully equalised a',, values developed in dense marine

Dunkirk sand displayed almost the same trends with sand state (or CPT q,) and hIR as

were measured by Lehane (1992) in loose to medium dense dune sand at Labenne,

despite the large differences in sand densities, depositional histories and the magnitude

of stresses developed.

2. Pile installation and loading were practically fully drained with pore pressures remaining

close to hydrostatic conditions. Pore pressures equilibrated within one minute of the pile

coming to rest. However, during the 14 hour equalisation period, a', at all instrument

locations increased by an average of 20%. Re-examination of the Labenne data showed

similar, but smaller rises, averaging at 12%. This is thought to be due to sand creep

leading to a breakdown of the circumferential arching stresses created during installation

and allowing higher values of a', to develop against the pile shaft. Similar increases in

a', were measured by Ng et at. (1988) and help to explain the major long-term set-up

in shaft capacity measured on the full-scale open-ended piles at Dunkirk, described in

Section 11.2.3 below.

3. Residual base loads were high, representing 57% of the base load in static loading and

17% of total pile capacity. In compression, the ratio of base to CPT resistances at peak

shaft capacity qb'q,=072 (Nq = 110), and remained below 0.9 at ultimate conditions.

4. Pile shaft capacity in tension was 14% lower than that in compression. A post-peak

"stick-slip" response was exhibited in the majority of cases. This was linked to sand

creep and reductions in shear resistance at rates of displacement above 1mm/mm.

5. The effective stress paths measured during loading mirrored those at Labenne, indicating

initial sand contraction, thought to be caused by the rotation of principal stress

directions, followed by strong dilation, associated with shearing at the pile interface. At

failure, a',ç was approximately 50% higher than a',. 6 in compression was close to 8,

measured in direct interface shear tests, while in tension ö = 4, suggesting shearing

within the soil mass.

6. Reversals in shearing direction resulted in large reductions in shaft capacity. This was

most significant in tension-to-compression loading sequences, where shaft resistance

reduced by 25%. This feature indicates that, for the relatively stiff ICP, the effects of

principal stress rotation are greater than elastic Poisson-type reductions in pile diameter

under tension loading.
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7. Sixty-one rapid load cycles in compression between 19 and 81% of ultimate load

produced a net pile head displacement of 0.35mm. Peak available shear stress during

cycling increased along the pile, except near the pile head where two-way cycling was

experienced and f reduced by 19%. After a short equalisation period, static loading

showed an increase in f along the entire pile length.

8. Installation of a second pile 9 radii from the instrumented pile revealed complex stress

changes in the sand mass, predominantly associated with the concentration of high

stresses around the advancing pile tip. This led to a doubling of a',, but a reduction in

residual base load due to pile uplift. Reloading of the instrumented pile demonstrated

a 51% increase in shaft capacity coupled with a 43% reduction in base contribution and

a markedly lower base stiffness. The experiment highlighted the large stress changes

and alterations in pile behaviour which can occur due to group installation, showing

good agreement with the limited results published in the literature. The study has

numerous implications for practical pile design and load testing, as described in Section

7.5

11.2.3 Full-scale, open-ended pile tests at Dunkirk

I. Tension load tests on open-ended pipe piles, installed five years earlier by the CLAROM

research consortium revealed an 85% increase in shaft capacity compared to that

measured six months after driving. Analysis of the strain-gauge data showed increases

in shear stress along the lower section of the pile below 4m.

2. Pile extraction revealed heavy corrosion along the upper 7m of pile shaft, but a detailed

analysis showed that this phenomenon could not account for the rise in shear stress

towards the pile toe.

3. Ageing studies (over a maximum of 63 days) on Dunkirk sand in direct interface shear

tests indicated no changes in 8 (with ductile failure in all cases), but an increase in

shear stiffness and stronger dilation at failure.

4. A thorough review of published and unpublished pile test records showed that the

Dunkirk results are not unique, with medium and long-term increases in shaft capacities

measured on steel, concrete and timber displacement piles installed above and below the

water table. Mean trends indicate a 50%±25% rise in shaft capacity per log cycle of

time. The Author has not uncovered similar reports of set-up with any bored piles in

sand.
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5. The probable stress conditions around the CLAROM piles were evaluated using the soil

properties, ICP test data from Dunkirk and the framework for effective stress behaviour

proposed for piles in sand. This suggests that the most plausible explanation for the

gains in shaft capacity is that sand creep leads a breakdown of circumferential arching

stresses created during driving, allowing increases in a' against the pile shaft. Sand

creep may also lead to greater dilation effects during shearing as suggested by the ageing

shear tests, though the lack of scale effects in the field test database suggests that this

has a relatively minor role.

6. The results have important implications for pile testing and design as described in

Section 8.9.3.

7. In conjunction with the ICP measurements and results from previous studies reported

in the literature, the CLAROM results were used to assess the effects of scale,

installation method and end condition on shaft and base capacities as described in the

next Section.

11.3 NEW EFFECTiVE STRESS APPROACHES FOR PILE DESIGN

This Section describes the improvements made to the tentative effective stress approaches for

shaft capacity, developed by Lehane (1992) for closed-ended piles in sand and clay. New simple

design approaches for base resistance and the onset of plugging in open-ended piles were also

developed. In order to validate the new proposals for full-scale practical pile design, two large

databases of high quality open and closed-ended pile tests were collated from the literature and

unpublished case records. The pile tests were subjected to strict selection criteria and take full

account of residual base loads in compression loading and include reliable site investigation data.

Predictions made using the Author's new approaches were compared to those from the current

API RP2A (1993) recommendations and other popular design approaches.

(a)	 Shaft capacity

Lehane's (1992) design approaches for closed-ended piles in sand and clay have been improved

and extended. The new approaches are summarised in Tables 9.13 and 10.14 respectively and

the major changes are listed belov.
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Sands

1. The expression for a', as a function of q, a',0 and h/R, was improved with the inclusion

of the new ICP data from Dunkirk, relating to dense sand conditions and longer piles.

2. The cavity expansion-interface rolling failure analysis for a' during loading was

modified to account more explicitly for local sand shear modulus, G (derived from CPT

measurements) and pile roughness.

3. The design approach models the reduction in local shear stress away from the pile tip

(h/R effect) observed in the ICP tests and this successfully captures the well known

phenomenon of "critical depth" whereby average shaft resistance becomes asymptotic

with depth. This results in shaft resistance being strongly influenced by pile slenderness

ratio.

4. Open-ended piles possess lower shaft capacities than similar diameter closed-ended piles

and experimental and numerical studies show that this is related to the smaller pile

volume. Investigations into the peak shear stress distributions on the open-ended piles

at Dunkirk revealed a stronger decay of stresses away from the pile tip, with a similar

feature noted in Strain Path analyses. A simple modification was incorporated into the

design approach to account for this feature. This considers the cT'i, stresses developed

on an open-ended pile as being equal to those on a closed-ended pile with the same solid

base area and equivalent radius, Rt . Substitution of R into the h/R term causes a more

rapid decay of stresses away from the pile tip and lower average shaft resistance. The

dilation related increase during loading, is still calculated using the external pile

radius.

5. Evaluation of the R modification against a database of high quality field tests showed

improved accuracy and reduced scatter. The calibration indicated that an additional

reduction factor of 0.9 is required for large open-ended piles loaded in tension, probably

due to the greater "Poisson-effect" reductions in pile diameter.

6. When applied to the database of 65 pile tests in sand, the new approach gave a mean

QJQm close to unity and a coefficient of variation, COV=0.30. The latter was half that

achieved with the API method, indicating that the new approach is twice as reliable.

Unlike the APi method, the new procedure was not skewed with respect to pile length

or sand density. Similar significant advantages were highlighted when a smaller subset

of tests were tested using a variety of popular design methods including the LPC cone

method, Randolph et al. (1994), Toolan et al. (1990) and the API (pre-1984) "Method

2", commonly used in the design of North Sea piles. 	 -
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7.	 Medium-term pile tests dominated the database, showing that the new approach was well

suited to predicting medium-term shaft capacity. However, the full-scale pile tests at

Dunkirk showed that significant gains in shaft resistance may occur the long-term.

Clays

1. Lehane's tentative approach gave reasonable predictions for the pile tests at Pentre.

2. The expression for KJH, was improved with the substitution of a new parameter,

This provides a better measure of clay sensitivity and is independent of stress history.

AI,,= log S hence St values may be substituted where oedometer tests are unavailable.

K is expressed as a function of YSR, S and h/R. The interface angle of friction at

failure can be determined from ring shear interface tests using interfaces of the same

roughness and where pile installation is modelled with stages of large rapid

displacements. Progressive failure can be modelled for long, flexible piles.

3. Comparative field tests indicate a minor 10% difference in the shaft capacities of open

and closed-ended piles tested in tension. This can be taken into account using the same

equivalent radius modification, R*, proposed for open-ended piles in sands.

4. The ICP tests at Pentre highlighted the possible reductions in shaft capacity which can

arise from partial dissipation effects during installation. Similar reductions were noted

for the NGI's Pile AS at Pentre and Pile Cl at Onsøy which were installed with

overnight pauses. Reductions in K may be necessary for offshore piles which are

installed with many pauses for pore pressure dissipation in high permeability cohesive

deposits. The ICP tests at Pentre indicated reductions averaging at 25%. The LDP pile

at Pentre was installed in four dissipation cycles during installation and ultimate shaft

capacity was 12% lower than that predicted using the new proposals, but still within

reasonable limits.

5. Evaluation of the design proposals against a database of 55 pile tests in clay revealed

that the IC predictions were twice as reliable (COV=0. 17) as the API recommendations

and unlike the API method, were not skewed with respect to pile length, YSR or clay

sensitivity, i.e. these effects are well modelled by the approach. When evaluated against

a subset of ten pile tests, the new proposals gave better predictions for shaft capacity

than the Beta approach or the LPC cone method.
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(b)	 Base capacity

The factors controlling the development of base capacity were identified from (i) ICP behaviour,

(ii) trends in the high quality, full scale pile databases, (iii) results from experimental and

numerical studies. The design procedures are summarised in Tables 9.14 and 10.15 and the

main features are summarised below.

Sands

I.	 The mobilisation of peak base resistance requires larger pile displacements than that for

shaft resistance. The definition of base capacity adopted in this study is that developed

after DuO pile head displacement.

2. Base resistance is closely related to the CPT q resistance, averaged for 1.5 pile

diameters above and below the founding level.

3. Base resistance is strongly affected by scale effects. Trends from the Author's database

indicated a 50% reduction for a tenfold increase in diameter from 0.036m to O.36m.

4. The assumption that unplugged open-ended piles only develop end bearing on their solid

annular area where q,q, can be taken as a reasonable lower bound.

5. Fully plugged open-ended piles develop 50% of the base resistance of closed-ended piles

of the same diameter, due to their softer loading characteristics.

6. The onset of plugging (or the formation of a rigid vertical sand plug) is strongly

influenced by pile diameter and sand density, being controlled by interface dilation along

the inner wall and the dimensions and compressibility of the sand plug. Plugging

criteria were identified from the database, confirming that the most favourable conditions

are for small diameter piles founded in dense sand.

7. Encouraging results were obtained when the IC approach was evaluated against the tests

in the database. In contrast, the API predictions for closed-ended piles were

conservative and highly skewed with pile diameter. Plugging was poorly predicted and

the API method was unreliable and non-conservative for large open-ended piles, leading

to an overall COV=O.80. Similarly inferior results were obtained using the LPC cone

method and the assumption that CPT q, = q ' as inferred by cavity expansion models.

Clays

1. Base resistance in clays also develops at a slower rate than shaft capacity and represents

a small proportion of total pile capacity (on average 20%).

2. Base resistance correlates closely with CPT q 6. In Undrained conditions qb=08q•

Lower values may result from scale effects in fissured clays at large diameters.
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3.	 ICP results from Bothkennar demonstrate that under drained conditions base capacity

can be 50% higher.

4. The lower bound assumption that unplugged piles only develop end bearing on their

annular base area where base resistance equals q, is applicable to the tests examined.

5. The assumption that fully plugged piles develop 50% of the base capacity given by

closed-ended piles was adopted following the trends from pile tests in sands. This

provided conservative results for the fully plugged piles in the database.

6. An empirical relationship was found between pile diameter and q at the pile base which

provides a reasonable basis for evaluating plugging.

7. Good predictions for open and closed-ended base capacities were obtained using the IC

recommendations. The API approach underpredicted the base capacities of closed-ended

piles by a wide margin, with mean QIQm'O.43. The API's static equilibrium approach

gave unreliable predictions for plugging, leading to a mean QtQm l .65 for open-ended

base capacity and an overall, COV=O.98.
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11.4 RECOMMENDATIONS FOR FUTURE RESEARCH

The research has clearly demonstrated the value of high quality effective stress measurements

using reliable on-pile instrumentation in increasing our understanding of pile behaviour.

Suggestions for further research have been made throughout the Thesis. While the possibilities

for testing new materials and new pile construction methods are limitless, the work described

has particularly highlighted the need for further investigation into the effects of the following:

1. Partial drainage during pile installation: The Pentre trend for K to reduce with

increasing number of dissipation cycles imposed during installation requires further

investigation, ideally in less variable deposits than those at Pentre.

2. The relative influences of principal stress rotation and Poisson-related changes in pile

shape on the development of	 during pile loading in sands for dfferent pile

dimensions and flexibilities: Poisson effects were minor for the relatively stiff ICP but

may be greater for large diameter, open-ended piles.

3. The interface rolling mechanism and Aa' at failure: The simplified model proposed

reflects the measured trends in cY'rd, but further investigation into the effects of relative

grain size and surface roughness, as well as particle crushing and sorting in the shear

zone would be beneficial.

4. Cyclic loading effects on shaft capacity in sands and clays: Reliable cyclic load test

data from field tests is limited. The ICP results to date have shown that one-way rapid

load cycles do not reduce shaft capacity significantly. However, a much wider

systematic study is still required and the effects of two-way cycling has yet to be

investigated.

5. Long-term ageing effects in sand: Large medium and long-term increases in shaft

capacity in sand have been confirmed, though further investigation is required to test the

postulated mechanisms. The magnitude of the set-up in different sand deposits and for

open-ended piles requires quantification in a systematic research project (see also Section

8.9.4).

6. The occurrence (or absence) of long-term ageing effects in clays: Conflicting results

have been reported which require further examination, preferably using instrumented

piles.

7. Interaction effects during pile group installation in sands: Large changes in stress

conditions have been measured on a single pile. The cumulative effects caused by
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multiple installations and the resulting load distributions and settlements within a group

requires investigation (see Section 7.5).

8. The interaction effects during pile group insiallation in cicrys: Reports from the

literature highlight the large amounts of heave induced as pile groups are installed in

clays. The alterations caused to the stress conditions have yet to be examined using

instrumented piles.

9. The factors controlling pile plugging and open-ended base capacity in clays: The

research has demonstrated that static equilibrium approaches and pile filling ratios

provide unreliable predictions for plugging. Relatively little research has been conducted

into the processes governing this feature and further investigation is required.
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APPENDIX A

ICP INSTRUMENT PERFORMANCE

Al GENERAL

This Appendix describes the performances of the instruments on the Imperial College Pile during

the field tests at Pentre and Dunkirk. The current Section details the magnitudes of readings and

instrument drifts whilst the following sections discuss the aspects of pore pressure probe and

surface stress transducer measurements. Tables A2 and A4 at the end of this Appendix list the

individual instruments used in each of the pile tests.

A1.l Measurement ranges

Table 4.3 compares the instrument maxima and averages recorded during the current series of

field tests with those experienced at previous sites. The axial loads encountered in the dense

Dunkirk sand were, on average, three times higher that those at previous sites.

Al.2 Instrument drifts

Minor changes in instrument zeros' between the start and end of a pile test might be expected

due to instrument hysteresis and creep. In the vast majority of the Author's tests (96%) these

instrument drifts were small, amounting to less than 2% of the full scale design output of the

instrument and fell within acceptable limits for field tests of this type. The small number of

cases with larger drifts are linked to water ingress into the instruments or long-term drifts over

a period of months. The drifts recorded during each pile test are listed in Tables A3 and A5 at

the end of this Appendix while Table 4.3 summarises the mean drifts for each instrument type.

Instrument zeros are the voltage outputs under zero load.
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Since the points at which the drifts occurred were not known, 50% of the drift value was added

to the readings taken after equalisation. This restricted the magnitude of any errors to less than

50% of the total drift developed over the test period.

A1.3 Instrument failures

Very few instruments failed during the course of the testing demonstrating their robust design.

The failures are summarised in Table Al.

Test	 Instrument	 Instrument	 Notes
no.

P12	 Lagging temperature	 SST3L	 Failure occurred during equalisation and was
sensor	 caused by water ingress. Further failures took

_______ Leading PPP	 P56	 place during pile extraction.

P13	 Leading PPP	 PSI	 Failed during installation. Cause unknown.

PT7sh Trailing SST	 SST3L	 Failed during the 2.5 month long-term ageing
period.

_______ Top load cell	 -	 Broke down before the second load test.

DK I	 Lagging SST and ALC SST3L	 Instruments were overstressed in the early
ALC22	 stages of installation and were replaced with

_______ _____________________ __________ spares.

DK3	 All four SST's	 SST4R	 During DK3/L3CYC and the overnight rest
SST2R.	 period between DK3IL4C and DK3IL5C a large
SST2L	 shift in the signals to nonsensical values
SST3R occurred for periods of between five minutes to

13 hours. Probably due to a short circuit in the
signal relaying system.

Table Al	 Instrument failures

A2 PORE PRESSURE PROBES

Comments on the pore pressure measurements are given below. Note that pore pressure probes

were not fitted in the lagging instrument cluster in tests DK2 and DK3 at Dunkirk, after test

DKI proved that this cluster would remain above the water table.
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(a) Measurements at Dunkirk

During jacking the pore pressure measurements at Dunkirk remained within ±5kPa

of their hydrostatic values, to which they returned within a minute of the pile coming to rest,

indicating fully drained conditions. Some of the probes desaturated during pile extraction and

the fmal instrument drifts could not be measured. Given (a) the very small measured changes

in pore pressure and (b) the uncertainties over drifts, the possible pore pressure measurement

errors were eliminated by assuming hydrostatic conditions throughout the tests.

(b) Measurements at high pile velocities at Pentre

Lehane (1992) found that the pore pressure measurements made while the pile was moving faster

than 1mm/minute through clays gave anomalous results, displaying the following trends:

Pore pressures reduced to low values during the jack strokes in both contractant and

dilatant clays while radial total and shear stresses remained essentially constant. This

implied very low interface friction angles during jacking, lower than the values of 8

measured during slow loading. At the end of each jack stroke, pore pressures rose to

high positive values.

In load tests which failed in a brittle manner the pore pressures reduced post-peak while

radial total and local shear stresses remained constant. The pore pressure reduction

increased with the rate of plunging suggesting that also reduced. The same

behaviour was displayed in reload tests and was therefore not related to the formation

of residual shear surfaces.

Similar trends were found in other high quality instrumented pile test results reported

in the literature.

Lehane concluded that the reductions in pore pressure measured on the pile surface at high pile

velocities were not representative of the condition in the principal displacement shear band. He

postulated this was due to (i) the formation of eddies in the soil flow pattern created by the pile

roughness and surface texture changes close to the pore pressure probes, (ii) pore water pressure

being essentially a static concept and not fully applicable to high velocities or (iii) the dilatant

response of partially equalised pre-sheared soil. Therefore, the effective stress measurements

made during fast jacking were considered unrepresentative of those governing pile resistance

during penetration.
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The pore pressure response at Pentre using different jack stroke lengths (Section 6.2.5) showed:

(a) high pore pressures as fresh strata were penetrated;

(b) dilatant behaviour, similar to that observed by Lehane, as the pile moved through pre-

sheared soil. As the pile came to rest, pore pressures rose to high excess values.

Full pore pressure dissipation occurred during many of the pauses in jacking, contradicting

Lehane's hypothesis that the dilatant response might be due to the partially equalised state of

the soil. The extracted Pentre piles were covered with a layer of clay as described in Section

6.5. It is thought that this develops around the pile shaft during the pauses in jacking when

consolidation occurred. As discussed in Section 6.2.5(c), the non-planar shear surface which

forms between this clay layer and the surrounding soil mass dilates during shearing, causing

temporary reductions in pore pressure. As a consequence of the adhering clay layer, pore

pressure measurements taken while the pile was moving rapidly in pre-sheared soil were not

representative of conditions in the shear band and these effective stress measurements were not

used in the development of the pile design method.

(c) Long-term performance at Pentre

During the 2.5 month long-term monitoring period in test PT7sh at Pentre most of the probes

remained active and stayed within ±lOkPa (6%) of ambient conditions, with only one probe

displaying unreasonably large drifts.

A3 SURFACE STRESS TRANSDUCERS

As a useful check on the accuracy of the SST measurements, the local shear stresses (t a) can

be compared to the average shear stresses (f1) acting along the shaft casings calculated from

adjacent ALC readings. The f, values are very reliable since the ALC design is simple and

immune to cell action effects.

This comparison highlighted anomalies in the SST measurements at both sites. This Section

examines the SST performance beginning with a summary of the experiences of Lehane (1992)

and then describing the problems encountered at Dunkirk and Pentre.
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A3.1 Previous performance

In the tests by Bond (1989) and Lehane (1992) the r, and f measurements were generally in

good agreement, with significant discrepancies only noted at Cowden and for one instrument at

Labenne.

A3.1.1 Cowden

The Cowden measurements exhibited the following trends:

t appeared to be under-registered by between 15 and 30%;

The discrepancies were noted during installation and loading in compression, but were

non existent in tension tests;

The degree of instrument under-registration was independent of pile depth but showed

a strong h/R effect with the greatest discrepancies occurring remote from the pile tip;

In compression the f measurements suggested an interface angle of friction 5.,, 24°

compared to 5.,, 190 at the SST's;

Peak r, was mobilised after smaller pile head displacements than peak f.

During the first phase of testing the surface roughness of the SST's was noticeably smoother

than the casings and this was thought to be the cause of the discrepancies between r and f.

An attempt to remedy this was made by shotbiasting the entire pile to the same roughness.

However, the magnitudes of the discrepancies were not reduced in the second phase of testing

and Lehane concluded that differences in the hardness of stainless steel and molybdenum steel

(used in the SST's and casings, respectively) were responsible for different surface textures and

the disagreement between measurements.

A3.1.2 Labenne

In test LB2 at Labenne the following SST (SST2R) recorded negative radial total stresses at 3m

depth and beyond. The cause of the under-registration was not identified but Lehane applied

a fixed correction of +l5kPa to the anomalous a, readings to ensure positive measurements and

provide good compatibility with the other instruments.
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A3.1.3 Elastic cell action effects

The susceptibility of the SST's to cell action effects has been investigated by Jardine (1985),

Bond (1989) and Lehane (1992) using various approaches which led to the same general

conclusions. Lehane used integrated forms of Mindlin's equations' and a purpose written

computer program to show that under-registration could be expressed:

Radial strain:	 100 f G

Shear strain:	 52 f G

where the SST's radial compliance, f2.3 x iO mlkPa

the SST's shear compliance, f = 7.6 x 101 mfkPa

and	 G = the soil's shear stiffness.

This indicates that any under-registration in is likely to be twice that in . However,

representative values for G are difficult to select since this parameter is highly dependent on

strain level, stress conditions and stress history.

The equations were tested using G measured in triaxial compression at an axial strain of 0.01%,

revealing that the expressions overpredict the degree of under-registration. In addition, the

discrepancies in the field measurements did not appear to be directly related to G, being:

•	 insignificant at Canons Park and Bothkennar;

•	 independent of depth (G usually rises with depth);

•	 independent of stage of testing (G is low during installation and higher during loading);

•	 less dependent than expected on instrument compliance: at Canons Park similar pile tests

were performed by Coop (1987) using much more compliant radial stress sensors.

These assume that the soil is a homogenous elastic half-space (Vaziri et al., 1992),
though in reality soils have finite shear strengths, are anisotropic, non-linear,
elastoplastic and finite in extent.
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A3.2 Dunkirk

A3.2.1 Shear stress

Large discrepancies were revealed at Dunkirk, with the SST's under-registering by up to

7OkPa or 85% during the compressive load tests. Figure Al displays the f and t profiles at

ultimate load in the three first-time load tests. The compression tests show a strong trend with

h/R, with the greatest under-registration at the lagging instrument and minimal errors at the

leading instrument close to the pile tip. In comparison, the tension test did not indicate any

under-registration in ;, instead over-registration was suggested close to the pile tip, though this

is probably due to local variations in sand density and the strong stress gradient at the tip.

Under-registration was also visible in the installation measurements but the equalisation data

appeared unaffected. After extraction the measured drifts in SST zeros were small and could

not explain the anomalous readings.

The possible causes of the ç under-registration are considered below:

1. Sand inhomogeneaities: Variations in sand density with depth could produce

discrepancies between the average f, and local stress tn measurements. However, this

would not have produced a consistent under-registration of t or explain why under-

registration was only observed in the compression load test data.

2. Cell Action Effects whereby the deflection the SST loading platen leads to a reduction

in the external stresses being measured: As shown earlier, cell action effects are

expected to be a function of the relative soil and instrument stiffness. These did not

vary appreciably over the depths tested and would not have produced the observed h/R

trend or explain the differences in tension and compression loading.

3. Movement of the shear surface away from the pile interface and into the soil mass,

resulting in a reduction in r, measured by the SST: This is unlikely since the internal

angle of friction of the soil mass, 4, is greater than the interface angle of friction, 8.

This would not explain the different responses in tension and compression loading.

4. Djfferences in the shearing characteristics of the stainless steel SST's and molybdenum

steel pile casings: Lehane (1992) postulated that this was the reason behind the

discrepancies at Cowden. However, this does not account for the differences in tension

and compression measurements or the h/R trend along the pile length.

5. SST bending: The SST is asymmetrical and prone to bending under high axial loads,

causing changes in the stress measurements. The axial loads applied at Dunkirk were
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three times higher than those previously encountered and the greatest axial loads were

experienced at the lagging instrument. Loads applied in compression loading were

approximately 50% greater than in tension. Therefore, a phenomenon related to the

magnitude of the axial load would explain (a) why large discrepancies were encountered

at this site, (b) the trend of increasing under-registration along the pile length and (c)

the absence of problems in the tension loading and equalisation data.

The above arguments demonstrate that bending of the SST's under the high compressive axial

loads is the most plausible of the explanations for the anomalous readings at this site and

accounts for all of the observed trends.

The SST's were calibrated for the effects of axial loading in the laboratory before being taken

to site (see Section 4.3.5) but radial and shear stresses could not be applied simultaneously, i.e.

only the changes in instrument zeros were measured. The axial load sensitivity was confirmed

during the initial stages of pile installation when some of the instruments remained above ground

level. Corrections were applied automatically in the data processing program.

However, this calibration revealed that the shear stress circuits were relatively unaffected by

axial loads, with zeros only changing by -2kPa under 300kN. Two possible explanations exist

for the under-registration of shear stress which were not investigated in the above calibration:

(a) The effect of axial load on the radial and shear stress calibration coefficients was not

measured. A calibration rig capable of testing this cross effect is not available at IC.

(b) Bending could cause a small inward deflection of the SST window pane causing a

reduction in the contact pressure, o, between the soil arid the instrument. This in turn

would lead to a reduction in r,. Figure A2 displays the effect of the bending

mechanism to an exaggerated scale.

The magnitude of the t,1 under-registration was evaluated by comparing t,, at ultimate load with

the corresponding value of f, interpolated for that depth. Figure A3 plots this discrepancy (f-

t il.) against the axial load applied to the instrument showing:

•	 Under-registration occurs in compression load tests for axial loads above 6OkN.

•	 High tension loads did not cause similar discrepancies.

•	 In tension, some of the data from the leading and following SST's close to the pile tip

suggest that r may have been over-registered. As variations in local -sand densities and

the exponential increase in shear stress close to the pile tip could equally be responsible
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for the observed discrepancies, no correction was considered necessary for the tension

loading data.

In order to correct the values of measured in compression, various hypotheses were tested

statistically. It was found that the error, (f-t,,), correlated closely with q,, the pile base

resistance measured at the instrument depth. A narrow scatter band was found when (f-;ft)/q

was plotted against axial load as shown on Figure A4 (giving a coefficient of correlation

r-O.75). q, is a function of local sand density and stiffness and including this as a normalising

parameter is compatible with mechanism (b) where the inward deflection of the SST causes a

reduction in the effective normal earth pressures acting on the instrument, the magnitude of

which is related to soil stiffness, G, as discussed for cell action effects in Section A3.1.3. No

corrections were necessary for axial loads less than 6OkN, i.e. the equalisation and tensile

loading data were considered free from bending errors.

A3.2.2 Radial stress

Lehane showed that at failure in Labenne sand a' and tf are related by c5 fr tan 1 (t/a')}, the

critical state interface shearing angle which matches that in laboratory direct shear tests over the

stress ranges experienced by the pile. This was constant and not influenced by sand density.

The uncorrected data from the leading instrument cluster in compression tests at Dunkirk

confirmed this observation, with 8f close to 6 27° measured in the laboratory. However, in

tension, higher angles of 832±2° were measured, suggesting that shearing may have taken

place in the soil mass.

The corrected r1 data in compression load tests produced very high and variable values of 6

This was not surprising as SST bending in compression was also expected to affect the a1

measurements. The same percentage under-registration in a' 1 and r was envisaged since these

are related by öf at failure. This assumption led to reasonable values of 8=27° at the leading

and lagging instruments, but low values of 8=2O° and 24° at the following and trailing

positions. Inspection of the installation data showed that readings from the latter two

instruments consistently led to lower 5 values. This discrepancy was not due to changes in the

local soil conditions, but to a systematic measurement error.
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Therefore, corrections for the under-registration in a', were developed indirectly by assuming an

ultimate interface angle of friction, 827°, for all of the instruments and using the corrected ;1

measurements to calculate the under-registration in a' 1 at ultimate load. The decision to take

327° was based on:

(i) the 8,, values from the laboratory direct interface shear tests and the agreement between

and the field measurements of 8 at Labenne,

(ii) the uncorrected measurements from the leading instrument in compression loading which

inferred 8g = 27°. This instrument only suffered very small bending errors hence the

uncorrected data was reasonably reliable.

Figure A5 shows the percentage errors calculated in C'g plotted against those in At the

leading instrument the percentage errors were approximately equal, though at the following and

trailing instruments the errors in a' were smaller. Again, the regression coefficients improved

when the data was normalised by qb and with the separate consideration of first-time and reload

tests. Figure A6 shows the relationship found between the percentage errors in a',./q and

The relationships established for the under-registration in a', and t, at failure were applied to

all of the loading data, although strictly it was only proved for ultimate loading conditions. Note

that the two correction correlations were not perfect and the final inferred values of did not

always equal 27°.

A3.2.3 Correction procedure

The correction procedure used on the Dunkirk SST data is summarised below:

1. Equalisation and tension loading data required no correction since axial loads were less

than 6OkN at these times.

2. The t, 1 reading were corrected using the relationship between 	 q, and axial load (Q1)

shown in Figure A4; i.e. for Q>6OkN, (t,) 0 =	 + (-0.517 + O.O257Qjq x 1 O

where all stresses are in kPa.

3. The leading instrument a', results were corrected using the same percentage correction

found for t,, i.e. (a'	 = a'f/COlT	 I

4. The a' measurements from the remaining instruments were corrected using the

relationships between	 and q, shown on Figure A6. These indicated that no

correction was required if the t, error was less than 34° in first-time loading or 20%

in reload tests.
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A3.2.4 Characteristics of the corrected data

The corrected data showed the following characteristics:

(i) Tension loading data and equalisation data were unaffected.

(ii) During installation and compressive loading, the local t stresses were consistent with

the f profile (see Figures 7.6, 7.24 and 7.25).

(iii) At ultimate compression load the friction angle was &=27°±6°.

(iv) The shapes of the corrected compression loading stress paths were plausible and in good

agreement with the stress paths in tension and those measured at Labenne (see Figure

7.26).

(v) The relationship between bending and axial load produces a hierarchy of SST reliability

with the leading instrument requiring little correction and the lagging instrument

suffering the worst errors.

The asymmetric design of the SST's has always been regarded as a potential weakness (Bond,

1989) and the very high axial loads at Dunkirk proved problematic. Although the necessary

corrections to the SST readings cast doubt over their reliability, the corrected data does appear

consistent with the expected trends. It is worth noting that many of the features in the

anomalous measurements at Cowden resembled those at Dunkirk, though the effects were much

milder. Future field testing involving high axial loads should commence with a thorough

investigation into bending effects and the possible cross sensitivity of the ar and t calibrations

to axial load.

A3.3 Pentre

Intermittent anomalies were experienced by the following SST measurements in the deep Zone

2 (14 to 19m) tests at Pentre. This is illustrated on Figure A7 which compares the radial total

stress readings, a, for the four instrument clusters during installation of PT5I. At around I 5m

the following measurements reduced to 200kPa, close to the ambient pore pressures, where they

remained for the rest of installation, equalisation and load testing. This unusual behaviour

appears to correspond with high base loads and associated reductions in the local shear stress and

pore pressure measurements at the same instrument cluster. Similar behaviour was seen in test

PT7sh.
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The discrepancies were confined to one instrument and are thus distinct from those at Dunkirk

where a clear trend in under-registration was detected along the pile length. The axial loads

applied at Pentre were around 50% of those at Dunkirk and generally below the "threshold"

value above which errors were noted. The two phenomena are therefore not thought to be

related.

A similar occurrence was encountered at Labenne (Section A3.1.2) at the same following cluster,

but involving different instruments (SST2R as opposed to SST3R). The reason for this was not

identified by Lehane. Possible explanations include:

(i) Instrument malfunction: This is unlikely since after extraction the instrument zeros were

normal and subsequent testing, inspection and calibrations did not reveal any defects.

(ii) Post-holing: Lateral pile movement could have created an enlarged hole around the pile

but this is highly unlikely since the trailing and lagging instruments did not indicate low

readings.
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(iii) Pile bending: The reduction in radial stress coincided with a high base load suggesting

that the pile underwent bending. This may have caused a loss of soil contact. However,

readings would have been expected to return to normal levels between jack strokes and

at the end of installation when the load was removed. This was not the case.

(iv) Arching mechanisms: Soil arching in the siltier material was postulated as being the

cause of radial stress under-registration in the LDP and NGJ tests at Pentre. However,

it is difficult to envisage arching mechanisms being sustained throughout the entire

jacking process.

(v) Clay layer: The two tests affected were both in Zone 2 following earlier tests in Zone

1. Extraction of the piles showed a clay layer adhering strongly to the pile shaft,

varying in thickness along the pile length and averaging at 10mm. The variable

thickness of this layer may have led to a reduction in contact pressure between the

following SST and the soil mass.

Mechanisms (iii) and (v) are the most plausible but there is no direct evidence to support either

and it is difficult to develop corrections for the anomalous behaviour. The results from the other

three instrument positions appeared reasonable and the shallow Zone 1 tests did not suffer from

these discrepancies. Therefore, no attempt has been made to correct the anomalous readings

which have been ignored in the data interpretation.
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Cluster	 P11 & P12	 P13	 PT4If & P151	 PT6shf & PT7sh	 hIR

Leading	 A44	 A44	 A44	 A44	 3

	

P56,P52	 P51,P1l	 P16,P3	 P63,P21	 5
SST4R	 SST4R	 SST4R	 SST4R	 8

Following	 SST3R	 SST3R	 SST3R	 SST3R	 27

	

P51,P3	 P64,P3	 P51,P13	 P11,P62	 30
A43	 A43	 A43	 A43	 31

Trading	 SST2L	 SST2L	 SST3L	 SST3L	 50
P22,PI5	 P16,P54	 P15,P14	 P52,P54	 53

A42	 A42	 Ai	 A2	 55

Lagging	 SST3L	 SST3L	 SS12L	 SST2L	 72

	

P13,P21	 P22,P15	 P56,P64	 P61,P22	 75
A2	 A2	 A42	 A42	 77

Last	 A3	 A3	 A3	 A)	 207

Table A2	 Pentre instrument layout

instrument	 P11 & P12	 PT3	 PT4If & P151	 PT6shf & PT7sh

A44	 +0.6	 0	 -0.9	 +0.6

A43	 +0.2	 -04	 +1.1	 +2.0

A42	 +0.4	 -0.2	 +08	 +04

A2	 +1.3	 -O 1	 +0.3	 +0.1

A)	 +04	 -02	 +05	 +03

Table A3a	 Axial load cell drifts (in kN)

Instrument	 PTI & P12	 PT3	 PT4If & PTSI	 PT6shf & PT7sh

SST4R	 Comp	 NM'	 -21.3	 +3.5	 -36
Shear	 -1.3	 -0.2	 -2.3

SST3R	 Comp	 -24'	 -7.8	 -49	 +28
Shear	 0	 -1.4	 +0.3	 -1.0

SST2L	 Comp	 -2.2	 -20	 +3.9	 +0.2
Shear	 -05	 -28	 +04	 -3.5

SST3L	 Comp	 -5.2	 +65	 -84	 NM'
Shear	 -08	 +0.2	 -28

Table A3b	 Surface stress transducer drifts (in kPa)



634

Instrument	 PT1 & PT2	 PT3	 PT4If & PT5I	 PT6shf & PT7sh

p3	 +44	 -67	 -34	 -

P11	 -	 +14	 .	 -36

P13	 +36	 -	 +70

P14	 -	 -	 -48

P15	 +5.0	 .52	 -2.9	 -

P16	 -	 .7.9	 +30	 -

P21	 -90'	 -	 -	 +7.8

P22	 401	 -7.2	 -	 -2 7

P51	 +6.5	 Failed	 +2 3

P52	 NM	 -	 -	 +5.2

P54	 -	 -21	 -	 +41

P56	 NM	 -	 -121

P61	 -	 .	 .	 3g32

P62	 -	 -	 -	 +54

P63	 -	 -	 -	 +51

P64	 -	 -67	 -56	 -

Table A3c	 Pore pressure probe drifts (in kPa)

	

Notes : I.	 Not measured or suspect as the instrument had failed or had leaked and was wet at the end
of extraction.

	

2.	 Drift during long-term set-up (2.5 months). The full drift correction was applied to the
loading measurements in PT7shIL2C and PT7sh'L3T.

Table A3	 Instrument drifts at Pentre

Cluster	 DKI	 DK2	 D13	 h/R

Leading	 A24	 A24	 A24	 3

	

P15,P11	 P64,P54	 P21,PI1	 6
SST4R	 SST4R	 SST4R	 8

Following	 SST2R	 SST2R	 SST2R	 27

	

P51, P56	 P62, P16	 P51, P56	 30

A25	 A25	 A25	 32

Trailing	 SST2L	 SST2L	 SST2L	 50

	

P21,P13	 P63,P52	 P3,P13	 54

A21	 A21	 A21	 56

Lagging	 SST3R	 SST3R	 SST3R	 74

	

P22, P61	 -	 -	 77

A23	 A23	 A23	 80

Las:	 -	 -	 Top load cell	 185

Table A4	 Dunkirk instrument layout
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Instrument	 DKI	 DK2	 DK32

A24	 +0.79	 NM	 -s I2

A25	 +2.28	 +0.54	 -4 76

A21	 +1.77	 +1.13	 -3.38

A23	 +083	 -098	 -6.23

Notes: 1. Not measured.

2. The true drifts were probably smaller since some tensile load remained in the pile when the

final zero readings were taken.

Table A5a	 Axial load cell drifts (in kN)

Instrument	 DKI	 D1..2	 DK3

SST4R	 Comp	 +7.69	 +292	 +0.04
Shear	 -0.28	 -065	 +0.25

SST2R	 Comp	 +647	 +0 73	 -702
Shear	 +4.43	 -0.14	 +2.37

SST2L	 Comp	 +092	 +109	 +1.11
Shear	 +0.12	 +094	 -083

SST3R	 Comp	 +342	 +563	 +5.41
Shear	 +303	 +2.71	 +308

Table ASb	 Surface stress transducer drifts (in kPa)
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instrument	 DK	 DK2	 DK3

P3	 -	 +660

P11	 +219	 -	 +640

P13	 DS	 -	 -208

P15	 DS	 -

P16	 -	 DS	 -

P21	 +8.70	 -9.56

P22	 DS	 -	 -

P51	 -560	 -	 +1012

P52	 -	 DS	 -

P54	 -	 DS	 -

P56	 +257	 -	 +1900

P61	 DS	 -	 -

P62	 -	 DS	 -

P63	 -	 DS	 -

P64	 -	 DS	 -

Note: DS
	

Probe desaturated during extraction - final zero could not be taken.

Table A5c
	

Pore pressure probe drifts (in kPa)

Table A5	 Instrument drifts at Dunkirk







639

APPENDIX B

LABORATORY SHEAR TESTS

Bi INTRODUCTION

Previous work at Imperial College on the behaviour of displacement piles in clay and sand has

established a close link between the interface angle of friction adjacent to the pile during loading

and friction angles measured in ring shear and direct shear interface tests. This Appendix gives

details from tests conducted on Pentre clay-silt and Dunkirk sand which are arranged in the

following Sections:

Section B2	 Ring shear and cut thin sample direct shear tests on Pentre clay-silt

Section B3	 Direct shear tests on Dunkirk sand

Section B4	 Interface ageing studies on Dunkirk sand in the direct shear box

The results and testing procedures relating to Sections B3 and B4 have been described in some

detail in the main body of the Thesis and these sections of the Appendix are limited to

descriptions of the testing procedures, the factual data and ancillary test results only.

B2 PENTRE

B2.1 Ring shear apparatus

The ring shear apparatus at Imperial College was developed by Bishop et al. (1971) to

investigate soil shearing characteristics at large strains such as those experienced in landslides

or by an element of soil adjacent to a displacement pile. Full design details are given in this

reference with further information and details on testing procedures are provided in Tika et al.

(1996).

Figure B I contains a simplified diagram of the apparatus where -the samples are placed into the

annular gap between two confining rings (external diameter = 152mm, internal diameter =

102mm. The initial sample thickness was 19mm or 12.5mm if the lower half of the sample is
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replaced by an interface. The sample was consolidated under normal stresses equivalent to the

radial stresses experienced adjacent to the pile. Torsional shear was applied by rotating the

lower half of the sample (or interface), while the upper half remained fixed, producing a shear

surface approximately at the mid-height of the sample. The applied torque was measured

through load cells and a torque arm attached to the upper ring. The effect of vertical side

friction between the sample and the upper confining ring was also measured, enabling the exact

normal load on the sample to be calculated. The tests could be conducted to mimic pile

installation with an initial number of fast pulses of large displacements, followed by a period for

pore pressure dissipation and then slow shearing.

B2.2 Previous research

Lupini et al. (1981) identified four main types of shear behaviour:

(a) Sliding: Very low strength shear surfaces can be formed by the orientation of platy clay

particles in the direction of shearing. During shear the clay particles slide over one

another and after particle alignment the shear surface is not affected by subsequent

shearing. This is prevalent in high plasticity clays or materials with a high clay content.

(b) Turbulent: Low plasticity materials with a low clay content exhibit the opposite

behaviour, with rotund silt and sand particles rolling over one another and preventing

clay alignment on the shear surface. Subsequent shearing can change the porosity of the

shear surface and affect the shear resistance.

(c) Transitional: Materials with intermediate plasticity and clay content display modes (a)

and (b) in different areas of the shear zone. Small changes in clay content can have

dramatic effects on the shearing resistance.

(d) Interface Sliding: Materials which shear in modes (b) and (c) may display sliding when

sheared against a flat interface. The interface can prevent interference between the

rotund particles, allowing the clay minerals to align.

Lupini et al. classified the different types of behaviour in terms of granular voids ratio, es ', as

shown on Figure B2. However, Lemos (1986) and Tika (1989) identified the importance of

other variables such as soil mineralogy and fabric, normal stress, shear rate, displacement history

and interface roughness and hardness. Their research and recent testing programmes at IC have

= (volume of platy clay particles)/(volume of remaining particles).
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identified trends for soils of different plasticity, but the behaviour of a particular soil under

specific conditions should be measured directly where possible. This was found to be

particularly important for the Pentre material where the variable clay content and unusual clay

micro-structure resulted in lower angles of friction than inferred from the trends with plasticity

index.

B2.3 Testing programme and procedure

Two soil-soil and two soil-interface tests were conducted on Pentre samples by Dr. A. Parithias

at Imperial College. Three tests were performed on samples from 15.9m whilst the fourth

sample was from the more clayey zone at 13.3m. The soil properties at the two depths are

presented in Table B 1. The interfaces were made from stainless steel (the same as that of the

pile SST's) which were shot-blasted with the ICP to ensure the same uniform surface roughness

and texture. The centre-line average roughness (R a) of the interfaces was measured over a

2.5mm gauge length using a Talysurf moving stylus machine. A newly shotblasted interface was

used in each test with Ria 9.9mm and 8.5mm before and after testing.

The material was remoulded at its natural water content and placed by hand into the ring shear.

The samples were then consolidated under a normal stress of about I OOkPa for 24 hours, after

which the gap between the two rings was opened to about 0.3mm and left for 2 hours before

shearing.

Table B2 summarises the modes of shearing carried out. Tests 1, 2 and 4 were carried out

simulating "standard" pile installation (see Section 4.5.1) with five fast pulses of displacement

at 500mm/mm culminating in a total displacement of about I.5m. 5 minute pauses were allowed

between the pulses and during this time the gap between the rings was opened and closed several

times to reduce the friction between the sample and the upper ring. Fast shearing was followed

by a period of at least 24 hours for consolidation and then slow shearing at 0.01mm/mm to

model pile loading. In Test 3, slow loading was carried out after one standard pulse, and again

after a series of very short pulses at 1200mm/mm to investigate the effects of jack stroke length

and rate of shearing.

Subsequent fast and slow shearing stages were performed with different normal loads and

shearing rates with consolidation periods allowed between the load changes. Samples from Tests

1 and 4 were inspected after testing.
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_____________________	 ICBH3, S9, 15.9m	 ICBHI, S2, 13.3m

Liquid limit (%)	 36	 40

Plastic limit (%)	 21	 25

Plasticity index (%)	 15	 15

Moisture content (%)	 21	 25

Clay content (%)	 10	 25

Table Bi	 Pentre ring shear samples, soil properties

	Test	 Sample	 Soil or interface	 Initial shearing stages

	

I	 ICBH3, S9, 15.9m	 Soil-soil	 5 x Standard (250mm @ 500mm/mm)

	

2	 ICBH3, S9, 15.9m	 Soil-interface	 5 x Standard

	

3	 ICBH3, S9, 15.9m	 Soil-soil	 1 x Standard (200mm @ 500mm/mm), then
10 x Short (30mm @ 1200 & 250mm/mm)

	

4	 ICBHI, S2, 13.3m	 Soil-interface	 5 x Standard

Table B2	 Pentre ring shear tests

B2.4 Results

Table B4 (at the end of this Section) summarises the test details, including the shearing rates,

normal stresses, displacements and consolidation periods for each step. Figures B3 to B6 display

plots of 6 or 4) (calculated as tan 1 (t/a')) against displacement for the four tests. The

results for slow drained shearing and fast undrained shearing are discussed separately.

B2.4.1 Slow shearing (0.01mm/mm)

All of the slow shearing tests took place after a number of fast, large displacements simulating

pile installation and full equalisation. Table BS (at the end of this Section) presents the results.

The response during each test is considered separately below.

Test I: Soil-Soil. 15.9m

The first slow shearing stage, Step 6, showed an initia' peak of 4)',=22.6° which decreased to

an ultimate angle 4)'.,,,=19.0°. Further shearing produced rethictions in the peak angle with

$',20.6° and 20.3° in Steps 8 and 9, respectively. Step 9 displayed a lower ultimate angle of
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17 . 5 0 after a large displacement of 57mm. Reversal of the direction of shearing resulted in a

return to 4'=22.50, similar to that seen in Stage 6, which rapidly reduced to the lowest ultimate

angle of 16.9°. At the end of testing a region of multiple shear surfaces could be seen across

the sample creating an "onion skin" appearance. The principal shear surface was non-planar and

did not appear to be fully continuous, containing localised zones of shiny slickensided material

indicating clay mineral alignment. Striations were also visible where larger rotund particles had

disrupted the smooth shear surface. Petrographic thin sections were taken and these are

compared with those taken from the clay layer adhering to the extracted pile in Section 6.5.

Test 2 : Soil-Interface. 15.9m

The test procedure used in Test I was followed but with shearing against a steel interface. In

comparison to Test I the peak friction angles during slow shear were around 50 higher and only

showed small reductions to ultimate values of around 24°. In this case, the rough interface

appeared to impede clay particle alignment. Increases in shearing rate above 1mm/mm resulted

in increases in the peak and ultimate angles of interface friction. Reversal at the rate of

10mm/mm revealed highly turbulent behaviour with no significant change in the magnitude of

shearing resistance.

Test 3 : Soil-Soil. 15.9m

A long initial shearing step was intended for this test but shearing was stopped after 200mm due

to problems of soil loss through the gap. Step 2 produced a peak angle of 24.4° which

decreased steadily to 18.2° and indicated possible further reductions. This trend continued in

Step 3 which achieved 4?,=14.1°. Steps 4 to 13 involved short fast (1200mm/mm) pulses which

appeared to disrupt the clay particle alignment, increasing 4' to 27.6° and 4' to 24°. Although

slow shearing was continued to 70mm, 4 did not appear to reduce further. The sample was

then subjected to nine additional 40mm pulses at 250mm/mm which reduced 4' and 4',,, to a

minimum of 20°.

Test 4 : Soil-Interface. 13.3m

Test 4 was conducted on a sample with higher clay content which in comparison to Test 2,

displayed a lower initial 4)' =22.4° and ',20°. After shearing at 100mm/mm, 4' reduced

to 15.3°. Reversal of the direction of shearing produced an extremely high '25.8° which

subsequently reduced to the lowest 4' of 14.3°. During dismantling, the soil separated easily

from the interface on a continuous, planar, smooth and shiny shear plane. Clear clay particle

alignment was apparent. Thin sections were taken and these are described in Section 6.5.
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Conclusions from slow shearing:

1. The soil-soil tests showed a tendency for a low strength residual shear surface to be

formed with high clay particle alignment.

2. The interface appeared to restrain clay particle alignment. This was also noted in some

tests on London Clay and Happisburgh Till leading Lemos (1986) to postulate that

frictional abrasion between the interface and hard particles such as quartz could cause

the detachment of small abraded particles which would enter the soil and lock into

interface asperities, progressively forcing the shear surface into the soil mass. The tests

on the predominantly quartzitic Pentre clay-silt reduced interface roughness from

10 m to Rç1 = 8.5 tm supporting Lemos' hypothesis. In the pile tests, this type

of behaviour would be expected to force the principal displacement shear into the soil

mass, a short distance from the pile surface.

3. The previous rate of fast shearing has a slight effect on shear resistance developed

during slow shearing. Figure B7 shows that the peak and ultimate friction angles

increase as the previous shear rates exceeded 1mm/mm.

4. Clay content has a strong influence on angles of friction, with Test 4 producing the

lowest ultimate interface angles due to the formation of residual shear surfaces.

5. The shearing behaviour did not appear to be affected by stress levels.

6. The results from reversals in the direction of shearing in Tests I and 4 are listed in

Table B3. In both cases, reversal sharply increased the peak friction angle and reduced

the residual angle suggesting an initial disruption of the clay particle alignment which

may be re-established with further displacement.

	

Test	 Step	 a',,	 Rate of dispi.	 4's,	 •uh	 Displacement for

	

______ ______ (kPa) 	 (mm mm)	 ______ ________ (mm)

Soil-soil tests

	

1	 9	 150	 0.01	 20.3	 17.5	 57 (still decreasing)

	

1	 10	 150	 -0.01	 22.5	 16.9	 10

	

Soil-steel tests	 _________ _________________	 6	 Dispi. for 6'uh (mm)

	

4	 12	 110	 0.01	 15.9	 15.9	 0.8

	

4	 13	 110	 -0.01	 25.8	 14.3	 36

Table B3	 Results from reversals in shearing direction
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Implications for pile behaviour

The interface ring shear tests suggest that the shear surface would be expected to develop a short

distance from the pile surface in the soil mass. Values of Ea between 22 and 27° and 8'tilt

between 14 and 24° could be expected in first-time load tests. A reversal in the direction of

shearing would increase 5's,. The lowest ultimate angle of friction of 14.1° was recorded in Test

3 Step 2 but lower values may have been possible with further displacement.

The range of 5' values measured in the ring shear and pile tests is wider than that found in

laboratory tests from any of the previous ICP test sites. This is due to the metastable nature of

the soil which is able to switch between turbulent and sliding modes of shearing, with variations

in interface roughness, shearing history, rate and direction of shearing and local variations in

clay content. The measured angles of friction were lower than that anticipated for a clay of this

plasticity from trends from UK clays (see Section 5.2.11).

B2.4.2 Fast shearing rates

Pore pressures can not be measured in the ring shear tests and effective stresses can not be

determined during fast shearing. Therefore, the data only provides an indication of the apparent

angles of friction. Those actually operating may differ significantly due to changes in pore

pressure in the shear zone, i.e. the effective normal stress in the shear zone, a', may not equal

the applied total stress, a.

Figures B3 to B6 show the variation in apparent 4 and S (=tan(t/)) with displacement during

fast shearing and Table B4 lists the details. The data from Test 3, Steps 17-20, are erroneous

due to apparatus error with oscillation of the upper confining cap and the exertion of a tensile

force on the torque load cells. The behaviour in subsequent stages was normal.

Figure B8 shows the change in shear resistance with shear rate for all tests. A strong

dependence can be seen particularly in Test 2, where a change in rate from I to 100mm/mm,

resulted in an increase in initial apparent 5 from 26° to 33° (i.e. a 33% increase in shear

resistance over two log cycles) and final 5 from 25° to 27°. The increase in friction angle can

be attributed to the formation of a more disordered shear surface at high shear rates and the

effects of soil viscosity. Between 0.01 and 1.0 mm mm there is liftle change and effectively

drained conditions can be assumed.
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B2.S Cut thin sample direct shear tests

Dr. M. Skempas at Imperial College conducted one cut thin sample (CTS) test on a small

quantity of Pentre clay-silt from 1 5.9m for comparison with the ring shear test results. A 4mm

thick remoulded sample was prepared in a 60mm square direct shear box. The sample was

consolidated under a normal load of I OOkPa and cut through its mid-height using a thin wire,

establishing a planar shear surface. Shearing was carried out at 0.01 mm/mm. When the shear

box reached the end of its travel, the box was reversed back to the start (at 0.05 mm/mm) and

shearing was recontinued in the original direction.

After four reversals the 4' value reached 21.40 but further reductions appeared possible with

greater displacements. This value is still higher than 4l9.O0 measured in ring shear Test 1,

Step 6. Inspection of the sample at the end of the test did not reveal a well defined shear

surface. This test reinforces the importance in conducting ring shear interface tests which are

better able to simulate pile installation and the initial fast shearing to large displacements,

enabling the measurement of more representative values for 8,. during pile loading.



	

Step	 o	 Dispi. rate	 Dispi.	 Pause period prior to this step
_______ (kPa)	 (mnilmin)	 (mm)	 __________________

Test I Soil-soil; ICBH3, S9, 15.9m

100	 500	 500	 2 hours

	

2-5	 100	 500	 4x200	 5 mins between each pulse

6	 100	 0.01	 30	 1 day

7	 100	 100	 200	 5 mins

8	 210	 0.01	 30	 1 day

9	 150	 0.01	 60	 1 day

10	 150	 -001	 30	 Smins

Test 2 Soil-steel; JCBH3, S9, 15. 9m

Steps 1-9 as in Test 1

10	 150	 0.04	 10	 5 mins

11	 150	 0.10	 10	 5mins

	

12	 150	 1.00	 10	 5 mins

13	 150	 4.00	 10	 5 mins

14	 150	 10.00	 20	 5 mins

15	 150	 -10.00	 25	 5 mins

Test 3 Soil-soil; JCBH3, S9, 1S.9m

1	 100	 500	 200	 2 hours

2	 100	 0.01	 45	 1 day

3	 150	 0.01	 30	 1 day

	

4-13	 150	 1200	 10x30	 10 secs between each pulse

14	 150	 0.01	 40	 1 day

15	 160	 0.01	 30	 1 day

	

16-24	 160	 250	 9x30	 15 secs between each pulse

	

25	 160	 0.01	 45	 1 day

	

26	 130	 0.01	 30	 1 day

Test 4 : Soil-steel; ICBHI S2, 13. 3m

60	 500	 500	 2 hours

	

2-5	 60	 500	 4x200	 5 mins between each pause

6	 60	 0.01	 45	 1 day

7	 60	 100	 200	 Smins

8	 190	 0.01	 15	 1 day

9	 110	 0.01	 85	 1 day

10	 110	 0.10	 10	 5mins

11	 110	 1.00	 10	 5 mins

12	 110	 0.01	 30	 Smins

13	 110	 -001	 60	 5mins

Tab'e B4	 Ring shear testing programme
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Test	 Step	 a'	 Preceded by	 Dispi. for
_______ _______ (kPa) ___________________________ __________ __________ +uh (mm)

Soil-soil tests

1	 6	 100	 1200mm displ. at 500mm/mm	 22.6	 19.0	 29

1	 8	 210	 200mm displ. at 100mm/mm	 20.6	 19.0	 34

1	 9	 150	 30mm displ. at 0.01mm/mm	 20.3	 17.5	 57

3	 2	 100	 200mm displ. at 500mm/mm	 24.4	 18.2	 44

3	 3	 150	 45mm displ. at 0.01mm/mm	 16.6	 14.1	 30

3	 14	 150	 400mm displ. at 1200mm/mm	 27.6	 23.8	 30

3	 15	 160	 40mm displ. at 0.01mm/mm 	 23.7	 -	 0.5

3	 25	 160	 500mm displ. at 250mm/mm	 22.8	 19.9	 40

3	 26	 130	 45mm displ. at 0.01mm/mm 	 22.5	 21.1	 20

8uh	 Dispi. for

	

Soil-steel tests	 8', (mm)

2	 6	 100	 1200mm dispi. at 500mm/mm	 27.3	 26.5	 12

2	 8	 210	 200mm displ. at 100mm/mm 	 27	 24.9	 27.7

2	 9	 150	 30mm displ. at 0.01mm/mm	 26.0	 24.1	 29

4	 6	 60	 1200mm dispi. at 500mm/mm	 22.4	 20.1	 25

4	 8	 190	 200mm displ. at 100mm/mm 	 23.0	 16.7	 15

4	 9	 110	 15mm displ. at 0.01mm/mm 	 16.3	 15.3	 85

4	 12	 110	 10mm displ. at 1.0mm/mm	 15.9	 -	 0.8

Table B5	 Results of slow shearing shear tests on Pentre clay-silt
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B3 DIRECT SHEAR TESTS ON D!ThThURK SAN])

Suites of soil-soil and soil-interface direct shear tests were performed by Mrs. R. Kuwano at

Imperial College using a 60mm square shear box illustrated on Figure B9. The shear boxes

were instrumented with an axial load cell to measure shear force and two displacement

transducers, measuring horizontal and vertical displacements and logged by a computer. In

interface tests, the bottom half of the shear box was replaced by a mild steel interface,

shotblasted to the same roughness as the IC pile with an average centre-line roughness,

Rth 9.8pm. After the suite of 13 interface shear tests a final roughness of 6.8tm was

measured. This reduction had no discemable effect on the shearing resistance of the sand.

B3.1 Test procedure

Dry samples of Flandrian sand were prepared using the following procedure:

•	 A fixed quantity of sand was weighed: 140g for soil-soil tests and 70g in interface tests.

•	 The sand was poured into the box in three layers through a funnel with 4mm diameter

orifice. Dense samples were tamped with a dummy block.

The upper porous stone and top cap were placed and four measurements of sample

height were taken using a saddle gauge. The sides of the box were tapped to achieve

extra densification where necessary.

The normal load was applied and changes in sample height were measured.

The upper half of the box was lifted by 0.5mm with the aid of two screws, to reduce

friction effects between the two halves of the shear box.

•	 The sample was sheared at 0.54mm/mm.

Behaviour was investigated under a range of different relative densities (0-90%) and normal

loads (50-300kPa).

B3.2 Results

The results from the soil-soil and soil-interface tests are listed in Tables B6 and B7 respectively

and discussed in Section 5.3.7 of the main body of this Thesis.
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Direct shear box apparatus

Void ratio, e	 a'	 r (kPa)	 • (°)

	

Initial	 After
	 (kPa)

___________	 loading ___________ ___________ ____________ ___________ ___________

	

0.794	 0.777	 51	 33.9	 33.4	 33.6	 33.2

	

0.691	 0.684	 51	 36.8	 34.9	 35.8	 34.3

	

0.649	 0.639	 51	 38.0	 34.8	 36.7	 34.3

	

0.572	 0.565	 51	 42.0	 35.4	 39.4	 34.7

	

0.793	 0.776	 101	 64.4	 63.8	 32.6	 32.3

	

0.695	 0.687	 101	 63.6	 61.7	 32.2	 31.5

	0.575	 0.567	 101	 76.2	 62.7	 37.1	 31.9

	

0.795	 0.769	 153	 94.0	 92.3	 31.6	 31.2

	

0.689	 0.678	 153	 93.5	 91.7	 31.5	 31.0

	

0.550	 0.541	 153	 122.9	 93.9	 38.9	 31.6

	

0.805	 0.774	 303	 183.1	 178.7	 31.2	 30.6

	

0.701	 0.684	 303	 176.8	 172.6	 30.3	 29.7

	

0.575	 0.565	 303	 209 0	 175.5	 34.6	 30.1

Sample C6, 3.51-3.73m.

	

Table B6	 Dunkirk sand-sand direct shear results
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Void ratio, e	 r (kPa)	 8 (°)

Initial	 After	
(kPa)

___________ loading ___________ ___________ ___________ ___________ ___________

0.826	 0.789	 51	 27.3	 273	 28.1	 28.1

0.816	 0.781	 51	 30.1	 30.1	 305	 30.5

0.638	 0.630	 51	 29.8	 25.9	 30.3	 26.9

0.680	 0.650	 100	 55.0	 49.4	 28.8	 26.3

0.65 1	 0.620	 100	 55.9	 50.4	 29.2	 26.7

0.550	 0.525	 100	 55.6	 49.7	 29.1	 26.4

0.853	 0.809	 101	 54.0	 54.0	 28.2	 28.2

0.598	 0.574	 101	 60.2	 52.0	 30.8	 27.3

0.720	 0.706	 150	 79.2	 75.1	 27.8	 26.6

0.640	 0.628	 150	 80.0	 74.7	 28.0	 26.5

0.560	 0.546	 150	 79.1	 73.3	 27.8	 26.0

0.864	 0.808	 153	 80.4	 80.4	 27.8	 27.8

0.696	 0.682	 153	 82.1	 77.6	 28.3	 27.0

0.602	 0.588	 153	 82.4	 75.6	 28.4	 26.4

0.880	 0.812	 303	 156.3	 156.3	 27.3	 27.3

0.599	 0.584	 303	 166.0	 150.7	 28.7	 26.5

Table B7	 Dunkirk sand-interface direct shear results

The absolute magnitude of dilation was dependent on the gap size created between the two

halves of the box, confirming the observations of Shibuya et al. (1993) who advocated the use

of a gap of equal or largerthan the width of the shear band to avoid applying boundary

constraints. The tests on Dunkirk sand were performed with a gap size of 0.5mm. An

additional suite of interface tests was conducted by the Author on dense sand samples to

investigate the influence of gap sizes. The results listed in Table B8 show that increasing the

gap to 1.0mm reduced the maximum dilation from 0.1mm to 0.016mm.
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Gap size (mm)	 Initial	 Interface angle of	 Maximum dilation, Oh (mm)
void ratio	 friction (°)

_____________ ____________	 op	 scv	 ________________________

	

0.5	 0.599	 28.7	 26.5	 0.10

	

1.0	 0.630	 29.2	 26.9	 0.016

	

2.0	 0.633	 27.3	 25.9	 0.002

	

3.0	 0.637	 27.2	 26.7	 0.000

Tests conducted on dry, dense Dunkirk sand under 300kPa normal stress.

Table B8	 Effect of gap size on dilation in direct interface shear tests

In calibration trials for the ageing tests described in the following Section, tests were performed

by the Author to examine the effects of sample saturation, interface material and rates of

shearing. The results were as follows:

(i) Saturated samples sheared against a stainless steel interface produced identical shearing

responses to dry samples against a mild steel interface of the same roughness.

(ii) Reductions in the rate of shearing from 0.54 to 0.075mm/mm increased 5., and 	 by

10 (3%). The slower rate of shearing was adopted in the interface ageing tests to

achieve greater compatibility with the pile loading rates applied in the field.
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B4 AGEING TESTS ON DUNKIRK SA1'D

In order to investigate the possible effects of time on pile shaft capacity, interface ageing tests

were conducted in the direct shear box described in the previous Section. Only one set of

conditions, thought to be the most applicable to conditions in the field and the most conducive

to ageing effects, was examined:

•	 high sand density with large number of interparticle contacts, D =85%;

•	 high normal stress, a' 300kPa;

•	 saturated sand.

The effect of steel corrosion was negated with the use of newly manufactured stainless steel

interfaces, shotbiasted to the same roughness as the pile.

B4.1 Testing procedure

The following test procedure was used:

•	 70g of sand was immersed in distilled water and left for some hours for saturation.

•	 The shear box and interface was assembled and filled with water.

•	 The sand was spooned into the box in three layers and tamped with 40 blows of a 5mm

diameter rod.

The upper (saturated) porous stone and top cap were placed and four measurements of

sample height were taken using a saddle gauge. The sides of the box were tapped to

achieve extra densification if necessaiy.

•	 The normal load was applied and changes in sample height were measured.

•	 The sample was left to age for between I and 63 days. During ageing the shear box

was protected from direct sunlight to reduce "ratcheting" densification effects and

covered with cling film to prevent evaporation of water.

The upper half of the box was lifted by 1.0mm with the aid of two screws, to reduce

friction effects between the two halves of the shear box.

The sample was sheared at O.O75mmlmin.

B4.2 Results

The test results are presented in Table B9 and discussed in Section 5.3.7 of the main body of

the Thesis.
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Ageing	 Void ratio, e	 8 (0)	 Horizontal	 Total
(days)	 displacement	 dilation

Before	 After	 to peak (mm)	 (mm)
__________	 loading	 ageing	 __________ __________ _______________

o	 0.640	 0.630	 30.3	 27.5	 0.29	 0.044

0	 0.640	 0.580	 30.8	 28.6	 0.64	 0.032

0	 0.640	 0.610	 30.7	 28.2	 0.45	 0.029

4	 0.644	 0.602	 30.0	 27.6	 0.39	 0.063

7	 0.640	 0.590	 30.6	 27.6	 0.30	 0.050

15	 0.616	 0.571	 30.7	 27.6	 0.25	 0.063

20	 0.623	 0.598	 31.6	 27.8	 0.34	 0.056

40	 0.633	 0.600	 31.0	 27.8	 0.32	 0.057

63	 0.633	 0.595	 30.5	 27.9	 0.27	 0.060

63	 0.623	 0.584	 31.4	 28.3	 0.38	 0.052

Table B9	 Interface ageing results
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APPENDIX C

CLAY SENSITIVITY

Cl INTRODUCTION

Section 5.2.5 describes the drawbacks to Lehane's (1992) sM.o parameter in gauging the

sensitivity of overconsolidated clays. A new parameter is proposed, iM,., which examines

sensitivity in terms of the difference in intact and reconstituted void indices at yield. This

Appendix examines the different methods of measuring bJ.., and develops a new approach for

evaluating its magnitude through reconstruction of the intact oedometer compression curve where

the actual test data is unavailable. The different measurements of and S and the resulting

predictions for 1(J1-II (see Chapter 10) are compared for a range of different soil types, showing

good results.

C2 METHODS OF DETERM]MNG M

Section 5.2.5 describes the background and reasons behind the development of AI,., as a measure

of soil sensitivity. This examines the void indices' at yield and approximates to the logarithm

of sensitivity as illustrated in Figure Cl and expressed below:

Al =1	 1 *
vy	 '.y -

= (e - e*)/C*

log 10 a's,., - log 10 &

log 10 S1

There are three main ways of determining 1:

(a)	 The most direct method is by performing pairs of oedometer tests on intact and

reconstituted samples and comparing the void indices at yield. The correlations for

KJI4, in Chapter 10 were developed using these values where available. Section 5.2.5

describes these measurements for Pentre clay-silt.

Void index, l = (e - e,*)/C* where an asterisk denotes an intrinsic property of the
reconstituted material.
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= (e - ey*)/Cc*

Figure Cl	 One-dimensional compression curves for a reconstituted and intact

overconsolidated clay

(b) The most common method of determining S 1 is though comparison of unconsolidated

undrained triaxial compression strength on intact (s) and remoulded (s) samples.

Where remoulded tests are not preformed, 5u0, may be estimated using the relationship

with Liquidity Index (LI):	 l.7[102D].

(c) If intact oedometer compression curves are not available these may be reconstructed with

knowledge of the initial clay moisture content, YSR and an empirical estimate of the

clay's intact recompression index, C. The void ratio at yield may then be compared

with that projected for the intrinsic material using Burland's (1990) correlations with

liquid limit. This approach is developed in the following Section.
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C2.1 Reconstructing the one-dimensional compression curve for overconsolidated clays

In the absence of intact oedometer compression curves, may be estimated with an simplified

reconstruction. This only requires the following parameters, all of which are reported in

standard site descriptions:

(i) in situ moisture content

(ii) liquid limit, LL

(iii) specific gravity, G,

(iv) YSR.

The It,., term can be expressed as the initial void index, I, and the reduction in void index

during recompression to yield:

*
e - e1 -i

c

e - C log(a '.., I a ') - e	 -

c

C
= I - —i- log(YSR) -

Eqn Cl

I, C and I' are calculated using the expressions and correlations given by Burland (1990):

In situ void index at &:

Intrinsic void ratio at 1 0OkPa:

Intrinsic compressibility:

Intrinsic void index at

i	 r	 $ iir*
vO	 L0	 IOOJ'c

e 1 = 0.109 + 0.679 eL - 0.089 CL2 + 0.016 e

C = 0.256 eL - 0.04

= 2.45 - 1.285 log (YSR a'vO) + 0.015 (log (YSR a))

Cr is the recompression index of the intact material from 	 to	 Very little data exists to

help estimate this parameter in the absence of test data. However, to a first approximation C

is equal to the swelling index, C, and Lambe & Whitman (1979) report a wide range of

oedometer test data showing that C varies as a function of liquid limit (LL) for many intact soils
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and clay minerals, as is illustrated on Figure C2(a). Over the stress range from 1000 to lOOkPa,

C may be expressed using the following correlation, where LL is given as a fraction:

(CS)ysR10 - 0.126 LL'22

Swelling behaviour is highly non-linear; Mesri Ct al. (1978) and Hight et al. (1987) presented

data showing how C increases steeply with YSR. Lambe & Whitman's data, corresponding to

a final YSR of 10, is in good agreement with Hight et al.'s trends. Jardine (1985) showed that

C of reconstituted Magnus clay measured in oedometer tests increases approximately linearly

with log YSR' as indicated on Figure C2(b). The change in C, may be expressed:

C = (C,)ysR10 (0.3 + 0.7 log YSR)

Jardine's data shows C increasing beyond YSR= 100 although Mesri et aI.'s results suggest that

C reaches a plateau at YSR 10. An upper limit of YSR2O is proposed for the above

expression since continued extrapolation of the relationship leads to extremely high values of C

at high YSR which are not matched by the test data described later.

Therefore, the final expression for C1 (between I <YSR^20) becomes:

C1 = 0.126 LL' 22 (0.3 + 0.7 log YSR)	 Eqn C2

Table Cl gives oedometer measurements of C1 from tests on high quality samples of six different

clays. Equivalent values of C, were evaluated using the Author's correlation with and without

the YSR correction. Calculation 1, where the effects of YSR are ignored, overestimates C, for

the lightly overconsolidated materials, whereas Calculation 2 provides reasonable, though slightly

underpredicted values. For completeness the measured intrinsic compression and swelling

indices are also tabulated.

Where C is the average compression index measured between a' 	 and a'
and YSR =
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Site	 Depth	 YSR LL	 C,	 Caic. C,	 C	 C	 C

	

(m)	
Meas	 1	 2	 Meas Meas Meas Caic

London Clay' 	 9	 16	 0.70	 0.11	 0.08 0.09	 0.10	 -	 0.49	 0.47

Cowden tillb	 3-9	 10	 0.40	 0.04	 0.04 0.04	 0.05	 0.15	 0.24	 0.24

Gault Clay'	 85.3	 9	 0.79	 0.12	 0.10 0.10	 0.19	 -	 0.47	 0.51

Pentre'	 13.6	 1.9	 0.42	 0.03	 0.04 0.02	 0.04	 0.16	 0.25	 0.25

Bothkennarb	 6.5	 1.45	 0.85	 0.03	 0.10 0.04	 -	 1.10	 0.55	 0.53

Onsøy clay'	 15	 1.2	 0.76	 0.04	 0.09 0.03	 -	 0.83	 0.55	 0.48

Notes: Meas = measured, CaIc = calculated
C, calculation I = Lambe & Whitman correlation
C, calculation 2 = Lambe & Whitman correlation with YSR correction (Equation C2)
Cr and C,* are measured between a' and a
C* calculated using Burland's (1990) correlation
Test data taken from (a) Bond (1989), (b) Lehane (1992), (c) Samuels (1975), (d) this Thesis and
(e) NGI (1988a).

Table Cl	 Calculated and measured swelling and compression indices

C2.2 Predictions of	 through the reconstruction of the oedometer curve

The oedometer data gathered in the LDP programme for intact Pentre clay-silt were accessed

and values of were evaluated. was derived from Burland's equation for the ICL (which

was proved reliable for this material in the IC investigation - see Section 5.2.5). I,,,, and 1k.., are

plotted against a'., in Figure C3(a) while the variation in with depth is shown on Figure

C3(b). These measurements are compared to the values delivered through reconstruction of the

one-dimensional compression curve, as described in the previous section. Figure C4 compares

the predictions for each sample (using its moisture content and liquid limit) directly with the

oedometer measurements (listed in Table C2) showing a good correlation, though the calculated

M,,., values generally exceed the measurements by 10%. Note that the direct measurements of

were used in the pile calculations reported in Chapter 10.
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Depth	 o'	 mc	 PL	 LL	 YSR	 Calculated	 Measured
(m)	 (kPa)	 (%)	 (%)	 (%)	 c,	 _________ _________	 s,

	

7.7	 71	 29	 18	 30	 3.3	 0.0191	 1.39	 1.10	 12

	

10.7	 97	 31	 20	 38	 2.7	 0.0233	 0.90	 0.72	 5.3

	

16.7	 149	 28	 22	 35	 1.7	 0.0161	 0.78	 0.70	 5.0

	21.8	 193	 31	 18	 31	 1.7	 0.0137	 1.74	 1.55	 36

	

24.8	 218	 34	 25	 47	 1.2	 0.0181	 0.66	 0.62	 4.2

	

27.2	 239	 30	 23	 33	 1.4	 0.0131	 1.38	 1.31	 21

	

29.4	 258	 29	 24	 37	 2.3	 0.0208	 1.09	 0.94	 8.7

	

31.9	 279	 29	 23	 35	 1.4	 0.0141	 1.11	 1.02	 11

	

34.9	 305	 25	 22	 40	 1.6	 0.0182	 0.36	 0.28	 1.9

	

38.4	 335	 24	 26	 28	 1.8	 0.0128	 1.25	 1.13	 14

	

41.7	 364	 28	 22	 39	 2.2	 0.0216	 0.95	 0.73	 5.4

	

45.3	 394	 33	 28	 63	 1.5	 0.0306	 0.30	 0.22	 1.7

	

47.7	 415	 31	 30	 53	 1.0	 0.0174	 0.33	 0.32	 2.1

	

50.7	 441	 27	 23	 36	 1.4	 0.0142	 0.94	 0.88	 7.5

	53.4	 464	 26	 24	 39	 1.2	 0.0142	 0.59	 0.55	 3.5

	

57.3	 498	 29	 24	 43	 1.2	 0.0156	 0.72	 0.69	 4.9

	

59.6	 517	 33	 23	 39	 1.2	 0.0142	 1.46	 1.40	 25

	

14.3	 128	 34	 23	 35	 2.0	 0.0179	 1.58	 1.41	 25

	

16.5	 147	 32	 20	 38	 1.0	 0.0116	 0.80	 0.77	 6.0

	

19.0	 169	 34	 22	 37	 1.6	 0.0166	 1.40	 1.29	 20

	

21.8	 193	 28	 23	 33	 1.2	 0.0117	 0.94	 0.86	 7.2

	

24.1	 212	 31	 23	 44	 1.5	 0.0196	 0.61	 0.54	 3.5

	

27.1	 238	 33	 27	 42	 1.6	 0.0195	 1.02	 0.91	 8.1

	

30.3	 266	 30	 25	 39	 1.5	 0.0166	 0.90	 0.83	 6.8

	

33.3	 291	 27	 21	 38	 1.3	 0.0149	 0.62	 0.56	 3.6

	

36.3	 317	 29	 20	 37	 1.2	 0.0133	 0.93	 0.89	 7.8

	

38.8	 339	 28	 21	 34	 1.9	 0.0167	 1.26	 1.10	 13

	

41.0	 358	 28	 25	 51	 0.8	 0.0129	 -0.0!	 0.04	 1.1

	

44.0	 383	 28	 24	 60	 1.3	 0.026	 -0.04	 -0.07	 0.8

	

50.3	 437	 32	 25	 41	 1.1	 0.0137	 1.08	 1.07	 12

	

53.3	 463	 29	 24	 37	 1.3	 0.0142	 1.12	 1.06	 11

	

55.7	 484	 27	 20	 33	 1.1	 0.0107	 1.16	 1.10	 13

	

59.6	 517	 26	 24	 40	 1.2	 0.0146	 0.58	 0.53	 3.4

Table C2	 Pentre clay-silt, predictions of	 through reconstruction of the oedometer
curve
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C3 COMPARISON OF DIFFERENT MEASUREMENTS

Table C3 compares values of S 1 and AI determined using the various approaches for the six

clays listed in Table Cl. Figure C5 shows how the different measurements of compare.

If the measurements from oedometer tests (method (a) in Section C2) are taken as the

benchmark, the values obtained from the reconstructed oedometer curve (method (c)) are in

reasonable agreement. I is slightly overpredicted for the three lightly overconsolidated clays.

Figure C5 shows that the magnitude of sensitivity derived from other laboratory and in situ tests

display more variation. The scatter reflects the effects of sample disturbance and the different

values of clay strength measured by different test methods.

Table C3 also shows the resulting values of K/H1, calculated using Equation 10.4. The method

chosen to evaluate S or AI can affect the calculated K values by up to 27%, though the

oedometer curve reconstruction approach provides better agreement, with K/H 1 falling within

±11% of the benchmark values.

The oedometer curve reconstruction gives encouraging results but is not completely satisfactory,

mainly due to the uncertainties in evaluating C, which is highly non-linear and dependent on

YSR. However, the approach does appear to provide more reliable results than other laboratory

and field measurements and should be used in conjunction with these methods where direct

measurements are unavailable. An insight into the variations in with depth is delivered and

site-specific calibrations with direct measurements may be useful.
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Test method	 S	 = K/H, Proportion

	

log S	 of ICjl-I,
from

oedometer

London Clay

High pressure oedometer tests on samples from	 2.1	 0.32	 0.54	 1.00
Sizewell, Suffolk (Cola & Jardine, 1995)

s, (Bond. 1985) and s. from LI correlation 	 0.88	 -0.05	 0.63	 1.17

Reconstruction of oedometer curves (Eqns CI and C2) 	 1.3	 0.13	 0.59	 1.09

Cowden till

Oedometer tests (Lehane, 1992) 	 0.25	 -0.60	 0.73	 1.00

s (Lehane, 1992) and s, from LI correlation	 0.29	 -0.53	 0.71	 1.03

Reconstruction of oedometer curves (Eqns Cl and C2)	 0.22	 -0.66	 0.74	 1.04

Note that AI,., is negative, probably due to the
deposit's complex depositional history (Lehane, 1992) _______ ______ ______ ___________

Gault Clay

Oedometer tests (Samuels, 1975; Burland, 1990) 	 1.27	 0.10	 0.57	 1.00

s (Samuels, 1975) and s from LI correlation 	 4.1	 0.61	 0.45	 0.79

Reconstruction of oedometer curves (Eqns Cl and C2)	 1.23	 0.09	 0.57	 1.00

Pentre clay-silt

Oedometer tests (this Thesis) 	 6.9	 0.84	 0.37	 1.00

s and s (Lambson et at., 1993) 	 2.5	 0.40	 0.47	 1.27

Reconstruction of oedometer curves (Eqns Cl and C2)	 10.5	 1.02	 0.33	 0.89

Bothkennar clay

Oedometer tests on Laval samples (Night et al., 1992) 	 5.4	 0.73	 0.40	 1.00

In situ Geonor vane (Nash et al., 1992) 	 5.0	 0.70	 0.40	 1.00

BS fall cone (Hight et al., 1992)	 8.0	 0.90	 0.36	 0.90

s,, (Nash et al., 1992) and s,, from LI correlation 	 6.1	 0.79	 0.38	 0.95

Reconstruction of oedometer curves (Eqns Cl and C2)	 8.1	 0.91	 0.36	 0.90

Onsoy clay, z=9.07m, YSR1.3

Oedometer tests on block samples (Burland, 1990)	 16	 1.2	 0.29	 1.00

In situ vane test (Burland, 1990)	 7	 0.85	 0.37	 1.27

Reconstruction of oedometer curves (Eqns Cl and C2)	 22	 1.35	 0.26	 0.90

1. Same depths as those given in Table Cl unless otherwise stated.
2. KJH, calculated using Equation 10.4.

Table C3	 Measurements of sensitivity and resulting K/H1 for various clays
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C4 APPLICATION OF bJ TO THE PILE DESIGN APPROACH

Values of I were assessed for the ten clays where small-scale instrumented pile tests have been

conducted (listed in Table 3.2). Direct oedometer measurements were only available for four

of the clay sites and in the other cases AI was evaluated through consideration of the laboratory

and field data and the oedometer reconstruction approach described earlier. Table C4 gives

notes on how the values were obtained.

Clay type	 Notes on the evaluation of AI,

Cowden till	 The oedometer reconstruction approach gave values in good agreement with
direct oedometer measurements. The former was used as there was a

___________________ greater abundance of data with depth.

Bothkennar clay	 As above.

London clay	 High quality oedometer tests by Cola & Jardine (1995) showed that the
________________ sensitivity of London Clay, S = 2.1.

Boston blue clay	 Azzouz & Morrison (1988) report a sensitivity, S1=7. The oedometer
reconstruction gave unrealistically high values implying S 1=25 to 900

Empire clay	 Azzouz & Lutz (1986) gave S =2±1 which was in reasonable agreement
with the oedometer reconstruction values.

Gault clay	 The oedometer reconstruction predictions were in good agreement with the
one available oedometer test. The former were used due to the greater
abundance of data with depth.

Haga clay	 Karlsrud & Haugen (1985) report S = 5 to 6 contrasting with the
oedometer reconstruction values which averaged around 30. The former
were judged more reliable.

Tokyo clay	 S was estimated from UU strengths using the correlation with liquidity
index to estimate s. This gave reasonable values between 8 and 29. The
oedometer reconstruction inferred higher sensitivities (max = 50) and were
not used.

Rio de Janeiro clay S, was evaluated using the same method as above giving S between 25 and
45. The oedometer reconstruction inferred twice these values which were
judged unreliable.

Table C4	 Evaluation of AI for database sites

I is compared to the original in situ void index (I) in Figure C6. Note that the parameter

is the difference between the plotted I and the corresponding value at the same stress on the

intrinsic compression line (ICL). LM relates the intact and intrinsic void indices at yield or

hence this forms the x-axis in Figure C6(b). The following may be observed:
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tM in Figure C6(a) varies with YSR. This is clearest when comparing clay samples

from different depths (or stress levels) at the same site (e.g. Bothkennar).

In comparison with Figure C6(a), the data points in Figure C6(b) are translated to the

right and down slightly. Points from the same site are generally grouped in a cluster

giving similar values of AI,,, regardless of depth or YSR.

Cola and Jardine (1995) showed that even the heavily overconsolidated and aged

London Clay possesses sensitivity, with points which plot above the JCL. The high

degree of overconsolidation masks this feature in the I values which plot well below

the ICL.

Cowden till and Madingly Gault Clay move towards, but remain below the ICL (i.e.

with negative AI). Lehane (1992) noted that the intact and reconstituted Cowden till

compression curves did not converge at high stresses, attributing this to the Lodgement

Till's complex depositional history which involved many cycles of loading and

unloading as the ice masses rode over the low plasticity deposits. 	 -

Overall, the use ofJ as a parameter for clay sensitivity appears to offer significant advantages

over the original iM parameter. Various methods of deducing its value have been described

including a new approach which reconstructs the one-dimensional compression curve. The

different methods generally give comparable values, though care should be exercised in

evaluating particularly for low YSR sensitive materials. Where possible, direct

measurements should be taken and intact tests should always be performed on high quality

samples.
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APPENDIX D

DATABASE OF PILE TESTS IN SAND

Dl INTRODUCTION

A new database of high quality pile tests in sand was compiled to:

(i)	 test the newly developed shaft capacity design approach for closed-ended piles in sand;

(ii) examine the applicability of the R* modification to large-scale, open-ended piles;

(iii) compare the reliability of existing design methods for shaft capacity;

(iv) study the trends in the base capacity of closed-ended piles;

(v) analyse the base behaviour of open-ended piles and devise new criteria to predict the

onset of plugging;

(vi) examine the relative reliability of existing design methods for base capacity.

Table Dl compares the key features with those of other databases, previously assembled to

examine pile behaviour in sand.
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Reference	 No. of pile tests	 Notes

In their	 Accepted
database	 into the

Author's
new

database1

a. Dennis & Olsen	 66	 13	 Used by the API in the formulation of the 1984
(1983)	 recommendations. 44 compression tests, 21

instrumented tests, 7 H piles. Instrumented
compression tests were not corrected for residual
loads.

b. Briaud & Tucker	 98	 0	 Mainly square and concrete full-scale piles tested
(1984)	 by the Mississippi State Highway Department.

The data was not available for inspection. Some
H piles and bored piles. Only 9 piles

____________________ ________ _________ completely in sand.

c. Lings (1985)	 20	 19	 Only tension tests. No long piles in dense sand.
One proprietary (unpublished) North Sea pile
test.

d. Kraft (1990)	 64	 20	 Some compression tests on non-instrumented
piles and residual load corrections were not
applied. Base and shaft loads were not
separated. 17 of the piles were from the

______________________ _________ __________ Japanese Ministry of Construction tests.

e. Hossain &	 60	 31	 17 instrumented tests. Compression tests were
Briaud (1993)	 not corrected for residual loads.

f. Randolph,	 21	 10	 All instrumented compression tests. 50% were
Dolwin & Beck	 not corrected for residual loads.
(1994)	 ________ _________ ________________________________________

g. Gavin & Lehane	 45	 31	 29 compression tests, 50% were not corrected
(1996)	 for residual loads.

h. This Thesis	 65	 65	 31 compression tests, all were considered for
(1996)	 residual loads. 15 tests were new and had not

been included in databases (a) to (g) above.

_____ Some of the pile tests were excluded from the Author's database due to unreliable data, thick clay
layers or insufficient soil information. Other test data were unavailable, being described in
proprietary reports or unobtainable references.

Table Dl	 Existing databases of pile tests in sand

The current database expands on the tension test database compiled by Lings, to include (a)

reliable compression test data, where residual load effects had been corrected or were judged

small, and (b) new case histories published since 1985. 65 tests were selected, adopting the

criteria listed in Section 9.5.1.
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Full details of all the pile tests and predicted capacities are given in Tables D2 to D5. Brief

notes on the methods of analysis and the individual test details are provided in the following

sections.

D2 ANALYSIS OF TEST DATA

D2.1 Soil properties

Where possible relative density was evaluated using the CPT correlation by Lunne &

Christoffersen (1983): Dr = 0.344 In qJ(61 at071)} where q is the CPT base resistance and

a' is vertical effective stress (both in kPa) and D is expressed as a fraction. No corrections

were made for overconsolidation ratio.

Where the CPT reached refusal (e.g. Ras Tanajib) or CPT tests were not conducted, relative

density was calculated using SPT blowcounts and the corrections for trip device, rod energy,

overburden and particle size proposed by Skempton (1986).

Where the unit weights were unspecified, y was taken as 1 7kN/m 3 for unsaturated sand and

19.3kN/m 3 for saturated sand.

At the pile base quoted 4, and D1 are average values over the region 1.5 pile diameters above

and below the founding level.

D2.2 Pile test results

If details on external instrument protection channels were provided these were taken into account

in the calculation of the shaft surface area, equivalent diameter and "annular" base area. For the

eight piles partially driven through clay layers the shaft load in the clay was estimated and

deducted from the measured shaft load.

The majority of the tests were maintained-load style tests, though some included unload-reload

cycles prior to failure and others adopted constant rate of displacement methods or ASTM

"quick" loading tests. Field pile tests and laboratory interface investigations on Labenne and

Dunkirk sand have shown negligible rate effects for penetration rates at failure below 1mm/rn in,

and the influence of testing rates in free-draining materials is unlikely to be large.
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Failure was defined after either a clear peak had been obtained, or the pile head displacement

had reached DuO (one tenth of the pile diameter). If tests were terminated prematurely and pile

capacity appeared to be still increasing, the load-displacement curve was extrapolated to this

point. In the case of strain-gauged piles, the base load was determined by extrapolating the axial

load distribution to the pile toe, assuming constant shear stress below the lowest strain-gauges

equal to that between the lower two gauge levels, following the procedure used for the full-scale

CLAROM piles described in Section 8.4.3.

Effective pile weights were added to the gross compressive shaft loads and subtracted from the

tensile loads. Effective pile plug weights were also subtracted from the tensile loads. This

generally had little effect, affecting shaft capacity by less than 5% in 88% of the cases.

D3 SHAVE CAPACITY CALCULATIONS

D3.1 API RP2A (1993)

Calculations were performed using the parameters specified in API RP2A (1993), described in

Section 2.4.1. Predictions were made using a multi-layered approach with the relative densities

calculated from the in situ CPT or SPT tests. A sliding scale was adopted for intermediate

relative densities and silt contents.

D3.2 IC approach (1996)

The new IC proposals for calculating shaft capacity are described in Sections 9.2 and 9.3 and

summarised in Table 9.13. Where possible, CPT q values were used directly, though SPT

results were adopted if the CPT reached refusal. In the latter cases, SPT blowcounts were

converted to relative densities following the procedure described by Skempton, (1986) and then

backfigured to equivalent q values using Lunne & Christoffersen's (1983) correlation with

relative density.

If interface shear tests were not conducted, the interface angle of friction at failure, , was

estimated using the relationship with mean particle size (1) 50) established by Lehane (1992) and

shown on Figure 5.32. Where grading curves were not available D50 was estimated using the

qualitative grain size description. Pile roughness, R,, was assumed to be 0.02mm.
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D3.3 Other methods

Calculations were also performed for a select number of the highest quality pile tests using other

recently proposed or popular design methods. The methods tested are listed below and described

in Section 2.4:

•	 LPC empirical cone method (Bustamante & Gianeselli, 1982);

•	 Toolan, Lings & Mirza (1990) average shear stress approach;

•	 Randolph, Doiwin & Beck (1994) method.

1)3.4 Presentation of results

The results of the shaft capacity predictions may be examined in the following four ways:

(i) The calculated total shaft capacity may be compared with the measured total capacity

for individual pile tests in terms of QC'Qm in Table D3.

(ii) The predicted local shear stress distributions may be compared with measurements from

individual strain-gauged piles in Figures Dl and D2.

(iii) The relative accuracy of the predictions for the entire database or the smaller subset of

very high quality tests may be compared statistically for the different design methods

in Tables 9.10 and 9.6 respectively.

(iv) The API and IC (1996) predictions may be examined for skew with pile load, length or

sand density in terms of QJQm in Figures 9.13 to 9.16.

D4 BASE CAPACITY CALCULATIONS

Predictions for base capacity were carried out for the compression tests in the database. These

were supplemented with the following, bringing the total number of tests on open and closed-

ended piles to 42:

•	 seven tests from Kallo (De Beer et al., 1979), comprising one CPT test using a 250mm

cone and six tests on Franki-type piles with expand concrete bases of different

diameters;

•	 four compression tests on 70mm diameter, open-ended, strain-gauged, steel, pipe piles

in the dense Dunkirk sand at the Pont a Roseaux site (see Section 8.2).

Full details are given in Table D6.
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D4.l API RP2A (1993)

The base capacities of closed-ended piles were calculated using the average relative density at

the founding level estimated from in situ tests and the N q and qbltm parameters specified in Table

2.1, using a sliding scale for intermediate sand densities.

Plugging in open-ended piles was considered using the recommended static equilibrium method

described in Section 2.6.1.

D4.2 LPC cone method (Bustamante & Gianeselli, 1982)

Calculations for base capacity were performed using the factored values recommended. The

LPC method is strictly applicable only to closed-ended piles; the authors do not give any

recommendations for unplugged open-ended piles but suggest that full-scale load tests are

performed to confirm base capacity. In this analysis all of the open-ended piles were assumed

to be fully plugged.

D4.3 Cavity expansion approach

Following cavity expansion arguments, the base resistance of a closed-ended or plugged pile

should be identical to the average CPT resistance at that depth, , i.e. there are no scale effects.

Predictions for base capacity were made using this assumption and taking all open-ended piles

as being fully plugged.

D4.4 IC approach (1996)

Closed and open-ended base capacity predictions were made following the new proposals

described in Sections 9.6 and 9.7 and summarised in Table 9.14

1)4.5 Presentation of results

There are three approaches to examining the base capacity predictions:

(i)	 The calculated base capacity may be compared with the measurements from individual

pile tests in terms of QJQm in Tables D5 and D6.
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(ii) The relative accuracy of the predictions for the database may be compared statistically

for the different design methods in Table 9.12.

(iii) The predictions may be examined for skew with base load, pile diameter or sand density

in terms of QC'Qm in Figures 9.23 to 9.25.

D5 NOTES ON INDIVIDUAL PILE TESTS

Arkansas River. USA. Mansur & Hunter (1970)

The piles were steel and closed-ended with the exception of one square concrete pile. A variety

of diameters and lengths were tested. Installation was by driving and vibrodriving. The

compression loads quoted by Coyle & Castello (1981) were used which are corrected for residual

stresses and taken after DuO displacement. The sand is slightly overconsolidated due to the

excavation of 6m of ground during site preparation. SPT data was available. Mean grain size

(D50 0.3mm) suggests 827.5°.

Low Sill. USA. Mansur & Kaufman (1958)

This involved closed-ended steel piles of various sizes. Only the tension data was used (the

compression data were uncorrected for residual loads). The piles were installed through very

silty sand, interspersed with clay layers over clean sands. This was overconsolidated due to the

excavation of a 1 5m thick layer during site preparation. SPT data was available. 8 was reduced

to 25° in the upper layer due to the clay layers and possible smearing effects. 631° was

assumed below this level.

Ogeechee River. USA, Vesié (1970)

A closed-ended steel pile was driven in stages and tested at each depth. Only the final tension

test (H-16) was used since the compression tests were not corrected for residual loads and the

shear stress profiles indicated large residual stress effects (see Section 2.3). Loading was

conducted 12 hours after the end of driving, at a relatively fast constant rate of displacement

(1.27mm/mm). CPT data was used. 63l° was assumed in the 3m thick superficial fine sand

layer (D 0.1mm), with ö25° below this level (D 	 0.5mm).

Drammen. Norway. Gregersen, Aas & Dibagio (1973)

Instrumented, cylindrical, concrete piles were driven in segments to various depths through loose

sand. Anchor piles were installed at a distance of 2.5 diameters centre-to-centre from the test
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pile (some interaction effects may have been caused). In the compression tests, loading to

failure was preceded by six load-unload cycles to 30% ultimate load. Residual loads were

measured directly, though there was some concern over strain-gauge drift. However, some

remaining residual stress errors are suggested by (a) the shape of the measured shear stress

profiles, (b) large differences between shaft capacities in tension and compression and (c) low

base capacities in compression. CPT data was available. I) 50 =0.5mm hence, 5 =25° was

assumed.

Lower Arrow Lake, Canada, McCammon & Golder (1970)

A 45m long open-ended pile was driven in segments through loose sand and silt with artesian

water pressure conditions. Partial plugging was observed during driving, and the pile plug was

drilled out at each stage. Before loading in compression, the plug was drilled out t O.3m below

the pile tip so that only the shaft load would be measured. This may also have caused

reductions in radial stresses near the pile toe and hence peak local shear stresses. Base capacity

was estimated in a second test where a concrete plug was installed. Note that in the shaft

capacity analyses this pile is considered as "open-ended", whereas in the base capacity analyses

the pile is classified as "closed-ended" since the concrete plug would not have behaved in the

same manner as a soil plug. SPT data. D 50 0.4mm, hence 525° was assumed.

Mustang Island. USA, Reese & Cox (1976)

Open-ended piles were installed in slightly overconsolidated fine sand (a I .5m thick layer was

excavated during site preparation). 20% of the shaft length was embedded in clay (from 9.5 to

13.lm and beneath 20.4m). The piles were driven in two sections with the plug drilled out

midway through driving. Only the tension load test data was reliable. SPT data. D 50 = 0.12mm,

hence 832° was assumed.

Hoogzand. Netherlands, Beringen, Windle & Van Hooydonk (1979)

Open and closed-ended steel piles driven in very dense to dense, highly overconsolidated sand

with K0 = 1.5 (equivalent to = 35OkPa overburden removal). Note that the q measurements

used in the calculations were not corrected for YSR. In the Conference discussion, the authors

stated that corrections for residual loads were applied using the Hunter & Davisson (1969)

method, though the shapes of the shear stress distributions suggest otherwise. A short reaction

beam and kentledge positioned close to the pile may have increased the shaft capacities along

the upper portion of the piles. In the upper 2.5m D 50 = 0.1mm, suggesting =32°. Below this

level =3O was assumed.
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Dunkirk. France - ICP. Chapter 7 of this Thesis

Dense marine sand and veiy dense marine sand hydraulic fill. The three first-time load tests on

the heavily instrumented ICP were analysed. BRE CPT data was used in the calculations.

8=27° was measured in laboratory direct interface shear tests.

Dunkirk. France. Brucy, Meunier & Nauroy (1991a) and Chapter 8 of this Thesis

The first-time tension and compression tests were analysed. Pile LS was only tested statically

five years after installation, and in this case the medium-term shaft capacity was estimated

assuming a similar degree of long-term set-up to Pile CS, i.e. an 85% increase in shaft capacity.

The same soil parameters as those given above were adopted.

Labenne. France, Lehane (1992)

Instrumented ICP tests in loose dune sand. The first-time tension and compression tests were

used. The sand was in a lightly overconsolidated state during testing due to the removal of a

1 .5m thick layer of sand during site preparation. CPT data. Laboratory ring shear and direct

shear interface tests gave f=27.5°.

Hunter's Point, USA. Briaud, Tucker & Ng (1989)

An instrumented, closed-ended steel pile was installed in clean, hydraulic fill. Medium grained

sand, ö=27° was assumed.

Ras Tanajib. Saudi Arabia,

Heifrich, Wiltsie, Cox & Al Shafie (1985); Al-Shafei, Cox & Heifrich (1994)

Medium to very dense, slightly calcareous, possibly cemented sand (with carbonate contents

between 10 and 15%). The CPT reached refusal (at 5OMPa) from 6m depth onwards, hence

the SPT data was used for design. The SPT-inferred values of q, derived using the method

described in Section D3.2, were in good agreement with the CPT measurements over the upper

6m and confirmed the large increase in sand density below this level. The site is located

- 50km North West (following the Arabian Gulf coast) of Ras Al-Ghar, where the cemented

saline sabkha soil was investigated by Abduijauwad & Amoudi (1995). Open-ended steel piles

were installed with internal shoes. Load tests were conducted at a constant rate of displacement

of 0.076mm/mm. Only one test, C/L2T (tension), indicated a distinct failure point. No details

were given of the plug height or behaviour during installation or loading. 320 was assumed

in the upper I Om of fine to medium sand, with 5= 33° in the silty fine sand below this level.
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Hsin Ta, Taiwan, Yen, Lin, Chin & Wang (1989)

40% of the embedded shaft length was in clay (6 to 19m). The ASTM "quick" load test method

was used in compression and the "slow" method in tension. Residual loads were measured

directly, though some of the strain gauge readings appeared anomalous. CPT data was available.

There were no details on sand grain sizes; 6=4'-5° was assumed giving =29° for the upper 6m

and 5=32° below 19m.

Akasaka, Japan, BCP Committee (1971)

A research project was conducted using highly instrumented closed-ended piles. Tests 1C, 6B

and 6C were used where the piles were installed by driving or jacking. CPT data was available.

D50=0.2mm, hence 6=29°.

Los Barrios. Spain, Mey, Oteo, Sanchez del Rio & Soriano (1985)

A nearshore pile test on an open-ended, prestressed concrete pile, installed within 4 diameters

of the anchor piles (possibly causing interaction effects). No mention was made of residual load

corrections and the compression test was terminated after only D/30 displacement and did not

appear to have reached failure. Therefore, only the tension test result (taken to D/20

displacement and clear failure) was used. SPT data was available. Silty fine sand, 632° was

assumed.

Seattle, USA, Gurtowski & Wu (1984)

Octagonal concrete piles. Load Test A was performed using the ASTM "quick" test method

whereas Test B was conducted using the "standard" method. Residual loads were assumed to

be the same as those on an identical instrumented piles installed 15m away. SPT data. =30°

was measured in direct interface shear tests.

Baghdad, Iraci, Altaee, Fellenius & Evgin (1992 & 1993)

Instrumented square concrete piles were installed in silty sand. Failure was reached on the third

compressive load cycle. Residual stresses were estimated using Fellenius' method (1989) for

the end of driving condition and assumed not to change between load cycles. Water levels were

higher during the tension test which was conducted 200 days after driving. CPT data was given.

D50=0.O3mm in upper 3m, inferring =36°; D 0= 0.15mm below this level, giving 30°.
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Leman. Southern North Sea. Jardine & Overy (1996)

An offshore conductor pile was driven through dense fine sand and a finn to stiff clay layer

between 5 and lOm, comprising 13% of the embedded shaft length. The pile was open-ended

with an internal shoe at the pile toe and was almost fully coring during installation. A

maintained-style tension load test was carried out 80 days after installation with 10 load-unload

cycles applied at 30% of ultimate capacity. CPT data was available. Particle sizes inferred

ö22 to 24° and these values were reduced below the clay layer to account for smearing as

recommended by Jardine & Overy.

Anvers. France. De Beer & Wallays (1969)

Dense glauconitic sand. Only the results from the tension test on the straight shafted pile were

used. CPT data was provided. No grading curves were given, hence a medium particle size was

assumed with ö 27°.

Lock & Dam 26, USA, Briaud, Moore & Mitchell (1989)

Piles were driven through alluvial sand over glacial deposits. Only the tension tests on the

closed-ended pipe piles were used. CPT data was provided. D 50 2mm (though there was

much variation between 0.7 to 6mm), assumed ö=24°

Hokkaido. Japan, Kusakabe, Matsumoto, Sandanbata, Kawabata, Kosuge & Nishimura (1989)

A im diameter open-ended pile (without a pile shoe) was driven through layers of silty and

volcanic sand and founded in volcanic ash. There was no mention of residual stresses, though

the pile was almost fully coring during driving (final filling ratio = 85%), hence these would

have been expected to be relatively small. SPT data was given. The sand was "fine", hence

was assumed.

Chiba, Japan, Kusakabe, Matsumoto, Sandanbata, Kawabata, Kosuge & Nishimura (1989)

A 0.8m diameter open-ended pile without a pile shoe was driven through fine sand, a clay layer

(28-36m), followed by gravel and dense sand. 20% of the shaft length was in clay. No mention

was made of residual stresses and shape of the shear stress distribution suggests that corrections

were not applied. SPT data was provided. In the fine sand and silt ö32° was assumed, with

523 in the gravel and dense sand.



692

Kim itsu. Japan, Ishihara, Saito, Shimmi, Miura & Tominaga (1977)

A 1.2m diameter open-ended pile, without a pile shoe, was driven through medium sand

(D50 0.26mm, 28°) and clay (16.8 to 18.3m), comprising 7.5% of the shaft length (this was

considered small and ignored in the calculations). Residual stress corrections were not

mentioned. SPT data was available.

Trans-Tokyo Bay Highway. Japan, Shoi, Yoshida, Meta & Homma (1992)

A very large, 2m diameter, nearshore pile (TP) was installed in loose to very dense sand and silt.

This was open-ended with an external pile shoe, 9mm thick and 300mm long. 4 reaction piles

were installed at a 2.5D spacing (possibly causing interaction effects). There was no plugging

during driving. CPT data was given. Silty sand, assumed = 32°

Cromarty Firth. GCG (1988) & Tomlinson (1994)

Tests for Britoil in Scotland. Open-ended piles with internal shoes were driven through silty fine

sand (assumed 29°) and medium-coarse sand (assumed ö 24°). Compressive base loads

were estimated assuming the same shaft capacity in tension and compression. The ICP trends

for 20% lower shaft capacities in tension suggest that this may have led to an overevaluation of

base capacity. SPT data was given.

D6.O ADDITIONAL TESTS FOR BASE CAPACITY STUDIES

Kallo. Bel gium, De Beer, Lousberg, De Jonghe, Carpentier & Wallays (1979)

Franki-type piles with expanded concrete bases in the sand (see Section 9.6.2) were installed in

8.2m of soft clay and peat overlying dense sand (the piles were founded in the sand). Standard

36mm CPT tests were conducted at each pile location prior to installation and one test involved

a 250mm diameter CPT. The piles were exhumed after testing for precise measurement of base

diameter.

Dunkirk (Pont a Roseaux site), France. Brucy, Meunier & Nauroy (1991a) and CLAROM (1989)

70mm diameter, 2m long, open-ended steel piles were driven into dense, saturated sand and

tested a few hours later. The piles were strain gauged and some contained pile shoes. Tests

were performed with the pile plug intact and after they had been cored down to one diameter

of the pile toe, with no apparent reductions in base capacity or stiffness.
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A _____________________	 10	 Stee closedV C 15 dii 	 1615	 0431	 375	 797	 62	 ?	 SF1

B	 LOW SILL	 2	 Steel closed • 	 I	 20 die	 1981	 0518	 382	 799	 66	 18	 SF1
B	 M.nsur & Kaulman	 4	 Steel closed • 	 I	 16 clii	 20 12	 0419	 480	 81 4	 66	 18	 SF1
B	 (19581	 5	 Steel closed	 T	 lBda	 1372	 0419	 327	 539	 57	 18	 SF1
B _____________________ 	 6	 Steel closed •	 I 18 d a	 19 81	 0468	 42 3	 795	 66 18	 SF1

OGEECHEE RIVER

c	 Vesic 119701	 H-16 Steel closed	 I	 18 dii	 1501	 0457	 32 8	 88 8	 69 05	 CF1

O	 DRAMMEN	 A	 Conc closed	 1 0 28m dci 8 00	 0280	 28 6	 48 9	 38	 CF1
D	 Gregersen Ass & Dcbagio 	 A	 Cone closed	 C 0 28m di	 800	 0280	 28 6	 48 9	 38	 ?	 CFT
o	 119731	 D A Conc closed	 1 0 28m dia 1600	 0280	 57 1	 887	 31	 ?	 CF1
o	 0 A Conc closed	 C 0 28m cia 1600	 0280	 57 1	 88 7	 31	 ?	 CFT
D _____________________	 6	 Conc closed	 1 0 28m dii 2350	 0280	 83 9 125 7	 31	 7	 CF1

LOWER ARROW LAKE
E McCarnmon & Golder 11970	 1A	 Steel open	 C 24 dii	 4542	 0610 0087 74 5 1783	 34 20	 SF1

F	 MUSTANG ISLAND	 1	 Steel open	 I	 24 dii	 21 03	 0610 0076 345 103 6	 85	 7	 SF1
F	 Reese &Cox 11976	 2	 Stee open	 I	 24"da	 2103	 0610 0076	 345	 1036	 85	 7	 SF1

G	 HOOGZAND	 I - t Stee open	 I	 14 dii	 700	 0356 0074 19 7	 55 2	 92	 7	 CPI
O	 Beringen, Windle &	 I - c	 Steel open	 C	 14 dii	 700	 0356 0074	 197	 55 2	 92	 7	 CFT
G	 Van Hooydonk 119791	 II - t	 Steel closed	 I	 14 cia	 675	 0356	 190	 537	 91	 7	 CF1
G	 II c Steel closed	 C	 14 dis	 675	 0356	 190	 537	 91	 7	 CPT
0 _____________________	 lll-t Steel open	 I	 14 dii	 525	 0 356 0 074 147	 442	 88	 7	 CPT

OK	 DUNKIRK ICP	 DK1 LIC Steel closed J 	 C 0 102m	 740	 0102	 72.5	 56.8	 85 055 CPT
OK	 This Thesis	 DK2 L1C Steel closed J	 C 0 102m	 596	 0102	 584	 47.6	 89 063 CPT
DX ___________________ DK3 Lii Steel closed J 	 1 0 102m	 740	 0102	 725	 568	 85 061 CF1

DK	 OUNKIRK CLAROM	 CL/T'89a Steel open •	 1 0 324ni	 ii 30	 0324 0069 349	 79 9	 77 176 CFT
OK	 Brucy Meunier & Nauroy CL/C 89i Steel open •	 C 0 324m	 11 30	 0 324 0069 34 9	 79 9	 77 177	 CPT
DX	 119911	 CS/T'89a Steel open •	 1 0 324m	 11 30	 0324 0081	 349	 799	 77 188	 CF1
DK	 and this thesis	 CS C'89a Steel open •	 C	 0 324m	 11 30	 0324 0081	 349	 79 9	 77 189	 CPT
OK _____________________ LS/T69a Stee open • 	 1 0 324m	 2200	 0324 0081 679 135 8	 75 188 CPT

LB	 LABENNE- ICP	 LB1 L1C Steel closed J	 C 0 102m	 595	 0 102	 58 3	 51 7	 48 063 CF1
LB	 Lehane	 L82 L1C Steel closed J	 C 0 102m	 1 83	 0102	 17.9	 155	 74 008 CF1
LB	 (19921	 (.82 Lii Steel closed J	 1	 0 102m	 5 92	 0 102	 580	 51 7	 48 063	 CF1

HUNTER S POINT
HP	 d et al 11989	 S	 Steel closed •	 C 0 273m	 778	 0273	 285	 37	 60 24	 CF1

RAS TANA.JI8
RI	 Helfrich at al (19851	 C/L2T Steel open •	 T	 0 610m	 1800	 0610 0 150	 295	 120 100	 30	 SF1

MT	 HSIN TA	 TP4 Steel closed	 C 0 609m	 34 25	 0609	 56 2	 153	 41	 30	 CFT
MT	 Yen et 81 119891	 TP5	 Steel closed	 1	 0 609m	 3425	 0609	 562	 i5	 41	 30	 CPT

AK	 AKASAKA	 1C	 Steel closed J	 C 0 2m	 700	 0.200	 350	 100	 80	 7	 CR1
AK	 BCP Committee	 68 Steel closed /	 C 0 2m	 4 00	 0200	 200	 27	 48	 '	 CF1
AK	 119711	 6C	 Steel closed	 C	 0 2rn	 11 00	 0200	 550	 735	 69	 7	 CPT

LOS BARRIOS
IS	 Meyeta 119851	 P1/12 Conc open	 I	 0914m	 1850	 0914 0253 _9 _L6	 65	 7

S	 SEATTLE	 A	 Cone closed	 C 24 oct	 29 87	 0.610	 490	 167	 56	 7	 SF1
S	 Gurtowsici & Wu (19841 	 B	 Cone closed	 C 24 oct	 2560	 0610	 420	 146	 56	 7	 SF1

BC	 BAGHDAD	 1-Ill Conc closed	 C squ 0285 11 00	 0 285	 38 6	 85	 47 50	 CF1
BC	 Alta.e at al 119921	 1-IV Cone closed	 I sop 0285 11 00	 0285	 386	 80	 47 200	 CPT
BC	 ARise et 81 11993	 2	 Cone closed	 C situ 0285 15 00	 0285	 526	 99	 43 30	 CR1

BO	 LEMAN Jardine 1995	 80	 Stee open	 1 0 66m	 38 10	 0660 0 141 577	 181	 50 80	 CF1
ANVERS

AN	 0. Beer & We lays (1969	 G/l Steel open	 1 0 318m	 830	 0318 0040 26 1	 685	 67	 '	 CR1

LO	 LOCK & DAM 26	 3-2 Ste. closed	 I 12	 1097	 0305	 360	 52 3	 97 23	 CF1
ID	 Brisud Moore & Mtcheil	 3-5	 Steel closed	 I	 14	 11 13	 0356	 31 3	 523	 97	 16	 CPI
LD	 (1989	 3-8	 Stee closed	 I	 16	 11 13	 0406	 27 4	 52 3	 97	 17	 CF1

HOKKAIDO
HO	 Kusakibe et at 11989	 1	 Stee open •	 C 1 016m	 4000	 1 016 0 154 394	 180	 58 14	 SF1

CHIBA
CH	 Kusikabe at el 11989	 2	 Stee open •	C 0 8m	 4056	 0800 0112 507	 153	 51 22	 SRI

KIMITSU
K	 Ishihari at a 1977	 H27	 Stea open •	 C	 1 2rn	 1980	 1.200 0 134	 185	 71 5	 67	 7	 SF1

TRANS TOKYO BAY
I	 Shio 5181 11992	 IF Stee open	 C 2 OOm	 3060	 2 000 0290 15 3	 150	 16 52	 CF1

CR	 CROMARTYfIRTH	 1	 Sta.lcpan	 C 0.61Dm	 13 10	 0510 0 121 21.5	 59 59 7	 SF1

CR	 GCG (1988 &	 2	 Ste. open	 C 0610m	 1940	 0610 0121 318	 87	 84	 7	 SF1

CR	 Torni nson 119941	 2	 Steel open	 I 061Dm	 1940	 0610 0121	 31 8	 87	 64	 7	 SF1

CR	 3	 Stea open	 C 0 762m	 2810	 0762 0136 369	 126	 63	 7	 SF1
CR	 3	 51cc ape	 1 0 762m	 28 10	 0762 0 136 369	 126	 83	 '	 SF1

Notes • With external channels	 % Assuming an 85% increase in shaft capacity Over 5 years
Exc uding cohesive layers 	 J Jacked	 V Vibrodriven

Table D2	 Database of pile tests in sand - shaft capacity measurements
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-	 PEAK cApAaTv	 wftflR.	 wIthRfo&.

-	 -

Tot	 S.0

	

Sits I.d	 Iod	 bt	 Oci Qc1/n 0c2 Oc2lOr 0c3 0c3	 0o4 Oe4/n QcS 0c5 &

	

IkN)	 Ikidi	
1kB)	 BIB)

	A 	 827	 827 43.0	 0.54	 742	 090	 737 089	 682	 082

	

A	 1531	 757	 774	 774 402	 0.50	 742	 0.96	 905	 117	 819	 108

	

A	 996	 999 383	 048	 921	 0.92	 901	 090	 880	 088

	

A	 2154 1068 1086 1083 41.5	 052	 921	 085 1110	 102	 1065	 098

	

A	 1068	 1079	 37.8	 0.47	 1130	 1.05	 1200	 1.11	 1076	 1.00

	

A	 2421	 1424	 997	 986 345	 0.43 1130	 1.15	 1484	 151	 1311	 1.33

	

A	 854	 520 41.2	 068	 901	 0.73	 759 0.93	 733	 088

	

A	 952	 955 365	 0.46	 940	 0.9$	 966	 1.01	 874	 0.92

	

A	 2154	 712 1442 1439 549 059 940 069 1191 083 __________ 1059 074 __________

	

B	 1664	 1678 47.9	 0.60 1470	 0.88 2354	 1.40	 2177	 1.30

	

8	 1779	 1783	 61.2	 0.75	 1220	 0.68	 1837	 1.03	 1710	 096

	

B	 712	 715 380	 0.67	 495	 0.69	 434	 0.61	 441	 062

	

B____________ 1646 1655 519 0.65 1328	 0.80 2094 1.27 ____________	 1943	 1.17 ____________

	

C___________ 1539 1539 714 080 ¶089	 0.69 1034 067 ___________	 977 063 ___________

	

o	 102	 94	 134	 0.27	 149	 1.59	 95	 1.01	 113	 1.20

	

0	 275	 69	 206	 214 304	 0.62	 149	 0.70	 115	 0.54	 131	 061

	

0	 269	 254	 18.0	 0.20	 471	 1.85	 193	 0.76	 239	 0.94

	

0	 500	 118	 382	 397	 28.2	 0.32	 471	 1.19	 235	 059	 274	 0.69

	

O____________	 309	 287 139 011	 934	 3 25	 359 1 25 ____________	 430	 1 50 ____________

Concl.ts
E p	 2750	 1557	 1629	 187	 0.11	 4372	 269	 3513	 216	 2760	 1.69	 3158	 1.94 2488	 1.53

	

F	 1851	 1823	 56.8	 0.55	 1427	 0.78 4647	 2.55	 2975	 1.63	 4122	 2.26	 2520	 1.38

	

F	 __________	 1705 1677 52.2	 050 1427	 085 4647	 2.77 2975	 1.77	 4122	 2.46 2520	 1.50

	

G	 830	 817 104.5	 1.89	 227	 0.28	 1083	 1.33	 891	 1.09	 1042	 1.28	 843	 1.03

	

G	 2266	 956	 1310	 1323 169.2	 3.07	 227	 0.17	 1345	 1.02 1104	 0.83	 1282	 0.97	 1032	 0.78

	

G	 1110	 1105 146.6	 2.73	 212	 019	 1026	 0.93	 989	 0.90

	

0	 2854	 1324	 1530	 1535 203.6	 3.79	 212	 0.14	 1273	 0.83	 1217	 0.79

	

G	 __________	 550	 538 91.7	 208	 130	 024	 627	 117	 546	 1.01	 618	 1.15	 531	 0.99

	

DK	 309	 92	 217	 218	 92.1	 1.62	 85	 0.39	 149	 0.68	 162	 0.74

	

D$(	 231	 79	 152	 153	 80.3	 1.69	 60	 039	 118	 0.77	 128	 0.83

	

__________	 77.8 1.37	 85 046	 126 068 __________	 142 0.77 __________

	

OK	 458	 444	 38.6	 0.48	 427	 0.96	 685	 1.54	 556	 1.25	 662	 1.49	 534	 1 20

	

OK	 1199	 507	 692	 706	 61.4	 0.77	 427	 060	 843	 119	 682	 0.97	 801	 1.13	 641	 0.91

	

OK	 395	 381	 331	 041	 427	 1.12	 685	 180	 582	 1.53	 662	 1.74	 559	 1.47

	

OK	 1200	 577	 623	 637	 554	 0.69	 427	 067	 843	 1 32	 714	 112	 601	 1.26	 673	 1.06

	

OK _________	 1730 1702 760	 056 1390	 081 1792	 105 1518	 089	 1648	 097 1390 082

	

LB	 97	 36	 61	 62	 32.7	 0.63	 36.3	 0 58	 41	 0.66	 58	 0.93

	

LB	 51	 37	 14	 15	 26.1	 168	 5.5	 036	 11	 0.72	 17	 1.11

	

LB___________	 50	 49 258 050	 36 073	 35 071 ___________	 53 1 08 ___________

	

HP	 440	 289	 151	 151 195	 053	 210	 1 39	 228	 1 51 ___________	 239	 1 58 ___________

	

RI __________ 12700 12632 3662	 305 2249	 018 12531	 099 10586 084 10949	 087 9073 072

	

HI	 3495	 890 2605 2572 633	 041 2446	 095 2089	 0.81	 1922	 075

	

HI __________	 1935 1968 484 032 2446	 124 1688 086 __________	 1592 081 __________

	

AK	 1139	 525	 614	 628 1428	 1.43	 275	 0.44	 500	 0.80	 500	 0.80

	

AK	 ¶56	 125	 31	 46	 18.2	 0.67	 32	 0.70	 29	 0.63	 39	 0.55

	

AK	 1122	 561	 561	 575 83.2	 113	 308	 054	 528 092 __________	 516	 0.90 __________

	

1.9 ___________	 2500 2300 433	 047 2028	 0.88 3598	 1.56 3133	 1.36	 3293	 1.43 2828	 1 23

	

$	 4715	 1112	 3603	 3740	 65.3	 0.39	 3737	 1.00 4799	 1.28	 4187	 1.12

	

S	 4092 1125 2967 3077 627 0.43 3225	 1 09 4532 1 47 ___________	 3993	 1 30 ___________

	

BG	 970	 370	 575	 592 53.2	 0.63	 380	 064	 450	 0.76	 415	 0.70

	

80	 580	 564 507	 0.63	 380	 0.67	 369	 0.65	 353	 063

	

BG	 1630	 400 1230 1251 824 0.83	 624	 0.50	 567 0.45 __________	 530 042 __________

	

50 __________ 5000 5000 633	 0.35 4517	 090 7014	 140 5615	 1 12 6022	 120 4742 095

	

AN ___________	 883	 872 1051	 1.53	 246	 0 28	 392 045	 280 0 32	 400	 046	 286 0 33

	

LD	 543	 511	 486	 093	 355	 0.70	 540	 1.06	 529	 1.04

	

LD	 605	 561	 451	 0.86	 437	 0.78	 713	 1 27	 592	 1.23

	

LD__________	 881	 823 579 1.11	 499 061	 836 1.02 __________	 808 098 __________

	

HO	 15696 1962 13734 13544 1061 	 059 7806	 058 14540	 107 10677	 079 12479	 092 8886	 066

	

CI)	 9006 3846 5160 5064 497	 032 4361	 086 6656	 131 5426	 1.07	 5721	 113 4614	 091

	

K	 15000 6000 9000 9100 1219	 171 2592	 028 7122 076 5335	 059	 6518	 072 4709 052

	

T	 34335 8397 25938 26874 1398	 093 12778	 048 42440	 159 34867	 130 36785	 137 26581	 099

	

CR	 1960 1240	 720	 780 31.1	 053	 604	 077	 956	 123	 798	 1.02	 927	 1 19	 764	 098

	

CR	 2400 1200 1200 1283 345	 040 1405	 1.10 2449	 1 91 1965	 1 53	 2253	 1 76 1775	 1 38

	

CR	 1220 1137 306	 035 1405	 1.24 1976	 1.74 1589	 1.40	 1839	 162 1456	 129

	

CR	 3150 ¶350 1800 1960 291	 023 3650	 1 56 6221	 266 4523	 231	 4597	 235 3401	 1 74

	

CR ____________ 1500 1640 244	 019 3650	 2 23 4204 2 56 3645	 2 22 3736	 2 28 2779 1 69

Table D3	 Database of pile tests in sand - shaft capacity predictions
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BASE CAPACITY

Outer	 Well	
Full base 

AIiTIIar	
Dr 1%) 

IIg	
PLR	

Fllkng

Site diameter tNckn.ss	 baa, area	 t, qc *a/qc	 at toe	 Nq	 Nqa	 height,	 tulle
area (m2)	 IMP.) IMP.) IMPe)	 at to.	 -HpID

Cm)	 (mm)	 )m2)	 lkPa)	 HP Cm)	 .'Hp/L

A
A	 0339	 0090	 839	 1689 050	 75	 159	 53
A
A	 0431	 0146	 732	 1689 043	 75	 159	 46
A
A	 0518	 0.211	 676	 1689 0.40	 75	 159	 42
A
A
A	 0431	 0.146	 488	 1689 029	 75	 159	 31	 _________________

B
B
B
B_________________ ________________ ____________ ____________________ 	 _______________________ ______________________

C_______________ _______________ ___________ ___________________ 	 _____________________ _____________________

0
D	 028	 0062	 112	 275 041	 25	 89	 13
D
D	 0.28	 0062	 1 92	 5 038	 25	 168	 11
0 _______________	 __________ ___________ ___________________	 _____________________ _____________________

6	 061	 127 0292 0.024 941	 2062 046	 57	 354	 27	 ________________

F	 061	 9.53	 0292	 0019
F061	 953 0292 0018 _________ _______________ 	 ________________ ________________

O	 0356	 16	 0.100	 0.017	 497 1534	 0.71
O	 0356	 16	 0.100	 0017 960 5594 383 025	 146	 85	 97	 99	 576	 497 1534	 071
0
G	 0.356	 0.100	 1330	 287 0.46	 85	 95	 141
O0356	 16 0.100 0.017 _________ _______________ - ________________ 404 1247 077

0K	 0102	 0.008	 11.26	 1425	 079	 77	 102	 110
DK	 0102	 0.008	 967	 15 064	 63	 88	 109
OK______________ ______________ ___________ _________________	 ____________________ ___________________

OK	 0.324	 12.7	 0085	 0015
DK	 0.324	 12 7	 0.055	 0015 5,98 34.33	 26 023	 1 32	 87	 141	 42	 243	 8.26 20.96	 055
OK	 0324	 1905	 0.085	 0021
OK	 0.324	 1905	 0.085	 0021 680 2801	 26 026	 1 08	 87	 141	 48	 198	 567 19.83	 0.50
OK0324	 19.05 0085 0021 _________ _______________ - _________________ 1338 4680 0.61

LB	 0102	 0008	 440	 47 0.94	 45	 79	 56
LB	 0102	 0008	 4.52	 62 073	 73	 34	 134
LB_______________ _______________ ___________ __________________ 	 _____________________ _____________________

HP	 0273	 0.059	 4.94	 72 069	 57	 102	 48	 __________________

PT061	 396 0292 0071 _________ _______________ - _________________ _________________

HT	 0.609	 0.291	 306	 8 3 037	 32	 329	 9
HT_______ _______ _____ _________	 __________ __________

AK	 0.2	 0031	 16.71	 30 056	 86	 140	 119
AK	 0.2	 0031	 398	 785 051	 70	 54	 74
AK	 0.2	 0031	 1786	 30 060	 86	 140	 128	 ________________

LS0914	 762 0.656 0.201 __________ ________________ - __________________ __________________

S	 061	 0292	 3,81	 104 037	 60	 303	 13
S	 061	 0292	 385	 96 040	 63	 261	 15	 ________________

BO	 0.285	 0064	 580	 7 083	 40	 153	 38
80
80	 0285	 0064	 627	 74 0.85	 35	 192	 33	 ________________

80	 0.66	 31 6 0 342 0062 ___________ _________________ -

AN0318	 5 0079 0005 _________ ______________	 ________________ ________________

LD

I.0 _____________ _____________ __________ ________________ 	 __________________ __________________

HO	 1 016	 22	 0817	 0075 240	 26 2643 009	 1 00	 67	 333	 7	 79	 34 3498	 085

CH	 08	 12	 0513	 0040 750	 97 3208 023	 303	 72	 360	 21	 270	 40 5155	 099

K	 12	 13	 1138	 0057 527	 106	 39 014	 272	 93	 148	 36	 717	 153 1303	 077

1'	 2	 43	 3 142	 0 264 267	 32	 35 008	 091	 96	 300	 9	 106	 33 1724	 1 08

CR	 061	 25	 0292	 0046 424	 27	 16 027	 169	 92	 118	 36	 229 1243 2220	 095

CR	 061	 25	 0292	 0046 411	 26	 23 018	 114	 74	 175	 23	 149	 16 2857	 082

CR	 061	 25 0292 0046
CR	 0762	 25	 0456	 0058 296	 23	 23 013	 101	 57	 253	 72	 92	 847 1190	 030
CR	 0762	 25	 0456 0058

Table D4	 Database of pile tests in sand - base capacity measurements
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BASE c*p*arv	 API 2A	
LCUII	 *p,o*cti ii,,i

s Nq	 .d.	 -

	

s 660	 p 0911	 f ON)	 1kM)	 ( 1kM)	 __

A
	A	 40 8360	 574	 0.76	 2.01	 0.81	 782	 1.03

A

	

A	 40 6360	 92$	 0.87	 2.31	 092	 1136	 1 06
A

	

A	 40 6360	 1340	 0.94	 2.50	 1.00	 1498	 1.05
A
A

	

A 40 6360 _______________________	 928	 1 30	 3.46	 1.38	 1136 ___________________	 1.61
S
I
I

	

B____________ ________________________________ _________________ ___________________ 	 ___________________________

	

C__________ __________________________ ______________ _______________ 	 ______________________
0

	

o	 12 1068	 66	 0.95	 2.45	 0.20	 94	 1.36
0

	

0	 12 2016	 124	 1.05	 2.61	 0.19	 171	 1.45
0 __________ __________________________ ______________ _______________ _______ ______________________

	

F26 6100 ______________________ j783	 0.65	 2.19	 023 2323 __________________ 0J4
F
F____________ _________________________________ _________________ ___________________ _________ ___________________________
0

	

0	 46 4468	 76	 368	 193	 269	 0.28	 3.99	 1.60	 1915	 958	 855	 958	 1.00
U

	

0	 46 4351	 433	 0.33	 2.16	 0.86	 1438	 1.08
U_________ ________________________ _____________ ______________ ______ ____________________

	

DX	 41 4198	 34	 0.37	 1.27	 0.81	 90	 0.98

	

OX	 30 2687	 22	 0.28	 1.55	 0.32	 95	 1.20
OX_____ _____________ _______ _______ ___ ___________
DX

	

DX	 47 6646	 98	 465	 291	 389	 0.77	 4.35	 1.74	 1153	 576	 384	 576	 1.14
DX

	

DX	 47 6646	 137	 427	 278	 415	 0.72	 3.82	 1.53	 1153	 576	 536	 1.00
DX_____ _____________ _______ ________ ___ ___________

	

LB	 18 1450	 12	 0.33	 1.07	 0.47	 30	 0.83

	

LB	 38 1298	 It	 0.29	 1.37	 0.85	 39	 1.06
LB______ _______________ ________ _________ ____ _____________

	

HP 26 2653 ________________________ 	 165	 0.54	 1.46	 0.34	 236 ____________________	 082

RT_____ _____________ _______ ________ ___ ___________

	

HT	 14 3400	 990	 1.11	 2.72	 0.15	 933	 1.05
HT____ ____________ ______ _______ ___ __________

	

AX	 46 6440	 202	 039	 1.50	 0.72	 592	 1.13

	

AX	 36 1944	 61	 0.49	 1.97	 0.79	 155	 1.24

	

AX 46 6435 ________________________ 	 202	 0.36	 1.68	 0.67	 592 ____________________	 1.05

LS______ _______________ ________ _________ ____ _____________

	

$	 28 6700	 1958	 1.76	 2.73	 0.18	 1172	 1.05

	

S30 7300 ________________________	 2133	 1 90	 2.49	 020	 1082 ____________________	 096

	

30	 17 2801	 168	 0.45	 1.21	 0.41	 246	 0.66
60

	

30	 15 2880 ______________________ 	 184	 048	 1.18	 042	 260 __________________ 065
BO_____ _____________ _______ ________ ___ ___________

AN____ ____________ ______ _______ ___ __________
LU
LU

LU_____ _____________ _______ ________ ____ ___________

	

HO	 34 6100	 603	 6010	 8841	 861t	 3.37	 11.00	 4.40	 8928	 2964	 1969 1969	 100

	

CM	 38 9000	 356	 4257	 4230	 4566	 1 19	 428	 1.71	 5370	 2685	 1270 2686 0.70

	

K	 50 7400	 419	 8010	 2416	 2835	 047	 740	 296	 10598	 5299	 2207 .. 5299 0.88

	

1	 5012000	 3172	 34527	 12228 15400	 183	 1309	 524	 14034	 7017	 9253 9253	 110

	

CR	 50 5900	 271	 1453	 555	 826	 0.87	 377	 1.51	 1803	 901	 735	 901	 073

	

CR	 39 6825	 314	 1681	 *252	 1566	 1.30	 5.80	 2 24	 2891	 1296	 1057 1296	 1.0$
CR

	

CR	 28 6100	 353	 2429	 1681	 2234	 1.85	 7.77	 0.06	 3537	 1768	 1331 1331	 0.99
CR_____ _____________ _______ _______ ___ ___________

$hs	 iicat.s p)uging prict.d	 Pkiggmg Ia.ansd	 $tI.	 icst pkig9mQ pr.ctid

Table D5 Database of pile tests In sand - base capacity predictions
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Sit. Location & R.ferenc. P9. T.at P9. type	
Nondnal	

d'	
thick- FaA baa.	 i	 X	 qc

dz.	 nasa .a (m2)	 (MPaI IMP.) IMP.) lop lqc
ClaN)	 Cm)	 (m21

______	 ___ ___	 (man)	 ____ ___

KA	 KALLO	 CPT2SO Steel closed Large CPT 618.5	 0.250	 0 049	 12.60	 21 060
KA	 0. Seer et el c19791	 I	 Conc. closed Franku bulb 5800	 0.908	 0 648	 8 96	 24 1 037
KA	 II	 Conc dosed Franku but 	 2440	 0539	 0228	 1069	 30 036
KA	 Ill	 Conc closed Franku bul 	 2890	 0615	 0297	 973	 24 5 040
KA	 IV	 Conc. closed Franku bulb 4810	 0815	 0522	 922	 22 1 0.42
KA	 V	 Conc dosed Frankibui 	 1390	 0406	 0129	 1074	 245 044
KA ________________	 VII	 Conc. closed Franku bul 	 2490	 0 609	 0 291	 8.55	 255 0 34

OK	 DUNKIRI( II . CLAROM L1/C12 Steel open • 0 07m	 175 0.0712	 2	 0.004	 0.001 4.28 32.03	 10 0.43 320
OK	 IFP (1990)	 L31C32 Steel open • 0 07m	 23 0.0712	 2	 0.004	 0.001 5.62 42 10	 10 0.56 421
OK	 G21C22 Steelopen	 007m	 187 0.0712	 4 0004 0.001 457 1956	 10 046 1.96
OK ________________ G41C42 Steel open • 0 07m	 21.4 0.0712	 4 0 004 0001 5.23 22 39	 10 052 2 24

(a) Base capacity measurements

API RP2A (1993)

	

Or 1%) uugvo
	

.-	
MEng	 Anuedei Plug baa. kit.mal shaft

Sit.	 at to.	 Nq	 Nqa	 ratio	 Nq	 baa, load load,	 plug load.	
PtA baa, load. Olaf!

alto.	 Hp Cm)	 -HpID	
Qba (IaN) Ohp (IaN)	 Qal (IaN)	

Olaf (IaN)	 Om

KA	 95	 115	 110	 50	 5750	 282	 0.46
KA	 95	 115	 78	 50	 5750	 3723	 0.64
KA	 95	 115	 93	 50	 5750	 1312	 054
KA	 95	 115	 85	 50	 5750	 1708	 059
KA	 95	 115	 80	 50	 5750	 3000	 062
KA	 95	 115	 93	 50	 5750	 744	 0.54

	

95 fl5	 74	 _______________________	 50 5750 ________________________ 	 1675	 0.67

OK	 93	 29	 148	 1108	 1.62	 24.11	 083	 50	 1446	 0.79	 513	 250	 3.29	 0.19
OK	 93	 29	 194	 1456	 1.33	 19.79	 0.68	 50	 1446	 0.79	 5.13	 2.20	 2.99	 0.13
OK	 93	 29	 158	 677	 1.33	 21.04	 0.68	 50	 1446	 1.38	 4.53	 2.10	 3.48	 0.19
OK	 93	 29	 181	 774	 1.36	 21.52	 070	 50	 1446	 138	 4.53	 210	 3.48	 016

5hadlng indicates plugging predicted

(b) Base capacity measurements and API predictions

	CAVITY	 LPC CONE
IC APPROACH (1996)

EXPANSION	 METHOD

Open-.nd.d

Closed-.nd.d Piugged	 Unplugged
Sit.	 Ob!Om	 Ob$Om	 05 (laN)	 05ln

Ob (IaN)	 05 (IaN)	 Oba (IaN)

KA	 1.67	 067	 597	 097
KA	 2 69	 1.08	 4668	 0.80
KA	 2.81	 1.12	 2823	 1.16
KA	 2.52	 1 01	 2793	 097
KA	 2.40	 096	 3719	 077
KA	 2.28	 091	 1603	 1.08
KA298	 1.19	 2886	 _______________________________ 	 115

Ok	 2.34	 094	 35	 17	 5	 17	 1.00
Ok	 1 78	 0.71	 35	 17	 5	 17	 0.76
OK	 2.19	 0.88	 35	 17	 10	 17	 093
OK	 191	 077	 35	 17	 10	 17	 061

Plugging assumed	 Shading indicates plugging predicted

(c) Cavity expansion. LPC cone and IC predictions

Table D6 Additional tests for base capacity database
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APPENDIX E

DATABASE OF PILE TESTS IN CLAY

El INTRODUCTION

A new database of pile tests in clay was compiled to:

(i) test the proposed shaft capacity design approach for closed-ended piles in sand;

(ii) assess the applicability of the R* modification for open-ended piles;

(iii) compare the predictions made using the new approach and API RP2A (1993);

(iv) examine the trends in closed-ended base capacity;

(v) study the base behaviour in open-ended piles and devise new criteria to predict plugging;

(vi) compare the reliability of existing methods for calculating base capacity.

Data from 55 pile tests were collected from 16 sites across Europe, the USA and Japan.

Following the same aims set out for the database in sands, emphasis was placed on large scale,

parallel sided (i.e. without oversized closure plates), high quality tests where base and shaft loads

could be separated with confidence, and where the soil properties had been well investigated.

The use of these criteria excluded all but thirteen of the tests used by Semple & Rigden (1984)

and Randolph & Murphy (1985) in the development of the API recommendations.

The main features of the database are described in Section 10.6.1 and Tables El to E4 provide

details of all the pile tests and predicted shaft and base capacities. The following two sections

give brief notes on the methods of analysis and procedures used in the selection of soil

parameters, while Sections ES and E6 comment on the individual pile tests and soil conditions.
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El ANALYSIS OF TEST DATA

The main philosophies behind the interpretation of soil properties and pile test data are described

at length in Section 10.6.1. To avoid repetition, this Appendix only supplies additional

information. Details on the selection of parameters for individual sites are given in Sections E5

and E6.

E2.l Soil properties

Undrained shear strengths, s 0, for the API calculations were defined, where possible, from the

results of unconsolidaLed undrained triaxia' tests on 100mm diameter, thin-walled, piston

samples.

The difference between intact and reconstituted void index at a' (1M) used in Lehane's

approach was estimated from the soil moisture contents and liquid limits and correlations for

intrinsic behaviour given by Burland (1990). Where possible, M was measured directly from

oedometer compression curves, though these were only available for six of the sixteen sites.

Otherwise, jM,, was evaluated through consideration of the reconstructed compression curves and

measurements of S, (see Section 10.6.1 (ix)).

YSR was evaluated from oedometer test data and cross-checked against the undrained strength

relationship given by Hight et al. (1987), as described in Section 10.6.1 (vi) to (viii). was

evaluated from ring shear interface data, where available; otherwise, the tests results described

in Section lO.6.1(xi) were used. Progressive failure was only modelled for relatively flexible

open-ended piles where the necessary ring shear data was provided. Along the pile shaft,

average values of YSR and s0 have been calculated from the spreadsheet calculation sheets

which divides the embedded pile length into an average of ten layers.

The values of and s 0 quoted at the pile base have been averaged over the region 1.5 pile

diameters above and below the founding level.
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E2i Pile test results

The majority of the tests were maintained-load style tests, though some contained unload-reload

cycles prior to failure and others adopted constant rate of displacement methods. Peak shaft load

was taken at peak pile capacity and ultimate shaft load after a pile head displacement of one

tenth of the pile diameter. Base load was taken after D/1 0 displacement1 since (a) there was a

more plentiful supply of data and (b) it was simpler to infer in the uninstrumented tests since

the point of peak shaft capacity was not always clear and peak shaft capacities in tension and

compression are more likely to differ due to variations in 8, depending on the direction of

shearing. In the case of strain-gauged piles, base load was determined by extrapolating the axial

Io'd distribution to the pile toe, assuming constant shear stress below the lowest strain-gauges

equal to that between the lower two gauge levels.

The ICP research has shown that rates of pile installation can affect the shaft capacity developed

in static loading, with lower values of o f developing on slow-jacked piles which are able to form

smooth residual shear surfaces with a high degree of clay particle alignment. However, the rates

of pile loading prior to failure had little effect: drained and undrained tests at Bothkennar and

Pentre did not display significaiit differences in shaft capacity or effective stress paths. This

suggests that the different pile testing procedures adopted in the database load tests has relatively

little effect on shaft capacity. The behaviour of displacement pile contrasts with that of bored

piles where loading rates are known to have a large effect on pile capacity.

Effective pile weights were added to the gross compressive shaft loads and subtracted from the

tensile loads. Effective pile plug weights were also subtracted from the tensile loads. These

corrections affected shaft capacity by less than 5% in 90% of the cases.

Note that peak shaft load and peak base load did not always coincide. The effects of
post-peak strain softening on shaft capacity should be taken into account when total pile
load is calculated for design.
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E3 SHAFT CAPACITY CALCULATIONS

E3.1 API RP2A (1993)

Calculations were performed using the parameters specified in API RP2A (1993), described in

Section 3.5.1. Predictions were made by computing local shear stresses using a multi-layered

approach.

E3.2 IC approaches

The new 1996 proposals for shaft capacity are described in Sections 10.3 and 10.4 and

summarised in Table 10.14. The original approach is given in Section 3.3.

E3.3 Other methods

Calculations were also performed for a small number of tests using other recently proposed or

popular design methods. The methods investigated are listed below and described in Section

3.5.

"Beta" method: In the case of normally consolidated and lightly overconsolidated soils

the proposals of Burland (1973) were adopted; in heavily overconsolidated soils the

effect of YSR was taken into account using Meyerhofs (1976) recommendations.

LPC empirical cone method (Bustamante & Gianeselli, 1982): factored values of CPT

cone resistance were adopted.

E3.4 Presentation of results

The predictions for shaft capacity predictions may be examined in four ways:

(i)	 The calculated shaft capacities are compared with the individual measurements in terms

of QIQm in Table E2.

(ii) Where local measurements are available the peak local shear stress distributions and

radial stress profiles are compared in Figures El and E2.

(iii) The relative accuracy of the predictions for the subset of ten high quality tests and the

entire database may be compared statistically in Tables 10.7 and 10.11 respectively.

(iv) The API and IC (1996) predictions can be examined in terms of QC/Qm for skew with

pile load, length, YSR, P1 or M in Figures 10.12 to 10.14.
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E4 BASE CAPACITY CALCULATIONS

Base capacity predictions were made for the compression tests on piles founded in clay. Due

to the limited number of these tests the database was extended to include ICP tests at Canons

Park (Bond, 1989) and Bothkennar (Lehane, 1992) and inferred base loads from uninstrumented

tests in the database, deduced through comparison of tension and compression loads.

Full details of the evaluated base capacities and predictions are given in Tables E3 and E4.

E4.1 API RP2A (1993)

The base capacities of closed-ended piles were calculated using the bearing capacity factor of

N =9 and the average sac, at the founding level. Plugging in open-ended piles was considered

using the static equilibrium approach described in Section 3.5.1(b).

E4.2 LPC cone method (Bustamante & Gianeselli, 1982)

Section 3.5.3 describes the LPC approach for base capacity using factored values. CPT tests

were not conducted at Alsancak or Dublin and in these cases was estimated using the s

measurements and cone factors, Nk, from the trends with soil plasticity given by Powell &

Quarterman (1988). Open-ended piles were assumed to be fully plugged as no alternative

methods are suggested for open-ended piles.

E4.3 IC approach (1996)

Base capacity predictions were made using the new proposals for closed-ended capacity which

distinguishes between drained and undrained loading. The likelihood of plugging in open-ended

piles was assessed using the new plugging criterion shown in Figure 10.21 and plugged and

unplugged base capacities were calculated using the procedures summarised in Table 10.15.

Drained loading conditions were identified at Pentre (including the open-ended LDP pile),

Houston and Dublin, through the permeable soil characteristics, slow loading procedures and

pore pressure measurements. Although the very high base resistance measured at Alsancak

suggest drained or partially drained conditions, the soil descriptions were not sufficiently detailed

to confirm this and undrained conditions were assumed.
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£4.4 Presentation of results

The base capacity predictions may be examined in three ways:

(i)	 Table E4 compares individual predictions in terms of QC'Qm'

(ii) The relative accuracy of the different design methods may be compared statistically in

Table 10.13.

(iii) The predictions may be examined for skew with normalised pile length in Figures 10.22

to 10.24.

ES NOTES ON INDIVIDUAL PILE TESTS

Pentre - ICP, Chapter 6 of this Thesis (1996)

Normally consolidated, glacial clay-silt. Seven instrumented ICP tests were installed between

8 and 19m below ground level and drained load tests were conducted at an average rate of

0.02mm/mm prior to failure (see Chapter 6). Mean values of ö=l9•5° and U,=l60 were

deduced from IC ring shear interface (RSI) tests and ICP tests. was evaluated from intact

oedometer tests (performed in the LDP investigation) and reconstituted tests conducted at IC.

Pentre - LDP,

Gibbs, McCauley, Mirza, & Cox (1993), McClelland Ltd. (1988b) and Lambson et a!. (1993)

Large diameter instrumented pile were installed between 15 and 55m depth. Protective shoes

at the pile toe increased the "annular" steel area to 27% of the full base area. The pile was

tested in compression under a constant rate of penetration of 0.5mm/mm for 27 minutes and

1mm/mm thereafter. Pile self-weight was taken into account in the reduction of the strain-gauge

measurements by Gibbs et al.. Failure of the strain-gauges between 40 and 53m meant that the

local shear stress distribution could not be evaluated and a constant linear profile was assumed

(the strain-gauges at 53m were still functioning). The LDP RSI tests indicated 6=19 to 12.5°

and to 10.5° reducing with P1 as shown on Figure 5.19. Progressive failure was

modelled approximately as described in Section 10.4.3(a). AI was evaluated as described above

for the ICP tests.
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Pentre - NGL Karisrud, Borg Hansen, Dyvik & Kaisnes (1993), NGI (1988c), Chow (1992)

Two closed-ended instrumented pile tests were tested in tension. Pile A5 had an unusually low

shaft capacity, probably due to one or a combination of the following (see Section 10.3.5 for

more details):

(i)	 Disturbance of the soil beneath the base of the starter borehole due to the driving and

plugging of the casings.

(ii) Disturbance of the soil beneath the borehole due to base heave as the plug was drilled

out.

(iii) Partial dissipation during the overnight pause in pile driving at 19.2m.

The tension tests were terminated after small displacements at peak capacity. Therefore,

3,= 19.5° was taken from the results of the IC RSI tests.

Tilbrook - LDP. Gibbs, McCauley, Mirza, & Cox (1993), Clarke, Long, & Hamilton (1993) and

McClelland (1988c) and Lambson el a!. (1993)

Two large-diameter open-ended piles were driven through I 8m of hard overconsolidated

Lowestoft till and Oxford Clay. A compression load test was conducted on the instrumented pile

after 130 days equalisation and a tension test on the trial pile 1.5 years after driving. The

instrumented pile was fitted with large cable protectors at the pile toe increasing the "annular"

steel area to 34% of the total base area.

The LDP RSI tests measured values of 3,=22° and 3 = 17° in the Lowestoft Till and

and &=: 1l.5° in the Oxford Clay. A simplified procedure was used to model progressive

failure. iM.., =0 was assumed from the results of the LDP's s sensitivity experiments (Lambson

et al., 1993).

Tilbrook - NGL Karisrud, Borg Hansen, Dyvik & Kaisnes (1993a) and NGI (1991)

One open-ended and three closed-ended piles were installed and tested in tension. The open-

ended Pile D was used to case the starter borehole for Pile B and driving of the inner pile may

have reduced its capacity (Karisrud et al.). The tension test on Pile D was also terminated

relatively early, with the load-displacement curves suggesting that peak capacity had not been

reached. No details were given on the advancement or final height of the pile plug during

driving.
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The pile tests were halted at peak load after small displacements, hence values of 6, were taken

from the LDP's RSI tests. Elastic pile deformation was only significant for the open-ended pile

where the effects of progressive failure were modelled approximately.

Bothkennar - ICP. Lehane (1992)

The heavily instrumented ICP was instafled in soft, sensitive, normally consolidated silty clay

by fast jacking. Only the control test was analysed: BK2/LIC. Load testing followed the

modified LPC procedure (Bustamante, 1982) with ultimate conditions reached in 2 hours.

and 5,,,=27° were measured in IC RSI tests. The AI profile with depth was evaluated

using the oedometer reconstruction method, validated against direct measurements for this site

in Appendix C.

Cowden - ICP, Lehane (1992)

The ICP was fast-jacked into stiff, overconsolidated glacial till. Only the control test was

examined CW2ILIC. E=26° and 6=23° were measured in IC RSI tests. M values with depth

were calculated using the oedometer reconstruction method validated in Appendix C.

Cowden - BRE, Gallagher & Si. John (1979) and Rigden, Peitit, St. John & Foskiti (1979)

Two O.457m diameter piles were driven, one open and one closed-ended. Both were fitted with

strain-gauges, radial stress sensors and pore pressure probes and accelerometers.' Instrument

cables ran through two small external cable channels. Constant rate of penetration tests were

carried out. Base capacity was inferred from tension and compression tests as described below.

Values of 5 and	 established for the ICP tests were used in the calculations.

Cowden - OAP, Ove Arup & Farmers (1986)

Four piles were selected: open-ended and closed-ended at diameters of O.305m and O.203m. All

of the piles were uninstrumented and base capacity was inferred by comparing ultimate pile

capacities in tension and compression, assuming that the shaft capacity in compression was 25%

higher, as indicated by the ICP tests (the assumption that shaft capacities were equal led to

bearing capacity factors as high as N=43 being predicted which was 2.3 times higher than that

found in the ICP first-time load test).

The radial stress and pore pressure measurements were unreliable.
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Unusually low shaft capacities were measured and this was attributed to the piles being coated

with a layer of shiny "mill varnish" which reduced the interface angle of friction significantly.

Direct interface shear tests in the standard shear box confirmed an angle of friction

approximately 30% lower than that measured against a rusted steel surface, with some stress

level dependency. Predictions using the new IC correlations suggest radial effective stresses on

the pile shaft at failure of around c?, =200kPa. The greatest normal stress applied in the

laboratory clay/mill varnished steel tests was lOOkPa where 8 19° after one shearing cycle.

The curvature of the failure envelope and trends in the clay/rusted steel tests where several

shearing reversals reduced 8 by approximately 3°, suggests that 8= 15° may be used in the

pile design calculations for the clay/mill varnished steel interface.

Cowden - TW, Ponniah (1989) and McAnoy, Cashman & Purvis (1982)

Tests were conducted by Taylor Woodrow Research Laboratories on a 0.1 93m diameter open-

ended pile, instrumented with strain gauges, radial stress cells and pore pressure probes.

Installation was by jacking at an average rate of 10mm/mm using a jack stroke of 0.lm

(Ponniah, 199fl. The radial stress sensors became unstable shortly after installation. Pore

pressure dissipation took around 21 days. The value of 3 measured in the IC RSI tests was

used in the calculations.

Canons Park - ICP, Bond (1989), Bond & Jardine (1990), (1995)

The JCP was fast-jacked in overconsolidated London Clay (the upper I .5m was disturbed). As

well as the fast-jacked ICP (control test CP5f7LIT), the database contains one test on a driven

open-ended uninstrumented pile with the same dimensions (CP7doILIT). The latter plugged at

an early stage of driving. Tests were in tension to avoid problems of unknown base capacity.

Additional experiments on fast-jacked and driven closed-ended piles showed no difference in

tension capacity due to installation method. RSI tests at IC measured 8=l4° and 310.7°.

was calculated assuming S1 = 2.2, as found from direct oedometer measurements by Cola

& Jardine (1995) and described in Appendix C.

Canons Park - ORE, Wardle, Price & Freeman (1992)

One closed-ended, strain-gauged pile was installed by fast jacking and tested 74 days later.

Comparative tests between jacked and driven piles showed no differences in total pile capacity.

The IC measurements of 3iah and	 were adopted.
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Haga - NGI. Karlsrud& Haugen (1985)

One closed-ended instrumented pile was fast-jacked into sensitive (leached) marine clay,

overconsolidated due to the removal of 6m of overburden and chemical weathering. Ambient

pore pressures were close to zero due to underdrainage. &= 18° was measured in direct simple

shear interface tests on remoulded samples. This is around 2° lower than that indicated by the

trends with P1 displayed by North Sea and UK clays (Figure 3.8) and hence may represent a

slightly conservative lower bound design parameter. was evaluated from S = 5.5 from in

situ vane tests, reported in the site investigation.

Onsøy - NGI. Karlsrud, ICaisnes & Nowacki (1993b), NGI (1988a), Chow (1992)

Six closed-ended and one open-ended, mostly instrumented piles were installed to between 15

and 37.5m, through 45m of normally consolidated, sensitive (but not leached), plastic, marine

clay. The upper 8-9m formed a desiccated crust. Following the NGI procedure at Pentre, the

borehole casings were driven continuously to their final depth before being cleaned out (except

A2 which was emptied at 5m). The height of the soil plug after driving usually equalled the

casing penetration indicating full coring. The soil in casing A3 was "very liquid" and could not

be completely removed. Pile Cl was driven over 2 days with an overnight pause at 24.5m,

during which, some partial dissipation occurred. A lower shaft capacity was measured in

comparison to a similar pile driven without pauses. 6 18° was assumed from direct simple

shear tests which is somewhat higher than that expected for a clay of this plasticity 10°),

possibly due to the organic content which also increased the 8 values at Bothkennar. z1 was

evaluated from S=7 in in situ vane tests.

Croke Park. Dublin, Looby, Farrell & Lehane (1996); soil properties from Farrell (1989)

One closed-ended instrumented pile was driven to 6.4m depth through 2m of fill, 1.5m of Dublin

Brown Boulder Clay, and stiff to hard, overconsolidated Dublin Black Boulder Clay. Testing

took place at various times during equalisation. Pore pressure probes mounted on the pile wall

showed that dissipation was completed in one week and during this time shaft and base

capacities rose steadily. The database uses Tests 4 (compression) and 5 (tension) which were

conducted 17 and 24 days after driving. Strain-gauge readings measured residual stresses

directly, showing that most of the shaft capacity developed in the Black Clay. 8 31° was

measured in ring shear interface tests by Lehane (1996). A1,., = 0 from measurements and

s, values inferred by correlations with LI.
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Mortaiolo. Italy. Totani, Marchetti, Calabrese & Monaco (1984), Totani, Calabrese & Monaco

(1994); soil properties from Rocchi, Albert, Vacca & Totani (1991) and Totani (1996)

One O.46m diameter, closed-ended "Multiton" pile (with one step taper) was mandrel driven

through a 4m thick desiccated crust; 1 6m very plastic (P1 52%) soft clay; 31 m of plastic

(P1 20%), slightly overconsolidated sandy, clayey silt; and 6m of loose sand. The pile was

then filled with concrete. Radial total stress measurements were taken during short pauses in

driving using dilatometer-type instruments, though the relatively low values suggest possible

partial dissipation during installation and testing. The second load test, founded in sand at 57m,

was analysed, as loading was conducted after 28 days when pore pressure dissipation was

complete. The residual stress at the pile base was measured with a dilatometer-type cell.

Ring shear soil-soil tests on remoulded samples (data provided by Totani, 1996) showed no signs

of brittleness with 4'=4', = 100 in the very plastic clay and 21-24° in the silt. The former

value is in good agreement with the trends in P1, but the latter are higher than the suggested

value of 190, possibly due to the presence of sand and silt particles. 8u11 
21 0 was adopted

for the calculations in this layer. A1, ) was evaluated from 5O measurements and s values

inferred from LI.

Houston University, 0 'Neil!, Hawkins and Mahar (1982); soil propertiesfrom 0 'Neil!, Hawkins

& Audibert (1982)

Piles were driven through four strata: Stratum A was bypassed with a borehole; Stratum B was

stiff to very stiff high plasticity (P1=35%) clay containing slickensided shear surfaces; Stratum

C was firm, silty clay; the founding Stratum D, had a lower P1 ranging between 10 and 35% and

contained large quantities of sand. The YSR relationship with depth reported by O'Neill et al.

was adopted. The results were taken from Pile 1 which was closed-ended and instrumented with

strain-gauges, radial stress and pore pressure sensors. Excess pore pressures along the pile shaft

dissipated in around four days. Compression and tension maintained-load style tests were

conducted with failure reached in 8 hours. Residual stresses were measured directly.

The direct shear tests gave values of =16.5° in Stratum B and 22° in Strata C and D. The

latter is in good agreement with the trends in 6 and clay plasticity for North Sea deposits, but

a lower value of 12° would have been expected in the plastic slickensided Stratum B,

suggesting that residual conditions had not been achieved in the direct shear tests. The lower

value was used in the design calculations. AI,, was evaluated from 	 and inferred s,,.
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Aquatic Park (Beta pile test). Pelletier & Doyle (1982), Doyle & Pelletier (1985)

A pile was driven through a deep borehole, bypassing 58m of sand, into very stiff to hard silty

clay to clayey silt. Tension test 2-1 was used, conducted 60 days after driving (maintained style

toad test). YSR was estimated at around 1.6 using Hight et al.'s (1987) undrained strength

relationship. 6 22° was measured in direct shear interface tests which is reasonable for clay

of this plasticity. Al,..,, was estimated from s 0 and inferred s.

West Sole, Clarke, Rigden & Senner (1985)

Two uninstrumented, open-ended piles were driven and tested at 3m intervals to a maximum

depth of 1 8m. The strata penetrated consisted of I 3m of overconsotidated glacial till overlying

hard Lias Clay. Pile A was fitted with a pile shoe and Pile B was without. The results from

Pile A are used since the effects of internal skin friction are smaller. The piles were tested a

few hours after the end of driving when pore pressure dissipation was incomplete. Tension tests

on Pile B at 9m indicated that shaft capacity could have increased by 17% if the equalisation

period had been extended by five days.

YSR was re-evaluated at around 50 using Hight et al.'s (1987) undrained strength relationship

since Clarke et al.'s estimate of YSR=4 appeared unusually low compared to the clay's

geological history. No information on interface friction angles was available, hence estimates

were made. The close proximity of the site to the onshore Cowden test site and similarity in

plasticity indices suggests that the glacial till would behave in a similar manner to Cowden till

which gave Soil-soil ring shear tests on the Lias Clay (Chandler, 1981) give 4', 10°

which was adopted as a reasonable estimate of 6.,, in the deeper stratum. A1.,, was estimated

from s 0 measurements and inferred s.

Kontich. Bel gium, Heerema, (1979); soil parameters from De Beer et a!. (1977) and De Beer

et al. (1974)

Two open-ended uninstrumented piles were driven through I .7m sand overlying stiff,

overconsolidated, high plasticity (P1=57%) Boom Clay. Heerema reported that the YSR was

attributed to the removal of 40m of sand. The driving resistances and filling ratios were in

excess of 100%, suggesting that the piles were fitted with shoes. The combined shoe and wall

thickness was assumed to be 48mm following the dimensions of the other piles described. Dc

Beer ci al.'s profile of s with depth was judged more reliable than the authors'. Soil-soil ring

shear tests reported by Dc Beer et al. (1977) gave 4,',= 18.5° and 4' 12° and interface shear

tests were assumed to give similar values. 	 was evaluated from s and inferred s values.
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Alsancak Harbour. Turkey. Togrol (1973)

A nearshore pile test was conducted through 5m of soft, highly plastic, sensitive, organic silt and

clay, I Om of low plasticity silt and 3m of dense sand and gravel. One pile was founded I m into

the sand and gravel layer while the second pile was terminated one metre above this layer.

Open-ended, uninstrumented pipe piles were tested using a maintained-style loading procedure

lasting at least five hours. YSR was estimated at around 7 using Hight et al.'s (1987) undrained

strength relationship. No information was available on the interface shearing behaviour, hence

8,, was estimated at = 16° from the trends with P1. sM,, was estimated from s and inferred s,,,,.

Noetsu Brid ge. Japan, Matsumoto, Michi & Hirano (1995), Hayashi, Matsumoto & Futaisuka

(1996), Matsumolo (1996 - peTs. comm.)

Open-ended, strain-gauged piles were driven through a I .8m starter borehole (bypassing very

soft clay with unit effective weight of 1 .59kN/m 3) into soft diatomaceous mudstone with a very

low effective unit weight of 3.4kN/m 3 . The large shifts in strain-gauge zeros during driving

meant that residual stresses could not be evaluated. Shaft capacity measurements are taken from

compression test 12 where the pile plug was drilled out to O.5m below the pile toe. The effects

of some friction through the cased borehole and the estimated end bearing beneath the annular

steel pile wall were deducted from the pile head load at failure. The full base resistance in

compression was inferred from a similar test, Ti, where the plug was left intact. Pile plug

measurements in the latter revealed that the plug moved in synchrony with the pile, i.e. the pile

was fully plugged during loading.

On our request Dr. Matsumoto performed additional soil tests including oedometer tests on block

samples leading to estimates of a',., of I and 1.2 for the upper 2m and the underlying

unweathered stratum, respectively. Oedometer tests were conducted on reconstituted samples

to evaluate M,.,. Direct interface shear tests on remoulded samples gave 3 8,, = 28.5°. The

unusual nature of this soil, which plots below the 'A'-line on a plasticity chart, results in

characteristics which deviate from the standard correlations for intrinsic properties or the trend

between &, and plasticity index.

Kansai Brid ge. Japan, Maisumoto, Sekiguchi, Shibata & Fuse (1992); soil conditions from

Tsuchida, Kikuchi, Nakashima, & Kobayashi (1984); Akal, Nakaseko, Matsu!, Kamon, Tanaka

& Suwa (1991) and Matsumoto (1996 - peTs. comm.)

Two piles were installed through mixed cohesive and cohesionless nearshore deposits in the

following order (beginning at the mudline): I Om of soft alluvial clay; I Om of dense gravel and
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sand; I 5m lightly overconsolidated Pleistocene clay; 3m dense sand; more Pleistocene clay. The

piles were very large diameter (1 .5m) and strain-gauged: Pile Ti was terminated in the lower

dense sand layer while Pile T2 was driven through this and founded in the clay below.

Approximately 27% of the shaft lengths were embedded in sand. Residual stresses after driving

could not be evaluated due to the large drifts in strain-gauge zeros. Pile TI was fully coring

during driving with a final filling ratio (=1-I.JL) of 1.03. Pile T2 was assumed to be similarly

fully coring.

Sand densities were taken from SPT results which indicated very dense conditions. The CPT

q measurements were extremely low and are probably in error, suggesting unrealistically low

relative densities of around 10%. Shaft capacities in the sand were estimated using the new IC

approach given in Chapter 9.

A large number of oedometer tests for the Osaka Bay clays (Akai et al., 1991) indicate a YSR

of I to 1.3 (due to ageing) in the upper alluvial clay and YSR1.3 in the deeper Pleistocene

clay. Moisture content and liquid limit tests were taken from the Airport site investigation

(Tsuchida et al., 1984). Additional soils tests were performed by Dr. Matsumoto who measured

values of 8.,, = 5, =21.6° in direct interface shear tests and performed oedometer tests on intact

and reconstituted samples, allowing AI to be evaluated directly.

E6.O ADDITIONAL TESTS FOR BASE CAPACITY STUDIES

Bothkennar - ICP, Lehane (1992)

Test BK3(2)/LIC was used which was conducted at the same depth as BK2ILIC (included in

the main database), but loaded slowly over 24 hours to ensure full drainage. The shaft capacity

was the same as for BK2fLIC but the base resistance was 50% higher.

Canons Park - ICP, Bond (1989)

Test CP5fYL2C was examined, conducted after the tension test included in the main database.

The ultimate base capacity was taken after a net downward displacement of D/1 0.
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Averag. along shaft length

Site	 Location & Reference	 Pd. Teat	 Pit, type Comp BH	 To. Embed Diameter R

	

(Teni depth depth length	 0	 Im)	 aigv " 
YSR Olvy

(ml	 Cm)	 L Cml	 (ml	 (kPa) lkPa)	 1%)

PT	 PSNTRE - ICP	 PT1/LIC Steel closed J C	 105 1480 4.30	 0102	 423 114 32 20 080 18
PT	 This thesis	 PT2IL1C Steel closed J C	 10 5 1900	 0 50	 0 102	 83 7 132 37 1 9 0 93 16
PT	 PT3/t.1T Steel closed J T	 12 1747	 5 47	 0 102	 538 132 37 1 9 1 04 17
PT	 PT4/L1C Steel closed J C	 8 14 1402	 5 88	 0 102	 579 100 28 2 2 081 17
PT	 PTS/1..1T SteelclosedJ	 T	 8.14 1873 1059	 0102	 1042 121	 34 20 090 16
PT	 PT6/L1C Steel closed J C	 1026 1400 3 75 0 102	 36 9 109 30 2 1 083 19
PT

	

	 PT7/tlC Steel closed J C	 1025 19.00 8 75	 0.102	 86.1 131 37 1.9 0.93 17
PENTRE LDP

PT	 Gibbs et al (19921	 LOP	 Steel open 0 • C	 15 55 00 4000 0762 0 197 52.5 306 88 1.4 074 17

PT	 PENTRE - NGI	 A5-02 Steel closed 0 1	 15 2500 1000 0219	 45.7 177 50 1.6 087 14
PT	 Karisrud et el (1992)	 AS 02 Stee closed 0 T	 22 5 3260 1000	 0 219	 457 242 69 15 093 14

TILBROOK - LOP
TB	 Gibbs et ci 119921	 LOP C Steel open 0 • C	 0 3000 3000 0.762 0223 394 228 490 25 000 28
TB	 Clarke et ci (19921	 LDP/T Steel open 0	 T	 0 31 00 31 00 0762 0 160 40.7 228 490 25 000 28

TB	 TILBROOK NGI	 A	 Steel closed 0 T	 3 12.85 985 0219	 450 130 423 36 000 22
TB	 Karlsrud et al 119921	 B	 Stee closed 0 T	 178 25 64	 8 14	 0.219	 37 2 288 573 12 000 32
TB	 C	 Steel closed 0 T	 3 17 50 14 50 0 219	 662 146 420 30 000 23
TB ________________	 0	 Ste. open 0 • T	 3 1750 1450 0273 0017 531 146 420 30 000 23

BOTHKENNAR - ICP
BK	 Lehene (19921	 BK2IL1C Steel closed J C	 1 2 600 480	 0 102	 472 358 14 16 060 40

COWDEN - ICP
CW	 Lehane (1992)	 CW2 L1C Steel cloeed J C	 2 7 636 366 0102	 360 63 112 13 -068 19
CW Gallagher & St. John (1979 457Ao Steel open 0 	 T	 0 9.20 9.20	 0457 0 096 20.1	 70 123 18 -065 20
CW	 4578	 Steel closed 0 1	 0 9 22 9 22	 0457	 202 70 123 18 -0.65 20
CW Dye Arup & Ptners (1986	 305Co Steel open 0 • T	 0 949 949 0305 0073 31.1	 70 123 18 -066 20
CW	 3050	 Steel closed 0 T	 0 9.49 9.49	 0305	 31.1	 70 123 18 066 20
CW	 203Go Steel open 0 • T	 0 9.53 9 53 0 203 0048 46.9 70 123 18 -068 20
CW	 2031	 Steel closed 0 T	 0 947 9 47	 0 203	 46.7 70 123 18 -068 20
CW	 Porrniah 11989	 193o	 Steel open J	 T	 0 990	 9 90	 0221 0063 448	 73 123 18 070 20

CP	 CANONS PARK - ICP	 CP5IIL1T Steel closed J 1	 2 1 5 92 3 82	 0 102	 37 6 48 92 43 0 32 45
CP	 Bond 119891	 CP7do/L1T Steel open 0	 1	 2 1	 5 70 3 60 0 102 0030 354 48 92 43 032 45
CP BRE-Wardle et al 119921 	 B L1C Stee closed J C	 2	 6 50	 4 50	 0 170	 265	 53 98 40 032 45

HAGA
H Karsrud & Haugen (1985	 NGI	 Steel closed J	 1	 0 500	 500	 0 153	 327	 4-6 58 10 074 19

O	 ONSOY - NGI	 A1-02 Steel closed 0 T	 5 1500 1000 0.219	 45.7 62 19 1.2 085 40
0	 NGI (19881	 A2-02 Steel closed 0 T	 12.5 2250 1000	 0.219	 45 7 100 31 1.2 085 45
0	 A3-02 Steel closed 0 T	 20 3000 10.00 0219	 45.7 138 43 1.2 0.85 40
0	 A4-02 Steel closed 0 T	 275 37 50 1000	 0219	 45.7 176 55 1.2 085 40
0	 B1-02 SteelopenD	 T	 5 1500 1000 0812 0087 123 62 19 12 085 40
0	 C1-02 Steel closed 0 T	 5 37.50 3250	 0219	 1484 119 37 1 2 085 40
O _____________________	 C2-02 Stee closed 0 T	 5 37 50 32 50 0219	 1484 119 37 12 085 40

O	 CROI(E PARK DUBLIN 	 4C	 Steel closed 0 C	 2.95 640 3 45	 0273	 12 6 68 440 18 0.00 12
O	 boDy et CI 11996	 5T	 Stee closed 0 T	 2 95 6 40 345	 0273	 126 68 440 18 000 12

MORTAIOLO, ITALY
M	 Totani et al (19941	 L2C	 Steel Closed 0 C	 0 5700 5700	 0457	 1247 241	 41 11 033 40

HU HOUSTON UNIVERSITY	 1/C	 Steel closed 0 C	 3 13 10 1010 0273	 370 110 105 52 -008 25
HI)	 ONeill et al (19821	 l/T	 Steel cosed D T	 3 13 10 1010	 0273	 370 110 105 52 008 25

AQUATIC PARK
AP	 Pelletier&Ooye 1982	 2-1	 Stee openD • T	 579 8050 2250	 0762 0166 297 593 305 16 077 15

WS	 WEST SOLE	 83T	 Steel open D • T	 0 300 3 00 0 762 0 152 3 9 24 220 100 000 20
WS Clarke. Rigden & Senner 	 A6T	 Ste. open 0	 T	 0 600 600 0762 0 190 7.9 42 265 76 000 20
WS	 (19851	 A9T	 Steel open 0	 1	 0 9.00 900 0762 0 190 11 8 61 320 58 000 20
WS	 Al2T Stee open 0	 T	 0 1200 1200 07620190 157 80 373 48 0.00 20
WS	 A15T Stee openO	 1	 0 1500 1500 07620190 197 98 391 42 000 20
WS _________________ A18T Stee open 0 T	 0 1800 1800 0762 0 190 236 116 402 38 000 20

KO	 KONTICH	 A1L21 Steel open D • T	 1 52 20 12 1860 0610 0 164 30 5 106 153 13 -006 57
KO	 Heerema 1979	 B 12T Stee open 0 • 1	 1 52 2347 21 95 0610 0164 360 116 159 12 004 57

A	 ALSANCAK HARBOUR	 I/I	 Steel open 0 T	 13 3000 1700 0528 0072 322 64 93 70 084 20
A	 Togrol 11973	 217	 Stee open 0	 1	 13 2800 1500 0528 0072 284 64 93 70 084 20

NOETSU BRIDGE
NO Matsurnorn at at (1995 	 T2	 Steel open 0	 C	 1 8 997 8 17 0800 0.114 102 43 340 27 -132 84

KA	 KANSAI BRIDGE	 TI	 Steel open 0	 C	 0 37 10 3710 1 500 0 193 247 137 55 1.2 062 49
KA Mat.sumoto eta (19921	 12	 Stas open 0 __	 0 48 40 4840 1 500 0 193 323 168 70 j3 062 50

BK Bothkennar Lehene (1992 8K3 2 /L1C Steel closed J C	 1.2 5 80 460	 0 102	 45 3 Used in base capacity Study

	

L._ Canons Perk B od 1989 CP5t/L2C Stee ci sad J C 	 2 1 592 382	 0102	 376 ny

Notes	 D-Orven	 • Wth interns shoe
J -Fast jacked

Table El	 Database of pile tests in clay - shaft capacity measurements
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PEAK CAPACITY	 ULTIMATE CAPACITY

Qm

	Orou	 Ns(	 Gross	 SI.t

	

Io.d(kN Iod(kN Io.d(kN Ioad(kN 	
(mm)

PT	 396	 75	 321	 34	 244	 0.77	 021	 21	 90	 306	 32	 233	 074	 020	 7
PT	 885	 90	 795	 81	 299	 081	 023	 4	 96	 779	 79	 293	 079	 022	 5
PT	 739	 72	 41.5	 113	 031	 53	 509	 49	 253	 077	 021	 10
PT	 723	 80	 643	 66	 350	 126	 035	 33	 100	 578	 59	 315	 114	 031	 11
PT	 1233	 122	 360	 1.07	 030	 72	 928	 91	 270	 080	 0.22	 15
PT	 513	 77	 436	 45	 378	 1.24	 034	 3.9	 55	 419	 43	 362	 1.19	 0.33	 7
PT	 94.1	 12.0	 82.1	 84	 299	 0.82	 023	 4.3	 12.2	 90.7	 82	 294	 080	 0.22	 8

PT	 6031	 860	 5171	 5171	 54.0	 0.62	 0.18	 36	 1220	 4260 4260	 44.5	 0.51	 0.15	 97

PT	 190	 187	 27.2	 0.54	 015	 15	 190	 187	 27.2	 054	 0.15	 15
PT	 450	 446	 648	 094	 027	 15	 450	 448	 648	 094	 027	 21

TB	 16130	 1450 14680 14680 2044	 0.42	 090	 28	 1800 13100 13100 1824	 0.37	 080	 93
TB	 16580 16580 223.4	 0.46	 098	 42	 15200 15200 2048	 0.42	 0.90	 96

TB	 1236	 1230 181.5	 0.43	 140	 15	 1236	 1230 181 5	 043	 1.40	 15
TB	 1670	 1657 295.9	 052	 1.03	 6+	 1670	 1657 2959	 052	 1.03	 6+
TB	 1993	 1982 1987	 0.47	 1.36	 15	 1993	 1982 1987	 0.47	 1.36	 15
TB	 1888	 1869 1503	 0.36	 103	 7+	 1888	 1869 1503	 036	 1.03	 7+

BK	 27.6	 20	 25 6	 268	 173	 1.24	 048	 38	 28	 22 2	 23 1	 15 1	 1.08	 0.42	 6

CW	 123.5	 2.0 121.5	 122 104.8	 0.94	 1.66	 24	 15	 97	 98	 838	 075	 1.33	 17
CW	 882	 861	 65 2	 0.53	 0.93	 5	 63	 882	 861	 65 2	 0.53	 0.93	 30
CW	 980	 975	 73.7	 0.60	 1.05	 6	 176	 980	 975	 737	 0.60	 1.05	 30
CW	 400	 391	 43.0	 035	 0.61	 6	 42	 400	 391	 43.0	 0.35	 061	 30
CW	 400	 400	 44.0	 0.36	 063	 2.5	 100	 400	 400	 440	 0.36	 0.63	 35
CW	 310	 306	 50.3	 0.41	 0.72	 7	 8	 310	 306	 503	 0.41	 072	 50
CW	 290	 290	 48.0	 0.39	 0.69	 5	 68	 290	 290	 48.0	 039	 069	 7
CW	 495	 491	 71.4	 058	 098	 5.2	 495	 491	 71 4	 058	 0.98	 52

CP	 1054	 1029	 102	 836	 091	 1.74	 3.2	 75.5	 75	 61.1	 066	 1.27	 9.5
CP	 935	 92	 803	 087	 1.67	 3	 76	 75	 65.1	 0.71	 1.36	 14
CP	 194	 47	 147	 147	 61 2	 062	 1 15	 3	 47	 147	 147	 61.2	 0.62	 1 15	 4

II	 59	 58	 24 2	 042	 0 53	 3	 59	 58	 24.2	 042	 0.53	 3

0	 95	 93	 13.5	 070	 0.22	 45	 95	 93	 135	 0.70	 0.22	 4.5
0	 160	 158	 229	 074	 0.23	 160	 158	 22.9	 074	 0.23
0	 231	 228	 33.1	 0.77	 0.24	 11	 231	 228	 331	 077	 0.24	 11
o	 262	 258	 37.5	 0.69	 021	 16	 262	 258	 37.5	 0.69	 0.21	 16
0	 453	 429	 16 B	 0.87	 027	 8 8	 453	 429	 16 8	 0.87	 0.27	 88
0	 424	 420	 18.8	 051	 0.16	 17	 424	 420	 188	 0.51	 0.16	 17
0	 500	 496	 22.2	 0.60	 0.19	 17	 500	 496	 222	 060	 019	 17

D	 1350	 804	 546	 550 1859	 0.42	 273	 75	 804	 546	 550 1859	 042	 2.73	 7.5
D	 430	 426 1440	 033	 212	 14	 430	 426 1440	 033	 2.12	 14

M	 4200	 (800	 3400	 3587	 43 8	 1 07	 0 18	 55	 (800)	 3400	 3587	 43 8	 1 07	 0.18	 55

MU	 792	 303	 489	 491	 566	 054	 051	 38	 303	 489	 491	 566	 054	 051	 38
MU	 461	 460	 530	 051	 048	 481	 460	 530	 051	 048

AP	 11040 10399 1922	 063	 032	 7	 11040 10399 1922	 063	 032	 8

WS	 961	 922 1284	 0.58	 535	 445	 961	 922 1284	 058	 535
WS	 2438	 2371	 165.1	 0.62	 3.93	 613	 2438	 2371	 165.1	 0.62	 3.93
WS	 2873 2784 1292	 040	 212	 1833 2873 2784 1292	 040	 2.12
WS	 4486 4349 1514	 041	 1.89	 1067 4466 4349 1514	 041	 1.89
WS	 5240 5100 1420	 0.36	 1 45	 1379	 5240 5100 1420	 036	 1.45
WS	 6734	 8568 1524	 038	 131	 1610	 6734	 6568 1524	 038	 1.31

1(0	 2420 2264	 635	 042	 060	 25	 960 1870 1714	 481	 0.31	 045	 61
ItO	 4100 3918	 931	 059	 080	 8	 740	 2710	 2528	 601	 0.38	 052	 50

A	 706	 674	 23 9	 026	 0 37	 (707)	 706	 674	 23 9	 0.26	 0.37
A	 589	 559	 22 5	 0 24	 0 35	 353	 589	 559	 22 5	 0 24	 0 35

NO	 3300	 130 3170 3170 1544	 045	 359	 20 1530 3170 3170 1544	 045	 359	 20

K.A 12700 (3200	 9500 9884	 56 5	 1 03	 041	 45 (3200	 9500 9884	 565	 1.03	 041	 45
KA 14700	 450 14250 14707	 645	 092	 038	 47	 450 14250 14707	 645	 092	 038	 47

BK	 4.1	 13
CF	 16	 10

F guise in brackets are tot buss load in sand 	 Shading indicaiss base load was sstini.t.d
from comparative tension and compression tests
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- APIPA	
IC	 C(1992)	 IC	 IC (1996)

()	 It.i.1.	 Uldmats	 "'!"	 UIdmaI.	 Uldmuts	 UIIImat.

Oci	 0c2 
0c21 

0c3	 Qc4	
0c5 ___ Gd	 Gd	 OcB __ Gd 

Gd 
OclO

	

Gm	 Gm	 OITI	 Gm	 am

PT	 41 1.23	 41 1.29	 48 1.42	 38 1 20	 42 1.25	 34 1.06
PT	 95 117	 95 119	 87 1 08	 71 089	 76 094	 62 0.78
PT	 61 0.84	 61 1.23	 68 081	 47 096	 50 069	 41 082
PT	 49 0 75	 49 0.83	 57 0 87	 46 075	 50 0 77	 41 0.69
PT	 108 088 106 1.18 101 083	 82 090	 89 0.73	 72 079
PT	 34 0.76	 34 0.79	 40 0.90	 33 076	 35 079	 29 0.66
PT	 97 1.16	 97 1.18	 89 1.07	 72 0.88	 76 0.93	 63 0.77

PT 7888 1.53 7888 1.85 5773 1.12 5691 1.34 5144 099 5063 1.19 5534 1.07 5454 1.28 4934 095 4854 1.14

PT	 324 1.73	 324 1.73	 286 1 53 286 1.53	 248 1.33 248 1.33
PT 443 0 99 443 099 425 095 425 0.95 __________________ 	 394 0 88 394 0.88 ___________________

TB 13812 0.94 13812 1.06 15788 1.08 13909 1.06 14448 0.98 12648 0.97 14489 0.99 12787 0.98 13255 090 11627 089
TB 14457 0.87 14457 095 16629 1.00 14400 0.95 14455 0.87 12368 0.81 15260 092 13237 0.87 13264 0.80 11368 075

TB	 1031 084 1031 0.84 1292 1.05 1292 1.05	 1224 1.00 1224 1.00
TB	 1369 0.83 1369 083 1607 097 1607 0.97 	 1432 0.86 14.32 0.86
TB	 1605 0.81 1605 0.81 1786 090 1786 0.90	 1659 0.84 1659 0.84
TB	 2000 1.07 2000 1.07 2800 1 39 2600 1.39 2365 1 27 2365 1.27 2410 1 29 2410 1.29 2191 117 2191 117

BK172 065 17.2 074 27.8 1 05 248 1.06 ___________________ 261 098 2303 1.00 __________________

CW	 56 0.46	 56 0.57	 114 0.93	 99 1.01	 1128 0.92 98.17 1.00
CW	 668 0.78	 668 0.78 1237 1 44 1237 1.44 1075 1.25 1075 1.25 1256 1.46 1256 1.46 1091 1.27 1091 1,27
CW	 668 0.69	 668 0.69 1237 1.27 1237 1.27 	 1256 1.29 1256 1.29
CW	 462 1.18	 462 1.18	 507 1.30	 507 1.30	 448 1.15 448 1.15	 516 1.32	 816 1.32	 456 1.17	 456 1.17
CW	 462 1.16	 462 1.16	 507 1.27 507 1.27	 516 1.29 516 1.29
CW	 309 1.01	 309 1.01	 317 1.04 317 1.04	 277 0.91	 277 0.91	 323 1.06 323 1.06 282 0,92	 282 0.92
CW	 309 1.07	 309 1.07	 317 1.09	 317 1.09	 323 1.11	 323 1.11
CW	 352 0.72	 352 0.72	 585 1.19	 585 1.19	 527 1 07	 527 1.07	 599 1.22	 599 1.22	 540 1.10	 540 1.10

CP	 49 0.48	 49 066	 82 080	 62 0.83	 734 0.72 55.63 0.75
CP	 46 0.50	 46 0.61	 77 0.83	 SB 0.78	 70 076	 53 0.71 69.6 075 52.75 071 63.7 0.69 48.27 0.65
CP	 101 069 101 069 174 1.18 132 090 ________________ 1587 107 1188 081 ________________

H65 112	 65 1.12	 55 095	 55 0.95 ________________ 606 104 606 1.04 ________________

0	 119 1.27	 119 1.27	 85 092	 85 092	 867 093 867 0.93
0	 192 1.22	 192 1 22	 148 0.94 148 0.94	 137 087 137 0.87
0	 264 1 16	 264 1.16	 193 085	 193 0.85	 187 082 187 082
0	 336 1.30	 336 1.30	 227 088 227 0.88	 235 0.91	 235 091
0	 440 1.03	 440 1.03	 378 088 379 088	 302 0.70 302 070 387 090 387 0.90 310 0.72 310 0.72
0	 740 1 78 740 1.76 443 1 05 443 1 05	 443 1.08 443 1.05
0	 740 1 49 740 1 49 44.3 0 89 443 0 89 ____________________ 443 0 89 443 0 89 ___________________

D	 368 067 368 0 67 543 0.99 543 099	 473 0.86 473 056
D368 0.86 368 086 543 1.27 543 1 27 __________________ 473 1.11 473 1.11 _________________

M3649 1 02 3649 1 02 3680 1 03 3680 1 03 ____________________ 3836 1 07 3836 1 07 ___________________

HU	 454 0.93	 454 093	 687 1.20 587 1.20	 561 1.14 561 1.14
HU	 454 099 454 099 687 1 28 587 1 28 __________________ 661 1.22 561 1 22 _________________

AP 11540 1.11 11540 111 9901 095 9901 0.95 8552 082 8552 082 9692 093 9692 093 8359 080 8359 080

WS 406 044 405 044 677 073 677 0 73 652 071 652 071 959 1 04 959 1 04 903 0 98 903 0 98
WS 1102 046 1102 046 1954 082 1954 0.82 1823 077 1823 0.77 2038 086 2038 086 1885 080 1885 080
WS 211B 076 2118 076 3503 126 3503 1.26 3208 118 3206 1.15 3315 1.19 3315 1.19 3021 1.09 3021 1.09
WS 3468 080 3468 0.80 5141 I 18 5141 1.18 4658 1 07 4658 1.07 4751 1.09 4751 1.09 4294 099 4294 099
WS 4748 093 4748 093 6025 118 6025 1.18 5344 1 05 5344 1.05 5644 1.11 8644 1.11 5018 0.98 5018 098
WS 6087 093 6087 093 6712 1 02 6712 1 02 5946 091 5946 091 6468 098 6468 098 6744 087 5744 087

((0 2434 1.08 2434 1.42 2896 1 28 1895 1.11 2606 1 15 1706 1.00 2395 1.06 1567 091 2157 095 1411 062
((0 3128 080 3128 124 3598 092 2354 093 3247 083 2124 084 2967 076 1941 077 2877 068 1751 06q

A	 1230 1.83 1230 1.83 1050 1.86 1060 1.56 	 832 1 24 832 1.24 1093 1.62 1093 1.62 865 1.28 866 1.28
A	 1004 1 80 1004 1 80 835 1 49 835 1 49	 671 1 20 671 1 20 866 1 55 866 1 55 699 1 25 699 1 25

NO 2087 066 2087 066 2678 084 2578 084 2240 071 2240 071 3514 111 3514 1 11 2935 093 2935 093

KA 8201 083 8201 083 10658 1 08 10658 1 06 9369 095 9369 095 10914 1.10 10914 1.10 9543 097 9543 097
(A 13646 093 13646 093 16229 110 16229 1.10 13595 092 13595 092 16614 113 16614 1.13 13887 094 13887 094

BK
cP___________________ ___________________ ___________________ __________________ __________________

Shading md,cat.s PO9fSSSIV. fa.4is wus mod.Ned

Table E2 Database of pile tests in clay - shaft capacity predictions



728

BASE CAPACITY

sit.	 Fu	 Annuls,

	

Outer	 Will	 Plug	 Filling

	

IMP. (Me) IMP.) /qc	 !qc	
NC NC. (kP.) (%) height.	 r.tIo-

- ______________ (m2) (m2) __________ ______________ -

PT 01016	 0008	 111	 087 1.28	 37 30	 132 13	 083 067
PT 0.1016	 0008	 118	 1.07 111	 475 25	 169	 15	 28 297
eT	 437	 155	 071 075
PT 0 1016	 0 008	 1 23	 087 1 42	 35 1 35	 126 14	 092 098
PT	 468	 166	 28 297
PT 01018	 0008	 1.05	 087 1.21	 35 30	 126 14	 3 318
PT 01016	 0008	 1.50	 107 1.41	 475 32	 169 15	 0.71 075

PT	 0762	 15 0456 0 122 2.68 998 2.5 1.07 399 137 20 73 504 15 41.7	 55 1.04	 44 083

PT	 31 708
PT__________ __________ ________ ___________ - ______ ______ _____________ 32 731

TB	 0.762	 30 0.456 0.156 3.95 1164 104 0.38 1.11 480 82 24 500 20 	 13	 17 043 130 245
TB	 13	 17 042 600 11,32

TB	 60 1371
TB	 60 1371
TB	 60 1371
TB__________ __________ ________ ___________ - ______ ______ ____________ 60 882

BK 01016	 0008	 0.35	 036 097	 22 16	 49.4 50 _____________ 42 44.6

CW 01016	 0008	 185	 2 093	 100 19	 89 18	 4 425
CW	 0.457	 19 0167 0029 0.32 1.83 16 0.20 1.14 100 32 18 137 22	 3.7	 8 040	 30 1.57
CW	 0.457	 0.164	 1.07	 16 067	 100 11	 137 22	 30 157
CW	 0.305	 18.5 0073	 0.017 0.57 252 1 7 0.34 1.48 100 57 25 145 22 	 6.9	 23 0.73 343 4041
CW	 0.305	 0.073	 137	 17 081	 100 14	 145 22	 311 3664
CW	 0203	 12 0032 0007 025 111 17 015 065 100 25 11 145 22	 5.7	 28 060 243 6462
CW	 0.203	 0032	 210	 1,7 1 24	 ¶00 21	 145 22	 227 60.37

	

___________ ___________ ________ ____________ - ______ _______	 5 23 0.51 60 1346

ce	 2 212
CP	 1.68	 17 0.47	 2 2.12
CP	 017	 0.023	 207	 3 069	 119 17	 77 40 _____________	 74 2806

-- _________ _________ _______ __________ - _____ ______ ____________ 7 328

0	 26 694
0	 27 617
o	 54 12.34
0	 35 800
0	 ?	 1.00?	 50 083
0	 51 ¶165
0 ___________ ___________ ________ ____________ - ______ _______ ______________ 81 1851

O	 0273	 0.059	 13.74	 7 196	 440 31	 84 12	 17 250
D____________ ___________ _________ _____________ 440 _______ 84 12 _______________ 24 3 53

M _________ _________ _______ __________ - _____ ______ ____________ 28 147

HU	 0.273	 0059	 5.18	 3.5 1.48	 158 33	 157 11	 18 2.65
HI.) ____________ ___________ _________ _____________ - _______ _______ _______________ 18 2.65

AP_________ _________ _______ __________ - _____ ______ ' 	 60 113

WS 0762 3175 0456 0073 098 611	 4 024 163 220 44 28 36 20	 27	 4 090 25 0047
WS	 0.762	 51 0456 0.114 134 638 4.5 030 120 363 37 15 73 21 	 6	 8 100 49 0092
WS	 0.762	 51 0.456	 0114 402 1609	 16 0.25 1.01 483 83 33 111	 20	 8.1	 11 090	 0.2 0.004
WS	 0762	 51 0.456 0.114 2.34 937	 8 029 1.17 507 46 18 149 19 11.4	 15 095 015 0.003
WS	 0762	 51 0456 0114 302 1211	 7 0.43 1.73 460 66 26 183 20 138	 18 092 025 0006
WS	 0762	 51 0456 0114 353 1413 11 032 128 460 77 31 216 20 168 	 22 093 028 0005

1(0	 081	 48 0292 0085 3.28 1133 43 076 263 210 16 54 193 57 20.73 	 34 1 11	 16 047
1(0	 061	 48 0292 0085 253 873 49 052 178 229 Ii 38 222 57 2408 	 39 1.10	 26 077

A	 7	 60 238
A	 0528	 10 0219 0016 ¶81 2169 11 1.53 2068 137 12 158 130 14	 7	 90 354

NO	 08	 121 0503 0041 3043736 32 095 1168 360 85 104 56 84	 82	 10 100	 11 019

KA	 382	 26 103	 35 017
K.A	 ¶ 5	 22 1 767 0117 025 384 28 009 1 37 133 1 9 29 380 54	 7	 -1 00	 42 020

BK 01016	 0008	 051	 036 142	 21.7 235	 483 50
CP 01016	 0008	 197	 29 068	 119 166	 70 40 ____________	 2

Shading indicates qc was estimated from SPT data

Table E3	 Database of pile tests in clay - base capacity measurements
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BABE CAPACITY API RPZA (1993) UltImata 	 IC APPROACH (1996)	 LPC CPT METhOD (1982)

Sh	 Annular	 Plug bus	
InternM

	

resiatance base load, load, Ob 	
shaft plUg	

d Qb API Ob Gin IC Ob (KN) IC Gb Gm 	 LPC Gb kN	 LPC Gb Gin

	

qb-9au	
Ob lkN)	 (kN)	

load Gil	
(kN)

-	 (kPal	
a	

lkN)	 ______________________ _______________________ _____________________________

PT	 333	 27	 030	 92	 102	 35	 039
PT	 428	 35	 038	 113	 1.17	 39	 041
rr
PT	 316	 2.6	 0.26	 9.2	 092	 35	 0.35
PT
PT	 315	 26	 030	 92	 1.08	 35	 041
PT	 428	 3.5	 0.28	 11.3	 0.92	 3.9	 0.32

PT	 1233	 151	 412	 7577	 562	 046	 741	 0.81	 513	 042

PT
yr____________________ __________	 _____________

TB	 4320	 674	 1296	 5514	 1970	 109	 1622	 090	 2609	 1.45
TB

TB
TB
TB
TB______________________________________ __________________ ___________________ _______________________

BK	 198	 2	 057	 2	 082	 1	 051

CW	 900	 7	 049	 13	 086	 7	 049
CW	 900	 26	 124	 246	 150	 2.83	 46	 0.88	 120	 2.27
CW	 900	 148	 084	 210	 1.19	 118	 0.67
CW	 900	 15	 51	 295	 66	 1.57	 28	 0.67	 66	 1.33
CW	 900	 68	 066	 99	 099	 56	 0.56
CW	 900	 6	 23	 163	 29	 364	 12	 1 53	 25	 3.09
CW	 900	 29	 0.43	 44	 0.65	 25	 0.36
cw______________________________________ __________________ ___________________ _______________________

cP
cP
CP	 1071	 24	 052	 54	 1.16	 31	 0.65

H__________________ ________ _________ ___________

0
0
0
0
0
0
0 ____________________________________ _________________ __________________ ______________________

D	 3960	 232	 0 29	 533	 0 66	 225	 0 28
0 ____________________________________ _________________ __________________ ______________________

M________________________________ _______________ ________________ ____________________

HU	 1422	 83	 027	 266	 088	 92	 030
HU____________________________________ _________________ __________________ ______________________

AP____________________________________ _________________ __________________ ______________________

WS	 1980	 144	 759	 351	 496	 111	 291	 065	 821	 184
WS	 3267	 372	 1118	 954	 1327	 216	 513	 084	 923	 1.51
WS	 4347	 495	 1487	 1651	 1982	 1.08	 1823	 099	 4013	 219
WS	 4563	 520	 1561	 2854	 2081	 195	 911	 085	 2007	 188
WS	 4140	 472	 1416	 3783	 1888	 1 37	 797	 0.58	 1756	 1.27
WS	 4140	 472	 1416	 4921	 1888	 117	 1253	 078	 2759	 171

KO	 1890	 160	 392	 2051	 552	 0.58	 503	 052	 565	 0 59
KO	 2061	 175	 428	 2636	 602	 081	 573	 077	 644	 087

A
A	 1233	 20	 250	 966	 270	 076	 92	 028	 104	 029

NO	 3240	 133	 1496	 2024	 1629	 106	 643	 042	 724	 047

KA
KA	 1197	 140	 1975	 13246	 2115	 470	 328	 073	 2227	 495

BK	 195	 1 6	 0 38	 3 8	 092	 1 5	 035
CP	 1071	 87	 054	 188	 1 18	 106	 066

Shading indicates plugging predicted	 Plugging assumed

Table E4	 Database of pile tests in clay - base capacity predictions
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Figure Ela Predicted shear stress profiles for closed-ended piles at Pentre
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